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ABSTRACT 
Construction of underground structures in urban areas requires a detailed assessment of the associated 
movements imposed on adjacent structures and services and in particular of any damage that may be 
caused. The most efficient way of investigating these issues is through the application of advanced 
numerical analysis, using for instance the finite element method. However, for a useful analysis to be 
performed, a high quality ground investigation must be conducted in order to derive the necessary soil 
parameters for numerical modelling. 
This thesis focuses particularly on the case study of the Ivens shaft located near to the Baixa-Chiado 
station of the Lisbon Metro, Portugal. This is an underground structure of a complex shape and 
significant depth, situated in the centre of the city and it is therefore important to assess the influence 
of its construction on the existing adjacent structures and services.  
In the first part of the thesis the results of the geotechnical survey performed on the relevant Miocene 
formations located at the Ivens shaft site are presented and discussed. In particular, the “Areolas de 
Estefânia” formation was characterised in detail since this layer had not sustained significant 
investigation in the past, mainly due to difficulties in sampling. From the extensive characterisation 
undertaken, which included both field and advanced laboratory tests, it was possible to derive a suitable 
framework for the different formations in terms of strength and stiffness. Such information was then 
used to calibrate appropriate soil constitutive models for use in the numerical analyses. In this respect, 
the new generation of algorithms, known as Genetic Algorithms, was employed to increase the 
efficiency and accuracy of the calibration procedure. 
The second part of the thesis focuses on the 3D numerical modelling of the excavation of the Ivens shaft, 
which was performed employing the state-of-the-art software ICFEP (Imperial College Finite Element 
Program). The results obtained permitted the quantification of the shaft and ground movements and 
their effect on adjacent structures. Particular attention was given to the influence of the excavation on 
the Baixa-Chiado station and on the adjacent buildings founded near the ground surface. Finally, a 
parametric study was carried out in order to investigate a number of shaft parameters that may affect 
the movements and to provide more general guidance for shaft construction. 
  
 
 10 
 
 
 
ACKNOWLEDGEMENTS 
 
 
 11 
 
ACKNOWLEDGEMENTS 
First, I would like to thank to my three supervisors, Dr. Lidija Zdravković, Dr. Jorge Almeida e Sousa 
and Prof. David Potts for their continuous support and enthusiasm in all stages of this research. 
Their availability to discuss all details of this work, guidance when everything looked dark and 
patience in dealing with my flaws are highly appreciated and, undoubtedly, made this long journey 
much easier and enjoyable! 
I also like to acknowledge the contribution of my friend Dr. David Taborda. The calibration 
performed in the thesis would not have been possible without his help and availability for 
incorporating my suggestions into the genetic code. Our long and fruitful discussions also improved 
significantly the outcome of this research. 
Without the funding provided by FCT - Fundação para a Ciência e Tecnologia, Portugal (Grant with 
reference SFRH / BD / 43845 / 2008, funded by POPH - QREN – type 4.1 – Advanced Formation, with the 
support of the Social European Fund and of the Portuguese funds from MEC) this research would not 
have been possible. The permission conceded by Lisbon Metro for allowing the access to their 
archives and particularly the authorisation for performing the survey conducted at Ivens shaft site 
is kindly acknowledged. Those works were only possible with the collaboration of the companies 
Cenorgeo and Mota-Engil. I would like to thank to both of them in the persons of Eng. Carlos Baião 
and Dr. Nuno Cruz, respectively. 
I’m also very grateful to my friend Dr. Paulo Coelho for teaching me that laboratory work can be an 
exciting endeavour and that patience, persistence and perfectionism are the main ingredients for 
a successfully soil characterisation. Special thanks to the technicians Steve and José António for all 
their support and constant assistance in the execution of the laboratory tests. An acknowledgement 
is also due to Dr. Guedes de Melo, Dr. Pedro Dinis and particularly to my friend Dr. Fernando 
Marques for providing me with the results of their research and sharing with me interesting and 
valuable discussions about characterisation and mineralogy of soils. 
ACKNOWLEDGEMENTS 
 
 
 12 
 
I’m also indebted to the members of the research group and academic staff of both Imperial College 
London and University of Coimbra, particularly to Dr. Aikaterini Tsiampousi, Dr. António Alberto, 
Dr. Isabel Lopes, Dr. Jamie Standing, Dr. José Grazina, Prof. Luís Lemos, Dr. Paulo Pinto and Dr. Paulo 
Venda, for their support, interest and suggestions that always provided a fresh and outside 
perspective to this research, improving it significantly. Being part of the Soil Mechanics research 
group at Imperial College London was an unforgettable experience and an immense privilege that 
I will always remember proudly. 
The friendship of the members of the research group, and in particular of Bo, Freya, Kostas, Loizos, 
Vasilis and Wenjie, made London a much more pleasant place to live and helped covering the 
distance and homesickness from Portugal. A special thanks to my friends back there that always 
believed in my work and kept reminding me, almost obsessively, of the deadline of this research! 
Finally, my last thanks go to my beloved parents, António and Hortense, aunt Isaurinda, brother Luís, 
sister-in-law Cristina, nieces, Maria e Carolina, and to Ana for their continuous support and 
unconditional love in all difficult moments of this enterprise. Without them it would not have been 
possible. Hopefully, I will be able to repay them in the future for my long absence in the last years. 
 
TABLE OF CONTENTS 
 
 
 13 
 
TABLE OF CONTENTS 
DECLARATION ........................................................................................................... 7 
ABSTRACT ................................................................................................................. 9 
ACKNOWLEDGEMENTS ........................................................................................... 11 
TABLE OF CONTENTS ............................................................................................... 13 
LIST OF FIGURES ...................................................................................................... 21 
LIST OF TABLES ........................................................................................................ 35 
LIST OF SYMBOLS .................................................................................................... 37 
CHAPTER 1 
INTRODUCTION ....................................................................................................... 43 
1.1 BACKGROUND ........................................................................................................................... 43 
1.2 SCOPE OF RESEARCH ................................................................................................................ 49 
1.3 LAYOUT OF THESIS .................................................................................................................... 52 
CHAPTER 2 
REVIEW OF THE GEOTECHNICAL CONDITIONS ON THE LISBON METRO NETWORK ... 55 
2.1 INTRODUCTION ......................................................................................................................... 55 
2.2 LISBON METRO NETWORK ........................................................................................................ 55 
2.2.1 Historical evolution ............................................................................................................. 55 
2.2.2 Construction methods adopted .......................................................................................... 59 
2.2.3 Baixa-chiado metro station ................................................................................................ 63 
2.2.4 Ivens shaft ........................................................................................................................... 67 
2.3 GENERAL ASPECTS OF LISBON GEOLOGY ................................................................................. 70 
2.3.1 Formation of the lower tagus basin ................................................................................... 70 
2.3.2 Geological conditions observed in the chiado quarter....................................................... 73 
2.4 “ARGILAS E CALCÁRIOS DOS PRAZERES” FORMATION ............................................................. 76 
2.4.1 Introduction ........................................................................................................................ 76 
2.4.2 In-situ characterisation ....................................................................................................... 76 
2.4.3 Laboratory characterisation ............................................................................................... 87 
2.5 “AREOLAS DA ESTEFÂNIA” FORMATION .................................................................................. 95 
2.5.1 Introduction ........................................................................................................................ 95 
TABLE OF CONTENTS 
 
 
 14 
 
2.5.2 In-situ characterisation ....................................................................................................... 96 
2.5.3 Laboratory characterisation .............................................................................................. 102 
2.6 SUMMARY AND CONCLUSIONS .............................................................................................. 107 
CHAPTER 3 
GEOTECHNICAL CHARACTERISATION OF THE RELEVANT MIOCENE FORMATIONS . 109 
3.1 INTRODUCTION ....................................................................................................................... 109 
3.2 IN-SITU WORKS ....................................................................................................................... 109 
3.2.1 General aspects ................................................................................................................. 109 
3.2.2 Seismic tests ...................................................................................................................... 113 
3.3 LABORATORY CHARACTERISATION ......................................................................................... 115 
3.3.1 Introduction ...................................................................................................................... 115 
3.3.2 Particle size distribution (PSD) .......................................................................................... 115 
3.3.3 Mineralogical tests ............................................................................................................ 119 
3.3.4 Index properties ................................................................................................................ 124 
3.3.5 Oedometer tests ............................................................................................................... 126 
3.3.6 Isotropic compression tests .............................................................................................. 132 
3.3.7 Unconfined compressive strengtH tests ........................................................................... 137 
3.3.8 Triaxial tests ...................................................................................................................... 140 
3.3.9 Bender elements ............................................................................................................... 155 
3.4 SUMMARY AND CONCLUSIONS .............................................................................................. 169 
CHAPTER 4 
CALIBRATION AND VALIDATION OF THE GEOTECHNICAL PARAMETERS ................. 173 
4.1 INTRODUCTION ....................................................................................................................... 173 
4.2 OPTIMISATION METHODS ....................................................................................................... 174 
4.2.1 General aspects ................................................................................................................. 174 
4.2.2 Genetic algorithms (GAs) .................................................................................................. 175 
4.3 IMPERIAL COLLEGE FINITE ELEMENT PROGRAM (ICFEP) ........................................................ 177 
4.4 ADVANCED NUMERICAL MODELS ........................................................................................... 178 
4.4.1 General aspects ................................................................................................................. 178 
4.4.2 Nonlinear mohr-coulomb failure criterion ....................................................................... 179 
4.4.3 Imperial college generalised small strain stiffness model ................................................ 181 
4.5 CALIBRATION OF THE GEOTECHNICAL PARAMETERS BASED ON THE LABORATORY DATA ... 184 
4.5.1 General aspects ................................................................................................................. 184 
4.5.2 Strength parameters ......................................................................................................... 185 
4.5.3 Stiffness parameters ......................................................................................................... 191 
4.5.4 permeability parameters .................................................................................................. 207 
4.6 VALIDATION OF THE GEOTECHNICAL PARAMETERS THROUGH FINITE ELEMENT MODELS ... 209 
4.6.1 General aspects ................................................................................................................. 209 
4.6.2 Simulation of the triaxial tests .......................................................................................... 209 
TABLE OF CONTENTS 
 
 
 15 
 
4.6.3 Simulation of the self-boring pressuremeter tests ........................................................... 212 
4.6.4 Back-analysis of the excavation of the Baixa-chiado station ............................................ 214 
4.7 RE-EVALUATION OF THE STIFFNESS PARAMETERS BASED ON THE LABORATORY AND FIELD 
DATA  ................................................................................................................................................ 218 
4.7.1 General aspects ................................................................................................................ 218 
4.7.2 “Areolas da Estefânia” formation (AE) ............................................................................. 219 
4.7.3 “Argilas e Calcários dos Prazeres” formation (AP) ........................................................... 225 
4.8 VALIDATION USING THE NEW SETS OF PARAMETERS ............................................................ 230 
4.8.1 General aspects ................................................................................................................ 230 
4.8.2 Back-analysis of the excavation of the Baixa-chiado station ............................................ 231 
4.8.3 Simulation of the triaxial tests using IS-A4 scenario ........................................................ 240 
4.8.4 Simulation of the SBP Tests using IS-A4 scenario ............................................................. 241 
4.9 SUMMARY AND CONCLUSIONS .............................................................................................. 242 
CHAPTER 5 
NUMERICAL ANALYSIS OF THE CONSTRUCTION OF THE IVENS SHAFT .................... 247 
5.1 INTRODUCTION ....................................................................................................................... 247 
5.2 3D NUMERICAL MODEL .......................................................................................................... 248 
5.2.1 Geometry of the problem ................................................................................................. 248 
5.2.2 Mesh generation ............................................................................................................... 250 
5.2.3 Boundary conditions ......................................................................................................... 251 
5.2.4 Construction sequence of the excavation of the shaft .................................................... 252 
5.2.5 Parameters adopted ......................................................................................................... 255 
5.3 MODELLING THE INITIAL GROUND CONDITIONS ................................................................... 259 
5.3.1 General aspects ................................................................................................................ 259 
5.3.2 Presence of the baixa-chiado station ............................................................................... 260 
5.3.3 Construction of buildings, connections and fill in the backyard ...................................... 264 
5.3.4 Estimation of the current stress conditions ..................................................................... 265 
5.4 RESULTS OF THE REFERENCE ANALYSIS .................................................................................. 266 
5.4.1 General aspects ................................................................................................................ 266 
5.4.2 Deformations caused by the excavation .......................................................................... 267 
5.4.3 Modification of the stress conditions ............................................................................... 273 
5.4.4 Analysis of the behaviour of the shaft .............................................................................. 275 
5.4.5 Influence of the excavation on the Baixa-Chiado station ................................................. 286 
5.4.6 Influence of the excavation on the adjacent buildings .................................................... 290 
5.4.7 Long-term behaviour ........................................................................................................ 295 
5.5 SUMMARY AND CONCLUSIONS .............................................................................................. 301 
 
 
TABLE OF CONTENTS 
 
 
 16 
 
CHAPTER 6 
STUDY OF THE INFLUENCE OF DIFFERENT FACTORS IN THE CONSTRUCTION OF THE 
IVENS SHAFT ......................................................................................................... 305 
6.1 INTRODUCTION ....................................................................................................................... 305 
6.2 INFLUENCE OF THE INITIAL GROUND CONDITIONS ................................................................ 307 
6.2.1 Surface deformations ........................................................................................................ 307 
6.2.2 Sub-surface deformations ................................................................................................. 308 
6.2.3 Modifications of stress conditions .................................................................................... 309 
6.2.4 Lining displacements ......................................................................................................... 310 
6.2.5 Forces acting in the Ivens shaft lining ............................................................................... 312 
6.2.6 Risk assessment of the buildings ...................................................................................... 312 
6.3 INFLUENCE OF THE CONSTRUCTION SEQUENCE ADOPTED ................................................... 313 
6.3.1 Surface deformations ........................................................................................................ 313 
6.3.2 Sub-surface deformations ................................................................................................. 314 
6.3.3 Lining displacements ......................................................................................................... 315 
6.3.4 Forces and pressures acting in the Ivens shaft lining ....................................................... 317 
6.3.5 Forces acting in the Baixa-Chiado lining ........................................................................... 319 
6.3.6 Risk assessment of the buildings ...................................................................................... 320 
6.4 INFLUENCE OF THE JET-GROUTING COLUMNS ....................................................................... 320 
6.4.1 Surface deformations ........................................................................................................ 320 
6.4.2 Sub-surface deformations ................................................................................................. 322 
6.4.3 Modifications of stress conditions .................................................................................... 323 
6.4.4 Lining displacements ......................................................................................................... 324 
6.4.5 Forces and pressures acting in the Ivens shaft lining ....................................................... 326 
6.4.6 Forces acting in the Baixa-Chiado lining ........................................................................... 328 
6.4.7 Risk assessment of the buildings ...................................................................................... 329 
6.5 INFLUENCE OF THE LIMESTONE LAYER ................................................................................... 330 
6.5.1 Surface deformations ........................................................................................................ 330 
6.5.2 Sub-surface deformations ................................................................................................. 331 
6.5.3 Modifications of stress conditions .................................................................................... 332 
6.5.4 Lining displacements ......................................................................................................... 333 
6.5.5 Forces and pressures acting in the Ivens shaft lining ....................................................... 335 
6.5.6 Forces acting in the Baixa-Chiado lining ........................................................................... 336 
6.5.7 Risk assessment of the buildings ...................................................................................... 337 
6.6 INFLUENCE OF THE STIFFNESS OF THE BUILDINGS ................................................................. 338 
6.6.1 Surface deformations ........................................................................................................ 338 
6.6.2 Sub-surface deformations ................................................................................................. 340 
6.6.3 Lining displacements ......................................................................................................... 341 
6.6.4 Forces acting in the Ivens shaft lining ............................................................................... 342 
6.6.5 Forces acting in the Baixa-Chiado lining ........................................................................... 343 
6.6.6 Risk assessment of the buildings ...................................................................................... 343 
6.7 SUMMARY AND CONCLUSIONS .............................................................................................. 345 
TABLE OF CONTENTS 
 
 
 17 
 
CHAPTER 7 
CONCLUSIONS AND RECOMMENDATIONS ............................................................ 349 
7.1 INTRODUCTION ....................................................................................................................... 349 
7.2 CHARACTERISATION OF THE MIOCENE FORMATIONS ........................................................... 351 
7.3 CALIBRATION OF THE APPROPRIATE CONSTITUTIVE MODELS ............................................... 356 
7.4 NUMERICAL MODELLING OF THE CONSTRUCTION OF IVENS SHAFT ..................................... 358 
7.5 RECOMMENDATIONS FOR FURTHER RESEARCH .................................................................... 362 
7.5.1 Geotechnical characterisation of the miocene formations .............................................. 362 
7.5.2 Prediction and observation of THE Ivens shaft CONSTRUCTION ...................................... 363 
7.5.3 Design of shafts ................................................................................................................ 364 
REFERENCES .......................................................................................................... 365 
APPENDIX A 
ANALYTICAL SOLUTIONS TO DETERMINE THE ACTIVE EARTH PRESSURE ACTING ON 
CYLINDRICAL SHAFTS ............................................................................................ 381 
A.1 INTRODUCTION ....................................................................................................................... 381 
A.2 TERZAGHI (1943) ..................................................................................................................... 381 
A.3 BEREZANTZEV (1958) .............................................................................................................. 382 
A.4 PRATER (1977) ........................................................................................................................ 384 
A.5 CHENG ET AL. (2008)............................................................................................................... 385 
A.6 LIU ET AL. (2009) ..................................................................................................................... 385 
A.7 COMPARISON BETWEEN ANALYTICAL SOLUTIONS ................................................................ 388 
APPENDIX B 
PARTICLE SIZE DISTRIBUTION ................................................................................ 391 
B.1 INTRODUCTION ....................................................................................................................... 391 
B.2 PARTICLE SIZE DISTRIBUTION CURVES ................................................................................... 391 
B.3 COMPARISON OF RESULTS ..................................................................................................... 393 
APPENDIX C 
MINERALOGICAL TESTS ......................................................................................... 395 
C.1 INTRODUCTION ....................................................................................................................... 395 
C.2 X-RAY DIFFRACTION TESTS ..................................................................................................... 395 
C.2.1 Introduction ...................................................................................................................... 395 
C.2.2 Apparatus and sample preparation .................................................................................. 397 
C.2.3 Principal minerals identified ............................................................................................. 398 
C.2.4 Diffractograms of the total samples ................................................................................. 398 
C.2.5 Diffractograms of the clay fraction ................................................................................... 399 
C.3 POLARISED LIGHT MICROSCOPE ............................................................................................. 401 
TABLE OF CONTENTS 
 
 
 18 
 
C.3.1 Introduction ...................................................................................................................... 401 
C.3.2 Thin sections preparation ................................................................................................. 401 
C.3.3 Images of the AE formation .............................................................................................. 402 
C.3.4 Images of the limestone layer ........................................................................................... 402 
C.3.5 Images of the AP formation .............................................................................................. 403 
APPENDIX D 
OEDOMETER AND TRIAXIAL TESTS ........................................................................ 405 
D.1 INTRODUCTION ....................................................................................................................... 405 
D.2 OEDOMETER TESTS ................................................................................................................. 405 
D.3 ISOTROPIC COMPRESSION TESTS ............................................................................................ 407 
D.3.1 Apparatus and test procedures ........................................................................................ 407 
D.3.2 Individual isotropic compression tests sheets .................................................................. 408 
D.4 TRIAXIAL TESTS ........................................................................................................................ 412 
D.4.1 Apparatus .......................................................................................................................... 412 
D.4.2 Calibration constants ........................................................................................................ 413 
D.4.3 Sample preparation and set-up ........................................................................................ 414 
D.4.4 Sample saturation ............................................................................................................. 415 
D.4.5 Consolidation and initial stresses ..................................................................................... 416 
D.4.6 Calculations and possible sources of errors ...................................................................... 417 
D.4.7 Individual triaxial test sheets ............................................................................................ 420 
APPENDIX E 
BENDER ELEMENTS ............................................................................................... 441 
E.1 INTRODUCTION ....................................................................................................................... 441 
E.2 BENDER ELEMENTS ................................................................................................................. 441 
E.3 APPARATUS AND TEST PROCEDURES ..................................................................................... 443 
E.4 LABORATORY SHEETS .............................................................................................................. 445 
APPENDIX F 
RESULTS OF THE CALIBRATION AND VALIDATION OF THE PARAMETERS OF THE 
MIOCENE FORMATIONS ........................................................................................ 451 
F.1 INTRODUCTION ....................................................................................................................... 451 
F.2 CALIBRATION RESULTS ............................................................................................................ 451 
F.2.1 Methodology and sets of parameters .............................................................................. 451 
F.3 VALIDATION TESTS .................................................................................................................. 457 
F.3.1 Simulation of the triaxial tests .......................................................................................... 457 
F.3.2 Simulation of the isotropic compression tests ................................................................. 461 
F.3.3 Simulation of the self-boring pressuremeter tests ........................................................... 462 
TABLE OF CONTENTS 
 
 
 19 
 
APPENDIX G 
CURVES EMPLOYED IN THE RISK ASSESSMENT OF THE BUILDINGS ........................ 465 
G.1 INTRODUCTION ....................................................................................................................... 465 
G.2 SETTLEMENT AND HORIZONTAL STRAIN CURVES CONSIDERED ............................................ 465 
 
  
TABLE OF CONTENTS 
 
 
 20 
 
 
 
 
LIST OF FIGURES 
 
 
 21 
 
LIST OF FIGURES 
Figure 1.1 – Shaft construction techniques: a) SBR – shaft boring machine (Schmäh et al., 2007); b) SBR – shaft 
boring roadheader (Schmäh et al., 2007); c) diaphragm wall (Stanley et al., 2012); d) jacked caissons 
(Newman & Wong, 2011); e) ground-freezing (Doig, 2012) .............................................................. 45 
Figure 1.2 – Results of centrifuge and reduced scale models of the excavation of shafts: a) normalised earth 
pressure; b) failure surface ................................................................................................................ 49 
Figure 1.3 – Examples at Portugal of the excavation of shafts using the vertical sequential excavation method: a) 
Bolhão station – Oporto Metro (2001); b) Marquês station – Oporto Metro (2004); c) Salgueiros 
station – Oporto Metro (2004); d) Reboleira station – Lisbon Metro (2010) .................................... 50 
Figure 1.4 – Aerial view of the accident that occurred at Pinheiros station on the line 4 of the S. Paulo Metro ... 51 
 
Figure 2.1 – Evolution of the Lisbon Metro network: a) 1959; b) 1972; c) 1993; d) 1998; e) 2007; f) 2011 (modified 
from Lisbon Metro, 2011) .................................................................................................................. 57 
Figure 2.2 – Future developments of the Lisbon Metro network (Lisbon Metro, 2011) ........................................ 58 
Figure 2.3 – Geometry of the cut-and-cover galleries used in the Lisbon Metro network (modified from Brazão 
Farinha, 1997) .................................................................................................................................... 59 
Figure 2.4 –Construction scheme of a cut-and-cover tunnel using two trenches (modified from Brazão Farinha, 
1997) .................................................................................................................................................. 60 
Figure 2.5 – Scheme of the construction of the Parque Eduardo VII tunnel following the Belgian method (modified 
from Brazão Farinha, 1997) ................................................................................................................ 61 
Figure 2.6 – Calvanas tunnel: a) application of the steel sheets in front of the excavation; b) detail of the steel 
sheets (Brazão Farinha, 1997) ............................................................................................................ 61 
Figure 2.7 – EPB-TBM used in the excavation of the Blue and Green lines of the Lisbon Metro (Salgueiro Amaral, 
2006) .................................................................................................................................................. 62 
Figure 2.8 – Scheme of the construction of the Lisbon Metro’s recent tunnels following the principles defined by 
NATM (modified from Salgueiro Amaral, 2006) ................................................................................. 63 
Figure 2.9 – Location and insertion of the Baixa-Chiado station in Lisbon downtown (modified from Google Earth, 
2012) .................................................................................................................................................. 64 
Figure 2.10 – Scheme of the connections of the Baixa-Chiado metro station (modified from Pinto & Costa, 1997)
 ............................................................................................................................................................ 64 
Figure 2.11 – Transversal cut of the Baixa-Chiado station (modified from Correa et al., 1997) ............................. 65 
Figure 2.12 – Longitudinal cross-section through the centre of each galleries of the Baixa-Chiado station (modified 
from Pinto & Costa, 1997) .................................................................................................................. 66 
Figure 2.13 – Location of the treated area with compensation grouting (modified from Correa et al., 1997) ...... 67 
Figure 2.14 – 3D perspectives of the Ivens shaft (Cenorgeo, 2008) ........................................................................ 68 
Figure 2.15 – Dimensions and geometry of the Ivens shaft (Cenorgeo, 2008) ....................................................... 68 
Figure 2.16 – Location of the jet-grouting columns in depth (Cenorgeo, 2008) ..................................................... 69 
LIST OF FIGURES 
 
 
 22 
 
Figure 2.17 – Jet-grouting columns designed for the transition zone ..................................................................... 69 
Figure 2.18 – Paleogeographic model of the terminal part of the Lower Tagus basin during Miocene: a) Lower 
Aquitanian (23 Ma); b) Burdigalian (17 Ma); c) Serravallian (14 Ma) (modified from Antunes et al., 
2000) ................................................................................................................................................... 71 
Figure 2.19 – Geological map and cross section through the city of Lisbon (modified from Almeida, 1986) ......... 73 
Figure 2.20 – Detail of the geological map of Lisbon downtown (modified from Lopes, 2001) .............................. 74 
Figure 2.21 – Core samples removed from a borehole performed in the backyard of the Quintão building ......... 74 
Figure 2.22 – Results of the SPT tests performed in the AP formation: a) number of blows; b) penetration for tests 
with more than 60 blows .................................................................................................................... 77 
Figure 2.23 – Results of the seismic tests performed on the Miocene formations of Lisbon: a) wave velocity (Guedes 
de Melo, 2011); b) Poisson’s ratio; c) initial shear modulus ............................................................... 79 
Figure 2.24 – Seismic tomographies performed in Chiado quarter (modified from Coelho et al., 2004) ............... 80 
Figure 2.25 – Results of the MPT tests performed on the AP formation: a) limit pressure (after Sousa Coutinho and 
Ludovico Marques (2006) and Cenorgeo (2008)); b) Young’s modulus; c) undrained shear strength
 ............................................................................................................................................................ 82 
Figure 2.26 – Results of the SBPT tests performed on the AP formation: a) coefficient of earth pressure at rest; b) 
undrained shear strength; c) unload-reload shear modulus .............................................................. 84 
Figure 2.27 – Normalised stiffness degradation curve for the AP formation based on the loops of the SBPT ....... 86 
Figure 2.28 – Particle size distribution for the AP formation ................................................................................... 87 
Figure 2.29 – Polarized light microscope images for a sample of the AP formation: a) horizontal direction; b) vertical 
direction (Lopes Laranjo et al., 2010) ................................................................................................. 89 
Figure 2.30 – Oedometer tests on natural samples of the AP formation: a) compression curve; b) compressibility 
curve (Marques, 1998) ........................................................................................................................ 91 
Figure 2.31 – Results of the oedometer test E1: a) coefficient of consolidation; b) permeability (Marques, 1998)
 ............................................................................................................................................................ 91 
Figure 2.32 – Stress-path of the triaxial tests performed in the AP formation: a) compression; b) extension 
(Marques, 1998) ................................................................................................................................. 93 
Figure 2.33 –Stress ratio for the triaxial tests performed in the AP formation (modified from Marques, 1998) ... 93 
Figure 2.34 – Normalised tangent shear modulus degradation curves of the AP formation based on the triaxial 
tests performed by Marques, 1998 .................................................................................................... 94 
Figure 2.35 – Comparison of the normalised tangent shear modulus obtained in the SBPT and in the triaxial tests 
for the AP formation ........................................................................................................................... 95 
Figure 2.36 – Results of the SPT tests performed in the AE formation: a) number of blows; b) penetration for tests 
with more than 60 blows .................................................................................................................... 97 
Figure 2.37 – Profile of the initial shear modulus based on the seismic tomographies performed in Chiado quarter 
(adapted from Coelho et al., 2004) ..................................................................................................... 98 
Figure 2.38 – Results of the MPT tests performed on the AE formation: a) limit pressure; b) Young modulus; c) 
angle of shear resistance .................................................................................................................... 99 
Figure 2.39 – Results of the SBPT tests performed on the AE formation: a) coefficient of earth pressure at rest; b) 
angle of shear resistance; c) dilatancy; d) unload-reload shear modulus ........................................ 101 
Figure 2.40 – Normalised stiffness degradation curve for the AE formation based on the loops of the SBPT ..... 102 
Figure 2.41 – Particle size distribution for the AE formation ................................................................................. 103 
Figure 2.42 – Triaxial tests performed in the AE formation: a) stress-path; b) stress ratio (Cenorgeo, 2008) ...... 106 
LIST OF FIGURES 
 
 
 23 
 
Figure 2.43 – Normalised tangent shear modulus degradation curves of the AE formation: a) without loops; b) 
including the results of the loops ..................................................................................................... 107 
Figure 2.44 – Comparison of the normalised tangent shear modulus obtained in the SBPT and in the triaxial tests 
for the AE and AP formations ........................................................................................................... 107 
 
Figure 3.1 – Location plan of the boreholes performed in the Quintão building .................................................. 110 
Figure 3.2 – Quintão building: a) view from Ivens street; b) inside of the building .............................................. 111 
Figure 3.3 – In-situ works: a) drilling equipment used: Atlas Copco Mustang A32 C; b) detail of the drilling ...... 111 
Figure 3.4 – Core samples removed from the boreholes drilled in the backyard of Quintão building (B1 on top of 
B2) .................................................................................................................................................... 112 
Figure 3.5 – Results of the seismic tests performed in the backyard of the Quintão building: a) shear (Vs) and 
compression (Vp) wave velocities; b) Poisson’s ratio; c) initial shear modulus ............................... 114 
Figure 3.6 – Comparison between the results of the laser diffraction (L) and the sieving and sedimentation (S) 
methods in the evaluation of the particle size distribution ............................................................. 116 
Figure 3.7 – Particle size distribution for the samples collected in the Ivens shaft site ........................................ 117 
Figure 3.8 – a) Particle size distribution profile; b) Comparison of the particle size distribution profile with the 
results of the seismic tests ............................................................................................................... 118 
Figure 3.9 – Diffractogram obtained from the XRD tests for the total sample: a) AE - 18 m; b) AP - 40 m .......... 120 
Figure 3.10 – Diffractogram obtained from the XRD tests for the clay fraction: a) 18 m; b) 40 m ....................... 120 
Figure 3.11 – Polarised light microscope images of the AE formation – 25 m depth: a) vertical plane; horizontal 
plane ................................................................................................................................................. 123 
Figure 3.12 – Polarised light microscope images of the limestone layer – 14 m depth: a) vertical plane; horizontal 
plane ................................................................................................................................................. 123 
Figure 3.13 – Polarised light microscope images of the AP formation – 36 m depth: a) vertical plane; horizontal 
plane ................................................................................................................................................. 124 
Figure 3.14 – Index properties obtained for the formations of the Ivens shaft site ............................................. 125 
Figure 3.15 – Oedometer tests performed in the AP formation: a) compression curves; b) normalised compression 
curves ............................................................................................................................................... 128 
Figure 3.16 – Compressibility of natural samples in oedometric tests ................................................................. 129 
Figure 3.17 – Results of the oedometer tests performed in the AP formation: a) coefficient of consolidation; b) 
coefficient of permeability ............................................................................................................... 131 
Figure 3.18 – a) Displacement-time curves for the loading stage: 443-884 (kPa); b) coefficient of secondary 
consolidation .................................................................................................................................... 132 
Figure 3.19 – Isotropic compression curves for the AE formation: a) volumetric strain; b) normalised void ratio
 .......................................................................................................................................................... 134 
Figure 3.20 – Isotropic compression curves for the AP formation: a) volumetric strain; b) specific volume ....... 135 
Figure 3.21 – Bulk modulus degradation curves for the AE formation: a) tangent; b) tangent normalised with p’
 .......................................................................................................................................................... 136 
Figure 3.22 – Bulk modulus degradation curves for the AP formation: a) tangent; b) tangent normalised with p’
 .......................................................................................................................................................... 137 
Figure 3.23 – Results of the uniaxial compression tests performed in the limestone layer: a) stress-strain curve; b) 
evolution with depth ........................................................................................................................ 140 
LIST OF FIGURES 
 
 
 24 
 
Figure 3.24 – Samples used in some of the unconfined compressive strength tests: a) 13.4 m; b) 16.3 m; c) 17.8 m
 .......................................................................................................................................................... 140 
Figure 3.25 – Stress-strain curves of the triaxial tests performed in the AE formation ......................................... 145 
Figure 3.26 – Stress ratio of the triaxial tests performed in the AE formation ...................................................... 146 
Figure 3.27 – a) volumetric strains and b) excess pore pressure changes of the triaxial tests performed in the AE 
formation .......................................................................................................................................... 146 
Figure 3.28 – Stress-paths of the triaxial tests performed in the AE formation .................................................... 147 
Figure 3.29 – a) stress-strain curves and b) stress ratio observed in the triaxial tests performed in the AP formation
 .......................................................................................................................................................... 148 
Figure 3.30 – a) volumetric strains and b) excess pore pressure changes of the triaxial tests performed in the AP 
formation .......................................................................................................................................... 149 
Figure 3.31 – Stress-paths of the triaxial tests performed in the AP formation .................................................... 150 
Figure 3.32 – General view of some of the samples tested of the AP formation: a) T-AP-DPC-I480 (36.3 m); b) T-AP-
UCI-K480 (37.7 m); c) T-AP-UCD-K480 (38.7 m); d) T-AP-DPC-K480 (40.4 m) .................................. 150 
Figure 3.33 – Tangent shear modulus degradation curves for the triaxial tests performed with constant p’ ...... 152 
Figure 3.34 – Normalised tangent shear modulus degradation curves of the AE formation: a) without loops; b) 
including the results of the loops ..................................................................................................... 152 
Figure 3.35 – Comparison of the normalised tangent shear modulus obtained in the SBPT and in the triaxial tests 
for the AE formation ......................................................................................................................... 153 
Figure 3.36 – Normalised tangent shear modulus degradation curves of the AP formation: a) without loops; b) 
including the results of the loops ..................................................................................................... 154 
Figure 3.37 – Comparison of the normalised tangent shear modulus obtained in the SBPT and in the triaxial tests 
for the AP formation ......................................................................................................................... 155 
Figure 3.38 – Bender elements: a) detail of the connections; b) schematic view ................................................. 158 
Figure 3.39 – Input signal – single sine pulse with different frequencies .............................................................. 159 
Figure 3.40 – Results of the bender elements test BE-AE-21.5 for a p’ of 400 kPa: a) first arrival method (time 
domain); b) phase delay method (frequency domain) ..................................................................... 162 
Figure 3.41 – Results of the bender elements test BE-AP-36.5 for a p’ of 480 kPa: a) first arrival method (time 
domain); b) phase delay method (frequency domain) ..................................................................... 163 
Figure 3.42 – Evaluation of the arrival time for the bender elements test BE-AE-18.3 ......................................... 163 
Figure 3.43 – Evolution of the arrival time with the increase of p’ for a single sine pulse with frequency of 4 kHz: a) 
BE-AE-07.7; b) BE-AP-36.5 ................................................................................................................ 164 
Figure 3.44 – Shear wave velocity determined from the bender elements tests .................................................. 165 
Figure 3.45 – Shear modulus determined from the bender elements tests .......................................................... 166 
Figure 3.46 – Comparison of shear modulus from in-situ and laboratory tests (modified from Kokusho (1987)) 168 
Figure 3.47 – Comparison of the bender elements shear modulus with the degradation curves obtained from the 
triaxial tests: a) AE formation; b) AP formation ................................................................................ 169 
 
Figure 4.1 – Nonlinear Mohr-Coulomb envelope .................................................................................................. 181 
Figure 4.2 – Fitting of the Nonlinear Mohr-Coulomb failure criterion to the AE formation data ......................... 186 
Figure 4.3 – Fitting of the Nonlinear Mohr-Coulomb failure criterion to the Limestone data .............................. 188 
Figure 4.4 – Fitting of the Mohr-Coulomb failure criterion to the AP formation data .......................................... 190 
LIST OF FIGURES 
 
 
 25 
 
Figure 4.5 – Estimation of the dilation angle: a) AE formation; b) AP formation .................................................. 191 
Figure 4.6 – Fitting of the maximum shear modulus of the AE formation ............................................................ 193 
Figure 4.7 – Fitting of the shear stiffness degradation curve of the AE formation ............................................... 194 
Figure 4.8 – Fitting of the bulk stiffness degradation curve of the AE formation ................................................. 195 
Figure 4.9 – Evaluation of the Kmin of the AE formation based on the isotropic compression tests: a) I-AE-18.0; b) I-
AE-21.5 ............................................................................................................................................. 196 
Figure 4.10 – Evaluation of the Gmin of the AE formation based on the isotropic compression tests: a) stress-strain 
curve; b) volumetric behaviour ........................................................................................................ 197 
Figure 4.11 – Evolution of the Gtan during the numerical simulation of SBP tests performed on the AE formation: a) 
S9T4; b) S10T4 .................................................................................................................................. 198 
Figure 4.12 – Estimation of the Poisson’s ratio of the AE formation .................................................................... 200 
Figure 4.13 – Fitting of the maximum shear modulus of the AP formation .......................................................... 202 
Figure 4.14 – Fitting of the shear stiffness degradation curve of the AP formation ............................................. 203 
Figure 4.15 – Fitting of the bulk stiffness degradation curve of the AP formation ............................................... 204 
Figure 4.16 – Evaluation of the Kmin of the AP formation based on the isotropic compression test performed .. 205 
Figure 4.17 – Evaluation of the Gmin of the AP formation based on the isotropic compression tests: a) stress-strain 
curve; b) volumetric behaviour ........................................................................................................ 205 
Figure 4.18 – Evolution of the Gtan during the numerical simulation of SBP tests performed on the AP formation: a) 
S4T4; b) S10T6 .................................................................................................................................. 206 
Figure 4.19 – Estimation of the Poisson’s ratio of the AP formation: a) APT; b) APB ........................................... 207 
Figure 4.20 – Numerical model adopted for simulating the triaxial tests ............................................................. 210 
Figure 4.21 – Results of the numerical simulation of the triaxial tests performed in the AE formation: a) stress path; 
b) stress-strain curve; c) evolution of the volumetric strains/pore water pressures; d) stiffness 
degradation curves ........................................................................................................................... 211 
Figure 4.22 – Results of the numerical simulation of the triaxial tests performed in the AP formation: a) stress path; 
b) stress-strain curve; c) evolution of the volumetric strains/pore water pressures; d) stiffness 
degradation curves ........................................................................................................................... 212 
Figure 4.23 – Numerical model adopted for simulating the SBPT ........................................................................ 213 
Figure 4.24 – Results of the numerical simulation of the SBPT performed in the AE formation: a) S3T4; b) S9T4; c) 
S10T4 ................................................................................................................................................ 213 
Figure 4.25 – Results of the numerical simulation of the SBPT performed in the AP formation: a) S3T6; b) S4T4; c) 
S10T6 ................................................................................................................................................ 214 
Figure 4.26 – Numerical model used in the 2D analysis of the Baixa-Chiado station and K0 profile adopted ...... 215 
Figure 4.27 – Construction sequence adopted for each gallery of the Baixa-Chiado station ............................... 216 
Figure 4.28 – Settlement trough of the numerical simulation of the excavation of the Baixa-Chiado station: a) 
Eastern gallery; b) end of the construction ...................................................................................... 218 
Figure 4.29 – Fitting of the maximum shear modulus of the AE formation for the laboratory and field data ..... 220 
Figure 4.30 – Proposals for the evolution of the disturbance factor with the increase of the strain ................... 221 
Figure 4.31 – Fitting of the shear stiffness degradation curve of the AE formation using the a) IS-A2 and b) IS-A4 
scenarios .......................................................................................................................................... 222 
Figure 4.32 – Fitting of the bulk stiffness degradation curve of the AE formation using the a) IS-A2 and b) IS-A4 
scenarios .......................................................................................................................................... 223 
LIST OF FIGURES 
 
 
 26 
 
Figure 4.33 – Evolution of the Gtan during the numerical simulation of SBP tests performed on the AE formation 
using the different disturbance scenarios proposed: a) S9T4; b) S10T4 .......................................... 224 
Figure 4.34 – Estimation of the Poisson’s ratio of the AE formation for the different disturbance scenarios proposed
 .......................................................................................................................................................... 225 
Figure 4.35 – Fitting of the shear stiffness degradation curve of the AP formation using the a) IS-A2 and b) IS-A4 
scenarios ........................................................................................................................................... 227 
Figure 4.36 – Fitting of the bulk stiffness degradation curve of the AP formation using the a) IS-A2 and b) IS-A4 
scenarios ........................................................................................................................................... 228 
Figure 4.37 – Evolution of the Gtan during the numerical simulation of SBP tests performed on the AP formation 
using the different disturbance scenarios proposed: a) S4T4; b) S10T6 .......................................... 229 
Figure 4.38 – Estimation of the Poisson’s ratio of the AP formation for the different disturbance scenarios 
proposed: a) APT; b) APB .................................................................................................................. 230 
Figure 4.39 – Settlement trough of the numerical simulation of the excavation of the Baixa-Chiado station 
determined using the different disturbance scenarios proposed: a) Eastern gallery; b) Western gallery
 .......................................................................................................................................................... 232 
Figure 4.40 – Results of the settlement trough obtained for the different excavation stages of the Eastern gallery 
of the Baixa-Chiado station ............................................................................................................... 233 
Figure 4.41 – Results of the settlement trough obtained for the different excavation stages of the Western gallery 
of the Baixa-Chiado station ............................................................................................................... 234 
Figure 4.42 – Comparison of the volume loss for the different excavation stages of the Baixa-Chiado station ... 235 
Figure 4.43 – Comparison of the a) maximum displacement and of the b) trough width parameter for the different 
excavation stages of the Baixa-Chiado station ................................................................................. 236 
Figure 4.44 – Influence of the deformability of the limestone layer on the settlement trough of the Baixa-Chiado 
station: a) Eastern gallery; b) end of construction ........................................................................... 237 
Figure 4.45 – Influence of the stress relief factor on the settlement trough of the Baixa-Chiado station: a) Eastern 
gallery; b) end of the construction ................................................................................................... 238 
Figure 4.46 – Influence of the forepoles and of the compensation grouting on the settlement trough of the Baixa-
Chiado station: a) Eastern gallery; b) end of construction ............................................................... 240 
Figure 4.47 – Comparison of the results of the numerical simulation of the triaxial tests performed: a) stress path; 
b) stress-strain curve; c) evolution of the volumetric strains/pore water pressures; d) stiffness 
degradation curves ........................................................................................................................... 241 
Figure 4.48 – Comparison of the numerical simulation of the SBPT performed in the AE formation using the triaxial 
and the IS-A4 methodologies: a) S3T4; b) S9T4; c) S10T4 ................................................................ 242 
Figure 4.49 – Comparison of the numerical simulation of the SBPT performed in the AP formation using the triaxial 
and the IS-A4 methodologies: a) S3T6; b) S4T4; c) S10T6 ................................................................ 242 
 
Figure 5.1 – Geometry in plant adopted for the 3D numerical model .................................................................. 249 
Figure 5.2 – Mesh and geotechnical ground profile considered in the 3D model ................................................. 250 
Figure 5.3 – Details of the structures and infrastructures considered in the 3D model ........................................ 251 
Figure 5.4 – Details of the excavation of the retaining wall: a) excavation of the soil; b) construction of the retaining 
wall and of the top slab .................................................................................................................... 253 
Figure 5.5 – Details of the excavation of each 1 m step of the Ivens shaft: a) excavation and construction scheme; 
b) stage 1; c) stage 2; d) stage 3; e) stage 4; f) stage 5; g) stage 6) .................................................. 254 
LIST OF FIGURES 
 
 
 27 
 
Figure 5.6 – View of the model a) after the construction of the jet-grouting columns b) at the end of the excavation 
of the Ivens shaft .............................................................................................................................. 254 
Figure 5.7 – a) Scheme adopted for the excavation of the connection tunnel b) view of the connection tunnel after 
its completion ................................................................................................................................... 255 
Figure 5.8 – Conversion of the stiffness of the structure of a building in an equivalent block ............................. 257 
Figure 5.9 – Construction sequence adopted for the excavation of the Baixa-Chiado station in the 3D model .. 261 
Figure 5.10 – Comparison of the settlement troughs of the Baixa-Chiado station obtained with the 3D model . 262 
Figure 5.11 – Mean effective stress after the excavation of the Baixa-Chiado station: a) 2D model; b) 3D model
 .......................................................................................................................................................... 263 
Figure 5.12 – Stress level after the excavation of the Baixa-Chiado station: a) 2D model; b) 3D model .............. 263 
Figure 5.13 – Pore water pressure after the excavation of the Baixa-Chiado station: a) 2D model; b) 3D model 263 
Figure 5.14 – a) Effective mean stress and b) pore water pressure distribution after the construction of the 
buildings, connections and fill in the backyard ................................................................................ 264 
Figure 5.15 – Stress level in the soil after the construction of the buildings, connections and fill in the backyard: a) 
3D perspective; b) horizontal cross section at 13 m depth; c) horizontal cross section at 23 m depth
 .......................................................................................................................................................... 265 
Figure 5.16 – a) Effective mean stress and b) pore water pressure distribution estimated for the year of 2013 266 
Figure 5.17 – Stress level in the soil estimated for the year of 2013: a) 3D perspective; b) horizontal cross section 
at 13 m depth; c) horizontal cross section at 23 m depth ................................................................ 266 
Figure 5.18 – Development of vertical deformation at ground surface with the excavation depth of the shaft 
(excluding the buildings) .................................................................................................................. 267 
Figure 5.19 – Development of the horizontal deformation (X direction), at the ground surface, with the excavation 
depth of the shaft (excluding the buildings) .................................................................................... 268 
Figure 5.20 – Development of the horizontal deformation (X direction) with the excavation depth observed in a 
horizontal cross section at the street level ...................................................................................... 268 
Figure 5.21 – Development of the horizontal deformation (Z direction), at the ground surface, with the excavation 
depth of the shaft (excluding the buildings) .................................................................................... 269 
Figure 5.22 – Development of the horizontal deformation (Z direction) with the excavation depth observed in a 
horizontal cross section at the street level ...................................................................................... 269 
Figure 5.23 – Settlement profile at the foundation level: a) cross-section A-A’; b) cross-section B-B’ ................. 270 
Figure 5.24 – Contours of vertical deformations observed at the end of the excavation of the connection tunnel 
(increment 267) in horizontal cross sections located at different depths ....................................... 270 
Figure 5.25 – Contours of horizontal deformations (X direction) observed at the end of the excavation of the 
connection tunnel (increment 267) for 3 horizontal cross sections located at different depths .... 271 
Figure 5.26 – Contours of horizontal deformations (Z direction) observed at the end of the excavation of the 
connection tunnel (increment 267) for 3 horizontal cross sections located at different depths .... 271 
Figure 5.27 – Contours of vertical deformations observed at the end of the excavation of the connection tunnel in 
vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section 
B-B’) of the Ivens shaft ..................................................................................................................... 272 
Figure 5.28 – Contours of horizontal deformations observed at the end of the excavation of the connection tunnel 
in vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section 
B-B’) of the Ivens shaft ..................................................................................................................... 273 
LIST OF FIGURES 
 
 
 28 
 
Figure 5.29 – Mean effective stress in the soil at the end of the excavation of the connection tunnel observed in 
vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section 
B-B’) of the Ivens shaft ...................................................................................................................... 274 
Figure 5.30 – Pore water pressure in the soil at the end of the excavation of the connection tunnel observed in 
vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section 
B-B’) of the Ivens shaft ...................................................................................................................... 274 
Figure 5.31 – Stress level in the soil at the end of the excavation of the connection tunnel observed in vertical cross 
sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section B-B’) of the 
Ivens shaft ......................................................................................................................................... 275 
Figure 5.32 – Stress level in the soil after the excavation of the Ivens shaft and connection tunnel for several 
horizontal cross sections: a) 13 m depth; b) 23 m depth; c) 31 m depth ......................................... 275 
Figure 5.33 – Contours of vertical displacements observed in the shotcrete lining of the shaft: a) after the 
completion of the excavation of the shaft; b) after the excavation of the connection tunnel ........ 276 
Figure 5.34 – Contours of radial displacements observed in the shotcrete lining of the shaft: a) after the completion 
of the excavation of the shaft; b) after the excavation of the connection tunnel ........................... 277 
Figure 5.35 – Vertical displacements of points located on the vertices of shaft at: a) 1 m depth; b) 11 m depth; c) 
25 m depth ........................................................................................................................................ 278 
Figure 5.36 – Radial displacements of points located on the vertices of shaft at: a) 1 m depth; b) 11 m depth; c) 
25 m depth ........................................................................................................................................ 279 
Figure 5.37 – Circumferential displacements of points located on the vertices of shaft at: a) 1 m depth; b) 11 m 
depth; c) 25 m depth ........................................................................................................................ 279 
Figure 5.38 – Convergence of the principal axis of the shaft: a) major axis; b) minor axis.................................... 280 
Figure 5.39 – Bending moments mobilised in the shotcrete lining: a) after the completion of the excavation of the 
shaft; b) after the excavation of the connection tunnel ................................................................... 281 
Figure 5.40 – Axial force mobilised in the elliptical section of the lining: a) after the completion of the excavation 
of the shaft; b) after the excavation of the connection tunnel ........................................................ 282 
Figure 5.41 – Axial force mobilised in the transition zone and circular section of the lining: a) after the completion 
of the excavation of the shaft; b) after the excavation of the connection tunnel ........................... 283 
Figure 5.42 – Evolution of the axial force mobilised in the lining: a) 11 m depth; b) 15 m depth; c) 19 m depth; d) 
25 m depth ........................................................................................................................................ 284 
Figure 5.43 – Normal pressure acting on principal alignments of the shaft: a) soil; b) jet-grouting ..................... 285 
Figure 5.44 – Evolution of the normal pressure acting on principal alignments of the shaft: a) alignment A; b) 
alignment B; c) alignment C; d) alignment D .................................................................................... 286 
Figure 5.45 – Evolution of the vertical displacements in the Western gallery of the Baixa-Chiado station caused by 
the construction of the Ivens shaft: a) excavation at 25 m depth; b) excavation at 29 m depth; c) after 
the excavation of the shaft; d) after the excavation of the connection tunnel ................................ 287 
Figure 5.46 – Evolution of the horizontal displacements (X direction) in the Western gallery of the Baixa-Chiado 
station caused by the construction of the Ivens shaft: a) excavation at 25 m depth; b) excavation at 
29 m depth; c) after the excavation of the shaft; d) after the excavation of the connection tunnel
 .......................................................................................................................................................... 287 
Figure 5.47 – Changes of the structural forces mobilised in the Western gallery of the Baixa-Chiado station for the 
final stage of the excavation: a) bending moments; b) axial force ................................................... 288 
Figure 5.48 – Evolution of the changes in the bending moment mobilised in the Western gallery of the Baixa-Chiado 
station with the excavation depth: a) section at -26 m; b) section at 9 m ....................................... 289 
Figure 5.49 – Evolution of the changes in the axial force mobilised in the Western gallery of the Baixa-Chiado 
station with the excavation depth: a) section at -26 m; b) section at 9 m ....................................... 289 
LIST OF FIGURES 
 
 
 29 
 
Figure 5.50 – Evolution of the changes in the shear force mobilised in the Western gallery of the Baixa-Chiado 
station with the excavation depth: a) section at -26 m; b) section at 9 m ....................................... 289 
Figure 5.51 – Displacements observed at the foundations of the buildings: a) vertical displacement; b) radial 
displacement .................................................................................................................................... 290 
Figure 5.52 – a) Alignments considered for assessing the movements in the buildings; b) definitions of ground and 
foundation movement ..................................................................................................................... 291 
Figure 5.53 – Scheme and expression for evaluating the twisting of the foundation ........................................... 292 
Figure 5.54 – Development of the vertical deformations with time observed at the ground surface (excluding the 
buildings) .......................................................................................................................................... 295 
Figure 5.55 – Development of the horizontal deformations (X direction) with time observed in a horizontal cross 
section at the street level ................................................................................................................. 296 
Figure 5.56 – Development of the horizontal deformations (Z direction) with time observed in a horizontal cross 
section at the street level ................................................................................................................. 296 
Figure 5.57 – Evolution with time of the pore water pressure in the soil after the completion of construction: a) 1 
year; b) 3 years ................................................................................................................................. 297 
Figure 5.58 – a) Mean effective stresses and b) stress level 3 years after the completion of construction ......... 297 
Figure 5.59 – Development with time of the vertical displacements of points located on the vertices of shaft at: a) 
1 m depth; b) 11 m depth; c) 25 m depth ........................................................................................ 298 
Figure 5.60 – Development with time of the convergence observed in the principal axis of the shaft: a) major axis; 
b) minor axis ..................................................................................................................................... 298 
Figure 5.61 – Evolution with time of the axial force mobilised in the lining: a) 19 m depth; b) 29 m depth ........ 299 
Figure 5.62 – Evolution with time of the vertical displacements on the Western gallery of the Baixa-Chiado station: 
a) 1 year; b) 3 years; c) 15 years ....................................................................................................... 299 
Figure 5.63 – Evolution with time of the horizontal displacements (X direction) on the Western gallery of the Baixa-
Chiado station: a) 1 year; b) 3 years; c) 15 years ............................................................................. 300 
Figure 5.64 – Evolution with time of the change of the bending moment mobilised in the lining of the Western 
gallery of the Baixa-Chiado station: a) cross section at 26 m; b) cross section at 9 m..................... 300 
Figure 5.65 – Evolution with time of the changes of the axial force mobilised in the lining of the Western gallery of 
the Baixa-Chiado station: a) a) cross section at 26 m; b) cross section at 9 m ................................ 301 
 
Figure 6.1 – IC – Development of the vertical deformation with the excavation depth observed at surface (excluding 
the buildings) .................................................................................................................................... 307 
Figure 6.2 – IC – Development of the horizontal deformation (X direction) with the excavation depth observed in 
a horizontal cross section at the street level ................................................................................... 308 
Figure 6.3 – IC – Development of the horizontal deformation (Z direction) with the excavation depth observed in 
a horizontal cross section at the street level ................................................................................... 308 
Figure 6.4 – IC – Contours of vertical deformations observed at the end of the excavation of the connection tunnel 
in vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section 
B-B’) of the Ivens shaft ..................................................................................................................... 309 
Figure 6.5 – IC – Contours of horizontal deformations observed at the end of the excavation of the connection 
tunnel in vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross 
section B-B’) of the Ivens shaft ......................................................................................................... 309 
Figure 6.6 – IC – Stress level in the soil at the end of the excavation of the connection tunnel observed in vertical 
cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section B-B’) of 
the Ivens shaft .................................................................................................................................. 310 
LIST OF FIGURES 
 
 
 30 
 
Figure 6.7 – IC –Vertical displacements of points located on the vertices of shaft at: a) 1 m depth; b) 11 m depth; 
c) 25 m depth .................................................................................................................................... 311 
Figure 6.8 – IC – Radial displacements of points located on the vertices of shaft at: a) 1 m depth; b) 11 m depth; c) 
25 m depth ........................................................................................................................................ 311 
Figure 6.9 – IC – Convergence observed in the principal axis of the shaft: a) major axis; b) minor axis ............... 311 
Figure 6.10 – IC – Axial force mobilised in the lining: a) elliptical section; b) transition zone and circular section
 .......................................................................................................................................................... 312 
Figure 6.11 – CS – Development of the vertical deformation with the excavation depth observed at surface 
(excluding the buildings) ................................................................................................................... 314 
Figure 6.12 – CS – Development of the horizontal deformation (X direction) with the excavation depth observed 
in a horizontal cross section at the street level ................................................................................ 314 
Figure 6.13 – CS – Development of the horizontal deformation (Z direction) with the excavation depth observed in 
a horizontal cross section at the street level .................................................................................... 314 
Figure 6.14 – CS – Contours of vertical deformations observed at the end of the excavation of the connection 
tunnel in vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross 
section B-B’) of the Ivens shaft ......................................................................................................... 315 
Figure 6.15 – CS – Contours of horizontal deformations observed at the end of the excavation of the connection 
tunnel in vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross 
section B-B’) of the Ivens shaft ......................................................................................................... 315 
Figure 6.16 – CS –Vertical displacements of points located on the vertices of shaft at: a) 1 m depth; b) 11 m depth; 
c) 25 m depth .................................................................................................................................... 316 
Figure 6.17 – CS – Radial displacements of points located on the vertices of shaft at: a) 1 m depth; b) 11 m depth; 
c) 25 m depth .................................................................................................................................... 316 
Figure 6.18 – CS – Convergence observed in the principal axis of the shaft: a) major axis; b) minor axis ............ 317 
Figure 6.19 – CS – Axial force mobilised in the lining: a) elliptical section; b) transition zone and circular section
 .......................................................................................................................................................... 318 
Figure 6.20 – CS – Evolution of the axial force mobilised in the lining: a) 19 m depth; b) 25 m depth ................. 318 
Figure 6.21 – CS – Normal pressure acting on principal alignments of the shaft: a) soil; b) jet-grouting ............. 319 
Figure 6.22 – CS – Changes of the forces mobilised in the Western gallery of the Baixa-Chiado station for the final 
stage of the excavation: a) bending moments; b) axial force ........................................................... 319 
Figure 6.23 – JG – Development of the vertical deformation with the excavation depth observed at surface 
(excluding the buildings) ................................................................................................................... 321 
Figure 6.24 – JG – Development of the horizontal deformation (X direction) with the excavation depth observed in 
a horizontal cross section at the street level .................................................................................... 321 
Figure 6.25 – JG – Development of the horizontal deformation (Z direction) with the excavation depth observed in 
a horizontal cross section at the street level .................................................................................... 322 
Figure 6.26 – JG – Contours of vertical deformations observed at the end of the excavation of the connection 
tunnel in vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross 
section B-B’) of the Ivens shaft ......................................................................................................... 322 
Figure 6.27 – JG – Contours of horizontal deformations observed at the end of the excavation of the connection 
tunnel in vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross 
section B-B’) of the Ivens shaft ......................................................................................................... 323 
Figure 6.28 – JG – Stress level in the soil at the end of the excavation of the connection tunnel observed in vertical 
cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section B-B’) of 
the Ivens shaft .................................................................................................................................. 324 
LIST OF FIGURES 
 
 
 31 
 
Figure 6.29 – JG – Pore water pressures in the soil at the end of the excavation of the connection tunnel observed 
in vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section 
B-B’) of the Ivens shaft ..................................................................................................................... 324 
Figure 6.30 – JG –Vertical displacements of points located on the vertices of shaft at: a) 1 m depth; b) 11 m depth; 
c) 25 m depth ................................................................................................................................... 325 
Figure 6.31 – JG – Radial displacements of points located on the vertices of shaft at: a) 1 m depth; b) 11 m depth; 
c) 25 m depth ................................................................................................................................... 325 
Figure 6.32 – JG – Convergence observed in the principal axis of the shaft: a) major axis; b) minor axis ............ 326 
Figure 6.33 – JG – Axial force mobilised in the lining: a) elliptical section; b) transition zone and circular section
 .......................................................................................................................................................... 327 
Figure 6.34 – JG – Evolution of the axial force mobilised in the lining: a) 19 m depth; b) 25 m depth ................. 327 
Figure 6.35 – JG – Normal pressure acting on principal alignments of the shaft: a) soil; b) jet-grouting ............. 328 
Figure 6.36 – JG – Changes of the forces mobilised in the Western gallery of the Baixa-Chiado station for the final 
stage of the excavation: a) bending moments; b) axial force .......................................................... 329 
Figure 6.37 – LI – Development of the vertical deformation with the excavation depth observed at surface 
(excluding the buildings) .................................................................................................................. 330 
Figure 6.38 – LI – Development of the horizontal deformation (X direction) with the excavation depth observed in 
a horizontal cross section at the street level ................................................................................... 330 
Figure 6.39 – LI – Development of the horizontal deformation (Z direction) with the excavation depth observed in 
a horizontal cross section at the street level ................................................................................... 331 
Figure 6.40 – LI – Contours of vertical deformations observed at the end of the excavation of the connection tunnel 
in vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section 
B-B’) of the Ivens shaft ..................................................................................................................... 332 
Figure 6.41 – LI – Contours of horizontal deformations observed at the end of the excavation of the connection 
tunnel in vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross 
section B-B’) of the Ivens shaft ......................................................................................................... 332 
Figure 6.42 – LI – Stress level in the soil at the end of the excavation of the connection tunnel observed in vertical 
cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section B-B’) of 
the Ivens shaft .................................................................................................................................. 333 
Figure 6.43 – LI –Vertical displacements of points located on the vertices of shaft at: a) 1 m depth; b) 11 m depth; 
c) 25 m depth ................................................................................................................................... 333 
Figure 6.44 – LI – Radial displacements of points located on the vertices of shaft at: a) 1 m depth; b) 11 m depth; 
c) 25 m depth ................................................................................................................................... 334 
Figure 6.45 – LI – Convergence observed in the principal axis of the shaft: a) major axis; b) minor axis ............. 334 
Figure 6.46 – LI – Axial force mobilised in the lining: a) elliptical section; b) transition zone and circular section
 .......................................................................................................................................................... 335 
Figure 6.47 – LI – Evolution of the axial force mobilised in the lining: a) 11 m depth; b) 19 m depth .................. 335 
Figure 6.48 – LI – Normal pressure acting on principal alignments of the shaft: a) soil; b) jet-grouting .............. 336 
Figure 6.49 – LI – Changes of the forces mobilised in the Western gallery of the Baixa-Chiado station for the final 
stage of the excavation: a) bending moments; b) axial force .......................................................... 337 
Figure 6.50 – BS – Development of the vertical deformation with the excavation depth observed at surface 
(excluding the buildings) .................................................................................................................. 338 
Figure 6.51 – BS – Development of the horizontal deformation (X direction) with the excavation depth observed 
in a horizontal cross section at the street level ................................................................................ 339 
LIST OF FIGURES 
 
 
 32 
 
Figure 6.52 – BS – Development of the horizontal deformation (Z direction) with the excavation depth observed in 
a horizontal cross section at the street level .................................................................................... 339 
Figure 6.53 – BS – Settlement profile at the foundation level: a) cross-section A-A’; b) cross-section B-B’ ......... 339 
Figure 6.54 – BS – Contours of vertical deformations observed at the end of the excavation of the connection 
tunnel in vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross 
section B-B’) of the Ivens shaft ......................................................................................................... 340 
Figure 6.55 – BS – Contours of horizontal deformations observed at the end of the excavation of the connection 
tunnel in vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross 
section B-B’) of the Ivens shaft ......................................................................................................... 340 
Figure 6.56 – BS –Vertical displacements of points located on the vertices of shaft at: a) 1 m depth; b) 11 m depth; 
c) 25 m depth .................................................................................................................................... 341 
Figure 6.57 – BS – Radial displacements of points located on the vertices of shaft at: a) 1 m depth; b) 11 m depth; 
c) 25 m depth .................................................................................................................................... 342 
Figure 6.58 – BS – Convergence observed in the principal axis of the shaft: a) major axis; b) minor axis ............ 342 
Figure 6.59 – BS – Axial force mobilised in the lining: a) elliptical section; b) transition zone and circular section
 .......................................................................................................................................................... 343 
Figure 6.60 – BS – Changes of the forces mobilised in the Western gallery of the Baixa-Chiado station for the final 
stage of the excavation: a) bending moments; b) axial force ........................................................... 343 
 
Figure 7.1 – The soil mechanics triangle (adapted from Burland (2006)) .............................................................. 350 
 
Figure A.1 – Diagrams illustrating the assumptions adopted by Terzaghi (1943) to determine the earth pressure 
acting on a cylindrical shaft .............................................................................................................. 382 
Figure A.2 – Slip lines assumed by Berezantzev (1958) to determine the earth pressure acting on a cylindrical shaft
 .......................................................................................................................................................... 383 
Figure A.3 – Diagrams illustrating the assumptions adopted by Prater (1977) to determine the earth pressure acting 
on a cylindrical shaft ......................................................................................................................... 384 
Figure A.4 – Definition of the parameters used in the analytical method proposed by Liu et al. (2009a) for 
determine the earth pressure acting on a cylindrical shaft .............................................................. 386 
Figure A.5 – Failure mechanisms assumed by Liu et al. (2009a): a) Case I; b) Case II ............................................ 386 
Figure A.6 – Comparison between the active earth pressure acting on a cylindrical shaft determined by 5 different 
analytical solutions ........................................................................................................................... 390 
Figure B.1 – Particle size distribution curves: a) 2 m; b) 7 m; c) 10 m; d) 18 m; e) 25 m; f) 28 m; g) 33 m; h) 36 m; i) 
40 m .................................................................................................................................................. 393 
Figure C.1 – a) Diffractogram used in the analysis – Phillips PW3710; b) sample prepared for XRD test ............. 397 
Figure C.2 – Diffractogram obtained from the XRD tests for the total sample: a) 7 m; b) 14 m; c) 16 m; d) 18 m; e) 
25 m; f) 36 m; g) 40 m ....................................................................................................................... 399 
Figure C.3 – Diffractogram obtained from the XRD tests for the clay fraction: a) 7 m; b) 14 m; c) 16 m; d) 18 m; e) 
25 m; f) 36 m; g) 40 m ....................................................................................................................... 400 
Figure C.4 – Thin sections prepared for the polarised light microscope ............................................................... 401 
Figure C.5 – Plane-polarised light microscope images of the AE formation – 7 m depth: a) vertical direction; 
horizontal direction .......................................................................................................................... 402 
Figure C.6 – Plane-polarised light microscope images of the AE formation – 25 m depth: a) vertical direction; 
horizontal direction .......................................................................................................................... 402 
LIST OF FIGURES 
 
 
 33 
 
Figure C.7 – Plane-polarised light microscope images of the AE formation – 14 m depth: a) vertical direction; 
horizontal direction .......................................................................................................................... 402 
Figure C.8 – Plane-polarised light microscope images of the AE formation – 16 m depth: a) vertical direction; 
horizontal direction .......................................................................................................................... 403 
Figure C.9 – Plane-polarised light microscope images of the AE formation – 36 m depth: a) vertical direction; 
horizontal direction .......................................................................................................................... 403 
Figure C.10 – Crossed-polarised light microscope images of the AE formation – 40 m depth: a) vertical direction; 
b) horizontal direction ...................................................................................................................... 403 
Figure D.1 – Scheme of a conventional oedometer (modified from Head (1994))) .............................................. 406 
Figure D.2 – Hydraulic triaxial apparatus for 38 mm diameter samples a) schematic view (modified from Gasparre 
(2005)); b) general view of Triax_1 .................................................................................................. 413 
Figure D.3 – Sample preparation: a) PVC tube containing the samples; b) general view of a geological interface; c) 
detail of a sample with shells ........................................................................................................... 414 
Figure E.1 – a) general view of the bender elements system; b) evaluation of the time lag of the bender element 
system .............................................................................................................................................. 444 
Figure F.1 – Results of the calibration of the a) shear and b) bulk stiffness obtained by the 6 different scenarios 
tested in the “Areolas da Estefânia” (AE) formation ........................................................................ 454 
Figure F.2 – Results of the calibration of the a) shear and b) bulk stiffness obtained by the 6 different scenarios 
tested in the “Argilas e Calcários dos Prazeres” (AP) formation ...................................................... 456 
Figure F.3 – Results of the numerical simulation of the triaxial tests performed in the “Areolas da Estefânia” (AE) 
formation: a) stress path; b) stress-strain curve; c) evolution of the volumetric strains/pore water 
pressures; d) stiffness degradation curves ....................................................................................... 459 
Figure F.4 – Results of the numerical simulation of the triaxial tests performed in the “Argilas e Calcários dos 
Prazeres” (AP) formation: a) stress path; b) stress-strain curve; c) evolution of the volumetric 
strains/pore water pressures; d) stiffness degradation curves ........................................................ 461 
Figure F.5 – Results of the numerical simulation of the isotropic compression tests performed in the Miocene 
formations: a) I-AE-08.5; b) I-AE-18.0; c) I-AE-21.5; d) I-AP-39.5 ..................................................... 461 
Figure F.6 – Results of the numerical simulation of the self-boring pressuremeter tests performed in the “Areolas 
da Estefânia” (AE) formation ............................................................................................................ 463 
Figure F.7 – Results of the numerical simulation of the self-boring pressuremeter tests performed in the “Argilas e 
Calcários dos Prazeres” (AP) formation ........................................................................................... 464 
Figure G.1 – Results determined along the alignments: a) settlements b) horizontal strain ................................ 466 
 
  
LIST OF FIGURES 
 
 
 34 
 
 
 
 
LIST OF TABLES 
 
 
 35 
 
LIST OF TABLES 
Table 1.1 – Parameters required for determining the active pressure acting on a cylindrical shaft by analytical 
methods ............................................................................................................................................. 47 
 
Table 2.1 – Percentage of minerals in a sample of the AP formation (Lopes Laranjo et al., 2010) ......................... 88 
Table 2.2 – Average index properties of the AP formation ..................................................................................... 90 
Table 2.3 – Results of the oedometer tests in natural samples of the AP formation (modified from Marques, 1998)
 ............................................................................................................................................................ 90 
Table 2.4 – Average index properties of the AE formation ................................................................................... 104 
Table 2.5 – Results of the unconfined compressive strength tests performed in the Limestone layer (modified from 
Cenorgeo, 2008) ............................................................................................................................... 105 
 
Table 3.1 – Intact samples collected in the backyard of Quintão building ............................................................ 112 
Table 3.2 – Distribution of minerals for the different lithologies existent in the Ivens shaft site ......................... 121 
Table 3.3 – Distribution of the clay minerals for the different lithologies existent in the Ivens shaft site ........... 121 
Table 3.4 – Parameters of compressibility of the AP formation ........................................................................... 127 
Table 3.5 – Parameters of consolidation and permeability of the AP formation .................................................. 131 
Table 3.6 – Isotropic compression tests: description of the initial conditions of the samples and of the test 
procedures ....................................................................................................................................... 133 
Table 3.7 – Results of the isotropic compression tests performed in the AE formation ....................................... 134 
Table 3.8 – Results of the isotropic compression test performed in the AP formation ........................................ 135 
Table 3.9 – Results of the uniaxial compression tests performed in the Limestone layer .................................... 139 
Table 3.10 – Triaxial tests performed in the AE formation ................................................................................... 143 
Table 3.11 – Triaxial tests performed in the AP formation ................................................................................... 144 
Table 3.12 – Dimensions and characteristics of the bender elements.................................................................. 158 
Table 3.13 – Characteristics of the probes and test procedures of the bender elements tests ........................... 160 
 
Table 4.1 – Nonlinear Mohr-Coulomb failure criterion parameters for the AE formation ................................... 186 
Table 4.2 – Nonlinear Mohr-Coulomb failure criterion parameters for the Limestone layer ............................... 188 
Table 4.3 – Mohr-Coulomb failure criterion parameters for the AP formation .................................................... 189 
Table 4.4 – Dilation angles adopted for the different layers ................................................................................. 191 
Table 4.5 – Parameters for the definition of the maximum shear stiffness of the AE formation ......................... 193 
Table 4.6 – Parameters of the shear stiffness degradation curve of the AE formation ........................................ 193 
LIST OF TABLES 
 
 
 36 
 
Table 4.7 – Bulk stiffness parameters of the AE formation ................................................................................... 195 
Table 4.8 – Parameters for the definition of the maximum shear stiffness of the AP formation ......................... 202 
Table 4.9 – Parameters of the shear stiffness degradation curve of the AP formation ........................................ 202 
Table 4.10 – Bulk stiffness parameters of the AP formation ................................................................................. 204 
Table 4.11 – Permeability of the AE formation ...................................................................................................... 209 
Table 4.12 – Parameters for the definition of the Gmax and Kmax of the AE formation derived considering the field 
data ................................................................................................................................................... 220 
Table 4.13 – Parameters of the shear stiffness degradation curve of the AE formation derived using the 5 scenarios 
proposed ........................................................................................................................................... 222 
Table 4.14 – Parameters of the bulk stiffness degradation curve of the AE formation derived using the 5 scenarios 
proposed ........................................................................................................................................... 223 
Table 4.15 – Parameters for the definition of the Gmax and Kmax of the AP formation derived considering the field 
data ................................................................................................................................................... 226 
Table 4.16 – Parameters of the shear stiffness degradation curve of the AP formation derived using the 5 scenarios 
proposed ........................................................................................................................................... 227 
Table 4.17 – Parameters of the bulk stiffness degradation curve of the AP formation derived using the 5 scenarios 
proposed ........................................................................................................................................... 228 
Table 4.18 – Summary of the parameters considered in the numerical analysis .................................................. 245 
 
Table 5.1 – Parameters of the linings .................................................................................................................... 256 
Table 5.2 – Equivalent parameters of the buildings .............................................................................................. 259 
Table 5.3 – Classification of damage on buildings ................................................................................................. 293 
Table 5.4 – Risk assessment of buildings for the reference analysis ..................................................................... 294 
 
Table 6.1 – Characteristics of the parametric studies performed ......................................................................... 306 
Table 6.2 – IC – Risk assessment of buildings ........................................................................................................ 313 
Table 6.3 – CS – Risk assessment of buildings ....................................................................................................... 320 
Table 6.4 – JG – Risk assessment of buildings ........................................................................................................ 329 
Table 6.5 – LI – Risk assessment of buildings ......................................................................................................... 337 
Table 6.6 – BS – Risk assessment of buildings ....................................................................................................... 345 
 
Table B.1 – Comparison of the results between the laser diffraction and the sieving and sedimentation method
 .......................................................................................................................................................... 393 
Table C.1 – Distribution of minerals for the different lithologies existent in the Ivens shaft site ......................... 398 
Table D.1 – Resolution and calibration constants of the triaxial instruments ....................................................... 414 
Table F.1 – Set of parameters for the definition of Gmax and Kmax ......................................................................... 452 
Table F.2 – Set of parameters for shear and bulk stiffness degradation curves .................................................... 452 
 
 
LIST OF SYMBOLS 
 
 
 37 
 
LIST OF SYMBOLS 
Abbreviations 
 AE “Areolas da Estefânia” formation 
 AP “Argilas e Calcários dos Prazeres” formation 
 BE Bender Elements 
 EAs Evolutionary Algorithms 
 EPB-TBM Earth Pressure Balanced Tunnel Boring Machines 
 FEUP Faculty of Engineering of Oporto University (Portugal) 
 FFT Fast Fourier Transform 
 GAs Genetic Algorithms 
 GSI Geological Strength Index 
 ICFEP Imperial College Finite Element Program 
 ICGSSS Imperial College Generalised Small Strain Stiffness Model 
 ICL Isotropic Compression Line 
 LG-DEC-UC Geotechnical Laboratory of the Department of Civil and Environmental 
Engineering of the University of Coimbra 
 LNEC National Laboratory of Civil Engineering (Portugal) 
 LS-DCT-UC Sedimentology Laboratory of the University of Coimbra 
 ML Lisbon Metro 
 MPT Ménard Pressuremeter Test 
 NATM New Austrian Tunnelling Method 
 NCL Normal Compression Line 
 OCR Over Consolidation Ratio 
 PSD Particle size distribution 
 SBPT Self-Boring Pressuremeter Test 
 SBR Shaft Boring Roadheader 
 SBS Shaft Boring System 
 SPT Standard Penetration Test 
 TBM Tunnel Boring Machines 
 XRD X-Ray Diffraction test 
LIST OF SYMBOLS 
 
 
 38 
 
Greek alphabet 
 𝛽 Inclination of the wall; 
Relative rotation of the building 
 𝛾 Volume / unit weight 
 𝛾𝑑 Dry unit weight 
 𝛾𝑤 Unit weight of the water (9.81 kN/m
3) 
 𝛿 Soil-wall friction; 
Vertical displacement 
 ∆𝜙′ Amplitude of the variation of the angle of shear resistance 
 Δmax Maximum deflection of the building 
 Δu Excess pore water pressure 
 ∆/𝐿 Deflection ratio 
 𝜀 Backfill inclination 
 𝜀𝑎 Axial strain 
 𝜀ℎ Horizontal strain 
 𝜀𝑏 Bending strain 
 𝜀𝑏𝑡 Total bending strain 
 𝜀𝑐 Cavity strain 
 𝜀𝑑 Diagonal strain 
 𝜀𝑑𝑡 Total diagonal strain 
 𝜀𝑓 Strain at failure 
 𝜀𝑙𝑖𝑚 Limiting tensile strain 
 𝜀𝑟  Radial strain 
 𝜀𝑠 Shear strain 
 𝜀𝑉 Volumetric strain 
 𝜃 Diffraction angle; 
Lode’s angle – third invariant of the stress tensor; 
Twisting of the building 
 𝜅 Isotropic swelling index 
 𝜆 Circumferential-vertical stress ratio; 
Wavelength of the X-ray; 
Isotropic compression index; 
Stress relief factor 
 𝜈 Poisson’s ratio 
 𝜌 Mass density 
LIST OF SYMBOLS 
 
 
 39 
 
 𝜎′1 Major principal stress 
 𝜎′3 Minor principal stress 
 𝜎′ℎ0 Initial horizontal effective stress 
 𝜎𝑐𝑖  Intact compression strength 
 𝜎𝑐𝑚 Compressive strength measured in the test 
 𝜎𝜃  Tangential stress 
 𝜎′𝑝 Pre-consolidation stress 
 𝜎𝑟  Radial stress 
 𝜎′𝑟0 Initial radial effective stress 
 𝜎′𝑣 Vertical effective stress 
 𝜎′𝑣0 Initial vertical effective stress 
 𝜏 Shear stress 
 𝜙′ Angle of shear resistance 
 𝜙′𝑏 Base angle of shearing resistance 
 𝜙𝑐𝑣 Angle of shear resistance at constant volume 
 𝜓 Dilatancy 
 𝜔 Tilt of the building 
Roman alphabet 
 𝑎 Radius; 
Constant affecting the degradation of shear modulus (ICGSSS model); 
Constant (Hoek-Brown failure criterion) 
 𝑎0 ;  𝑎1 ;  𝑎2 Constants affecting the degradation of shear modulus (ICGSSS model) 
 𝐴 Corrected area 
 𝐴0 Initial area 
 𝐴𝐶  Soil activity 
 𝐴𝑠𝑙𝑎𝑏 Area of the slab 
 𝑏 Constant affecting the degradation of shear modulus (ICGSSS model); 
Constant (Hoek-Brown failure criterion) 
 𝐵 Coefficient of saturation  
 𝑐′ Cohesion 
 𝐶𝐶  Compression index 
 𝐶𝐶
∗ Intrinsic compression index 
 𝐶𝐻 Constant for estimating the permeability 
LIST OF SYMBOLS 
 
 
 40 
 
 𝐶𝑆 Swelling index 
 𝐶𝑠𝑒𝑐  Coefficient of secondary consolidation 
 𝑐𝑣 Coefficient of consolidation 
 𝑑 Interplanar distance 
 𝐷 Diameter; 
Disturbance factor (Hoek-Brown failure criterion) 
 𝐷10 Particle size for which 10% of the soil is finer 
 𝐷𝑙,𝑖  ;  𝐷𝑠,𝑖 Dimension of the larger and smaller sieve 
 𝑒 Void ratio 
 𝑒𝐿 Void ratio at liquid limit 
 𝑒0 Initial void ratio 
 𝑒𝑓 Final void ratio 
 𝑒100
∗  Void ratio on isotropic compression line for a 𝜎′𝑣 = 100 𝑘𝑃𝑎 
 𝐸 Young’s modulus  
 (𝐸𝐴)𝑠𝑡𝑟𝑢𝑐𝑡 Axial stiffness of the structure 
 (𝐸𝐼)𝑠𝑡𝑟𝑢𝑐𝑡  Bending stiffness of the structure 
 𝐸50/𝑜𝑒𝑑/𝑢𝑟  Triaxial, oedometer and unload-reload stiffness modulus (Hardening Soil 
Model) 
 𝐸50/𝑜𝑒𝑑/𝑢𝑟
𝑟𝑒𝑓
 Reference triaxial, oedometer and unload-reload stiffness modulus 
(Hardening Soil Model) 
 𝐸𝑑  Generalised deviatoric strain 
 𝐸𝑒𝑞𝑢𝑖𝑣  Equivalent Young’s modulus of the building 
 𝐸𝑖  Intact Young’s modulus 
 𝐸𝑚 Effective Young’s modulus of the rock mass 
 𝐸𝑠𝑙𝑎𝑏 Effective Young’s modulus of the slab 
 𝐸𝑀 Ménard pressuremeter modulus 
 𝑓𝑒,𝑘 Void ratio constant (ICGSSS model) 
 𝑓𝑖 Fraction of particles between two sieves 
 𝐹𝐴 Ageing factor 
 𝐹𝑚𝑒𝑚𝑏 Force in the membrane 
 𝑔 Acceleration of the gravity (9.81 m/s2) 
 𝐺 Density of the soil particles; 
Shear Modulus 
 𝐺0 Initial shear modulus; 
Constant affecting the maximum shear modulus (ICGSSS model) 
 𝐺0,𝑓𝑖𝑒𝑙𝑑 Initial shear modulus obtained in the field 
LIST OF SYMBOLS 
 
 
 41 
 
 𝐺0,𝑙𝑎𝑏 Initial shear modulus obtained in the laboratory 
 𝐺ℎℎ Shear modulus in the horizontal plane 
 𝐺𝑚𝑎𝑥  Maximum tangent shear modulus 
 𝐺𝑚𝑖𝑛 Minimum shear modulus 
 𝐺𝑠𝑒𝑐  Secant shear modulus 
 𝐺𝑡𝑎𝑛 Tangent shear modulus 
 𝐺𝑣ℎ Shear modulus in the vertical plane 
 𝐺𝐵𝐸  Shear modulus obtained in the bender elements test 
 𝐺𝑀 Shear pressuremeter modulus 
 𝐺𝑈𝑅  Unload-reload shear modulus  
 ℎ Depth below ground surface 
 ℎ𝑚 Distance to the neutral axis of the structure 
 𝐻 Height 
 𝐻𝑒𝑞𝑢𝑖𝑣  Equivalent height of the building 
 𝐻𝑖  Height of the sample at the beginning of the loading stage 
 𝐼 Inertia 
 𝐼𝑠𝑙𝑎𝑏  Inertia of the slab 
 𝐽 Deviatoric stress – second invariant of the stress tensor  
 𝑘 Permeability 
 𝐾0 Earth pressure coefficient at rest; 
Initial bulk modulus; 
Constant affecting the maximum bulk modulus (ICGSSS model) 
 𝐾𝑎 Active earth pressure coefficient 
 𝐾𝑎𝑐  Active earth pressure coefficient for the cohesion 
 𝐾𝑎𝑞 Active earth pressure coefficient for the surcharge 
 𝐾𝑎𝛾 Active earth pressure coefficient for the self weight 
 𝐾𝑚𝑎𝑥  Maximum tangent bulk modulus 
 𝐾𝑚𝑖𝑛 Minimum bulk modulus 
 𝐾𝑠𝑒𝑐  Secant bulk modulus 
 𝐾𝑡𝑎𝑛 Tangent bulk modulus 
 𝐿 Length; 
Out-plane dimension 
 𝐿𝐿 Liquid limit 
 𝑚 Stress level dependency parameter (Hardening Soil Model); 
Number of storeys 
LIST OF SYMBOLS 
 
 
 42 
 
 𝑚𝑏 Constant (Hoek-Brown failure criterion) 
 𝑚𝑖  Constant of the intact rock (Hoek-Brown failure criterion) 
 𝑚𝑣 Coefficient of volume compressibility 
 𝑚𝐺  Stress level dependency parameter in the shear modulus (ICGSSS model) 
 𝑚𝐾 Stress level dependency parameter in the bulk modulus (ICGSSS model) 
 𝑝′ Mean effective stress - first invariant of the stress tensor 
 𝑝𝑎 Active earth pressure 
 𝑝′𝑟𝑒𝑓  Reference pressure 
 𝑝′𝑁 Mean effective stress at the average secant angle of shearing resistance 
 𝑃𝐿 Limit pressure of the Ménard Pressuremeter Test 
 𝑃𝐼 Plasticity index 
 𝑃𝐿 Plastic limit 
 𝑞 Surcharge; 
Deviatoric stress 
 𝑟 Constant affecting the degradation of bulk modulus (ICGSSS model) 
 𝑟0 ;  𝑟1 ;  𝑟2 Constants affecting the degradation of bulk modulus (ICGSSS model) 
 𝑅𝐺,𝑚𝑖𝑛 Constant affecting the degradation of shear modulus (ICGSSS model) 
 𝑅𝐾,𝑚𝑖𝑛 Constant affecting the degradation of bulk modulus (ICGSSS model) 
 𝑠 Constant affecting the degradation of bulk modulus (ICGSSS model) 
 𝑆 Saturation degree 
 𝑆𝑈 Undrained shear resistance 
 𝑆𝐹 Shape factor 
 𝑡 time 
 𝑡𝑎𝑟𝑟  Arrival time 
 𝑡𝑠𝑙𝑎𝑏 Thickness of the slab 
 𝑉𝑃 Shear wave velocity 
 𝑉𝑆 Compression wave velocity 
 𝑤0 Initial water content 
 𝑤𝑓 Final water content 
 
 
  
 43 
 
CHAPTER 1 
INTRODUCTION 
1.1 BACKGROUND 
The increasing use of underground space, both in metropolitan and mining areas, has led to the 
excavation of multiple shafts since they provide the most direct access to the subsoil and to mineral 
deposits. The term shaft is typically employed, both in civil and mining engineering, to define a structure 
which has a depth higher than width (Muramatsu & Abe, 1996) and that connects the surface and the 
underground through an opening with an inclination to the horizontal of fifteen or more degrees, 
although in practise the excavation is mostly performed vertically since it minimises the length and the 
overall cost of the excavation (Holl & Fairon, 1973). Over the last decades the typical shape in plan has 
changed from being rectangular to circular (and even elliptical) due to the development of new 
construction techniques (Holl & Fairon, 1973), but essentially because the circular section is more 
efficient, since it requires a much thinner lining, in comparison with a rectangular section, for the 
equivalent earth pressures applied (Muramatsu & Abe, 1996). 
The local ground conditions and also its purpose are two of the principal factors that influence the design 
of the shaft. In mining conditions the mineral deposits are generally located in remote areas at 
considerable depths and in hard rock. Consequently the shafts are deep, with some reaching more than 
3000 m (Schmäh et al., 2007), and the design is more focused on aspects such as the speed of 
construction and the quantity of air supplied to the works (Holl & Fairon, 1973; Doig, 2012). Only near 
the surface, where the ground is more unstable and in the presence of water, or at higher depths, under 
squeezing rock conditions, the design of the support becomes critical for the stability of the shaft (Auld, 
1979). In contrast, civil engineering shafts usually do not surpass depths of around 100 m (Muramatsu 
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& Abe, 1996) and are predominantly located in urban environments, surrounded by existing structures 
and services. In addition, the ground conditions at these depths are generally more unstable, with the 
presence of soft soils and a high water table, which makes the design of shafts more focused on 
controlling the ground and water movements, minimising the settlements and consequently the risk of 
damaging other structures (Doig, 2012).  
The differences described above led to the development and optimisation of several construction 
methods for the excavation of shafts. Typically, the shafts in hard rock are excavated by drilling and 
blasting from the surface – shaft sinking. However, in some cases when the bottom access is available 
the excavation can occur from the bottom up – rise boring. More recently, new boring machines have 
been developed, similar to Tunnel Boring Machines (TBM) but that operate in the vertical direction, SBS 
– Shaft Boring System (Figure 1.1a)) and SBR – Shaft Boring Roadheader (Figure 1.1b)), which can 
excavate shafts in almost all ground conditions (Burger & Rauer, 2012; Schmäh, 2012). However, their 
operation is limited to certain depths and their use is to some degree unproven (Doig, 2012). 
As mentioned, the construction of shafts in soils is more complex since it requires the control of 
settlements and water movements caused by the excavation. Different techniques are available that 
can be employed depending on the local conditions. In cohesionless materials the construction methods 
usually involve the installation of a support system prior to the excavation, such as secant pile walls or 
diaphragm walls, where the lining is ensured by vertical piles/panels of reinforced concrete executed 
from the surface (Figure 1.1c)). Alternatively, in medium to soft soils, it is possible to use the so-called 
sinking jacked caisson technique. In this method a cutting steel ring is fitted at the base of the caisson 
in order to improve the sinking of the lining, either under its own weight or with the aid of jacks (Figure 
1.1d)). Reinforced concrete or cast iron rings segments are successively added from the surface to 
ensure the continuity of the lining (Newman & Wong, 2011). The soil can be removed directly from 
inside the shaft using a conventional excavator or from the surface if the excavation occurs under a high 
water table. A third possibility for the soil removal, although less popular due to health and safety 
reasons, consists of building a compressed air working chamber at the bottom of the shaft (Allenby & 
Kilburn, 2012).  
Another option frequently used when constructing shafts in poor soil conditions consists of the initial 
pre-treatment of the ground so that it becomes possible to excavate without support. The improvement 
of the soil can be performed by simple dewatering, although this method itself can cause significant 
settlements, or by injection of grout in the soil at low or high pressures forming columns of weak 
concrete. Alternatively, when the water table is near the surface it is possible to freeze the soil by 
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circulating chilled brine in pipes previously installed in the perimeter of the excavation (Sopko et al., 
2012), creating a protection layer of frozen soil (Figure 1.1e)). After the ground improvement it is 
possible to excavate the shaft without pre-installation of the support, using techniques similar to those 
employed in soils with cohesion, such as the vertical construction sequence technique, where the 
excavation is usually performed sequentially, either by small bites or by a full depth cycle depending on 
the dimensions of the shaft and on the properties of the soil. Shotcrete or other type of support is then 
applied before the excavation of a new cycle begins.  
Naturally a combination of two or more construction techniques is possible depending on the local 
ground conditions and also on the equipment at disposal for the excavation of the shaft.  
 
 
Figure 1.1 – Shaft construction techniques: a) SBR – shaft boring machine (Schmäh et al., 2007); b) SBR – shaft 
boring roadheader (Schmäh et al., 2007); c) diaphragm wall (Stanley et al., 2012); d) jacked caissons (Newman 
& Wong, 2011); e) ground-freezing (Doig, 2012)  
An important aspect when designing shafts is the evaluation of the pressure acting on the lining. This 
can essentially be caused by two types of sources, the weight of the soil and any surcharges that may 
be applied to the ground surface and the water pressure caused by a high phreatic level. The latter can 
be easily assessed if the shaft is meant to be waterproof, since below the water table a hydrostatic 
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pressure is applied around the shaft. The evaluation of the former is far more complex and has been 
the object of study throughout the years. The classical earth pressure theories derived for plane strain 
conditions usually are not applicable since shafts are mostly small and circular structures where axi-
symmetric conditions prevail. As a result several authors have developed and proposed new analytical 
solutions for evaluating the active earth pressure acting on a cylindrical shaft assuming these particular 
stress conditions. These methods can be divided into 3 principal groups according to their frameworks. 
The limit equilibrium theories proposed by Terzaghi (1943) and Prater (1977) where a suitable failure 
surface is adopted and a minimum pressure is determined in order to ensure the static equilibrium of 
the soil wedge. A different approach was followed by Berezantzev (1958) and further extended by Cheng 
et al. (2008) and Liu et al. (2009a) where the slip line method was used to derive the partial differential 
equations governing the plastic equilibrium of a conical surface. It should, however, be mentioned that 
both of these approaches assume an active stress state condition for the estimation of the earth 
pressure, which may be unreasonable and incompatible with the level of displacements of the 
shaft, particularly if the construction occurs using the sinking jacked caisson technique, where the 
decompression of the soil is minimal. A more detailed description of these methods and a comparison 
between their results can be found in Appendix A. Finally, a third methodology was proposed by Wong 
and Kaiser (1988) and is based on the convergence-confinement method used for tunnels under 
isotropic stress conditions. However, this approach is usually not employed to design shafts since it does 
not consider directly the important effect of the gravity forces, although it has the advantage of taking 
into account the level of displacements in the calculation of the earth pressure.  
The general expression for evaluating the active earth pressure acting on a cylindrical shaft by analytical 
methods is similar to that proposed for the plane strain conditions by the classical theories (equation 
1.1). The difference is in the expressions of the earth pressure coefficients (𝐾𝑎𝛾, 𝐾𝑎𝑐  and 𝐾𝑎𝑞) which 
were deduced for axi-symmetric conditions. In the expression 𝛾 represents the unit weight of the soil, 
ℎ the depth below ground surface, 𝑐′ the cohesion and 𝑞 any surcharge loading at the ground surface. 
Table 1.1 lists the parameters required for each analytical solution. It is possible to observe that all 
theories assume Mohr-Coulomb as the failure criterion although in some cases just for cohesionless 
soils. The extension of the Berezantzev’s method proposed by Liu et al. (2009a) also allows the 
consideration of the inclination of the shaft, the backfill inclination and, most significantly, the soil-shaft 
friction angle. The last column of the table refers to the circumferential-vertical stress ratio, 𝜆 = 𝜎𝜃/𝜎𝑣, 
adopted in each of the solutions. This value can be considered an important parameter in axi-symmetric 
conditions since it reflects the horizontal arching developed around the shaft. According to Cheng et al. 
(2007) its value tends to increase from K0 to 1 during the shaft construction, increasing the overall 
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stability, while the radial-vertical stress ratio tends to decrease from K0 to Ka as in plane strain 
conditions. 
 𝑝𝑎 = 𝐾𝑎𝛾 ∙ 𝛾 ∙ ℎ + 𝐾𝑎𝑐 ∙ 𝑐′ + 𝐾𝑎𝑞 ∙ 𝑞 1.1 
Table 1.1 – Parameters required for determining the active pressure acting on a cylindrical shaft by analytical 
methods 
Analytical method 
Shaft geometry  Soil properties 
Soil-wall 
friction 
Surcharge 
Backfill 
inclination 
Stress ratio 
(=/v) Height Radius Inclination 
 
Weight 
Angle shear 
resistance 
Cohesion 
Terzaghi (1943) h a -   ’ - - - - 1 
Berezantzev (1958) h a -   ’ c’ - q - 1 
Prater (1977) h a -   ’ - - - -  
Cheng et al. (2008) h a -   ’ c’ - q -  
Liu et al. (2009a) h a    ’ c’  q  1 
Liu et al. (2009b) h a -   ’ c’ - q -  
 
The excavation of cylindrical shafts has also been investigated using physical models, such as simple 
small scale models or more elaborate centrifuge tests. These experiments focused primarily on the 
assessment of the earth pressure distribution with depth, although in same cases the displacements 
and the failure mechanism caused by the excavation were also analysed. One of the first model scale 
tests was performed by Walz (1973) and involved the sinking of a cylindrical shaft in a box filled with 
sand, reproducing the abovementioned jacked caisson technique. By modifying the size of the cutting 
edge ring of the shaft, Walz (1973) created a recess between the soil and the lining and observed that 
the earth pressure was dependent of that recess distance. For a zero distance a maximum pressure was 
measured in the lining while for higher recess distances the values were considerably smaller. An 
identical result was found by Chun and Shin (2006) and Tobar and Meguid (2011) in reduced scale 
models where the displacement of the sandy soil was induced by a mechanical system that allowed the 
contraction of the lining, reducing its radius. A decay of about 80 % of the radial earth pressure at 
different depth levels was measured in both cases, although the magnitude of the displacement 
associated with those pressures varied from 0.3 to 0.6 (%) of the depth of the shaft (𝐻) for the Tobar 
and Meguid (2009) and the Chun and Shin (2006) models, respectively. 
The influence of the shaft displacements on the earth pressure was also investigated using centrifuge 
tests. Lade et al. (1981) performed a series of tests on sands and also observed a reduction of the 
pressure acting on the shaft. However, his results were influenced by the mechanism used in the 
centrifuge to simulate the excavation (a fluid, replacing the soil inside the shaft, which was 
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depressurised during the excavation) and consequently could not be considered entirely reliable (Tobar 
and Meguid (2010)). A different mechanical mechanism, similar to that used by Chun and Shin (2006) 
and Tobar and Meguid (2011), was employed by several authors (Fujii et al., 1994; Ueno et al., 1996; 
Hagiwara et al., 1998; Herten & Pulsfort, 1999; Imamura et al., 1999) in their centrifuge tests in order 
to overcome the limitations found in Lade et al. (1981) experiments. These studies, also performed on 
sands, confirmed the earth pressure dependence on the displacements of the shaft (𝑆), as can clearly 
be seen in Figure 1.2a). From their results it was also observed that the minimum earth pressure 
measured was in very good agreement with the Berezantzev (1958) prediction, although the magnitude 
of the displacements required for reaching the active condition varied significantly among tests and 
consequently no threshold could be defined. The magnitude of the earth pressure was also found to be 
dependent on other parameters, such as the soil-shaft friction and the stiffness of the lining. Fujii et al. 
(1994) observed that the increase of the roughness between soil and shaft decreased slightly the earth 
pressure on the shaft. The effects of the shaft lining stiffness and of the radius of the shaft were also 
investigated by Ueno et al. (1996). His results showed that the pressure acting on the shaft increased 
when stiffer linings were adopted. In contrast, the earth pressure remained almost unchanged for the 
different shaft radius tested.  
The centrifuge tests performed also provided information regarding the displacements observed at the 
ground surface and the typical failure mechanism of the shaft. The distance of influence of the 
excavation at the ground surface was found by several authors to be of about 1.0 to 1.5 times the radius 
(𝑎) of the shaft (Fujii et al., 1996; Hagiwara et al., 1998; Imamura et al., 1999) for a dense sandy soil with 
a ’ of 42º. The failure mechanism observed in the centrifuge by Fujii et al. (1996) and Hagiwara et al. 
(1998) for a 3 m radius prototype shaft and in a scale model carried out by Chun and Shin (2006) for 
smaller shaft radius is presented in Figure 1.2b). The failure surface appears to be a combination of 
those proposed by Terzaghi (1943) and Berezantzev (1958) since, until a depth of about 0.8 ∙ 𝐻, a 
cylindrical mass of soil with a width of approximately 0.7 ∙ 𝑎 is sliding vertically and from that depth until 
the base of the shaft a conical surface is developed with an inclination similar to the assumed for the 
active plane strain conditions (45 + ’/2). 
Despite the increasing number of shafts excavated the amount of monitoring data published is very 
limited, and often only related to the vertical and horizontal displacements measured during the 
excavation. In addition, the complexity associated with the ground conditions and with the construction 
sequence adopted makes the interpretation and comparison of those results with those obtained by 
physical tests even more difficult. Goto et al. (1994) and Enami et al. (1996) published instrumentation 
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data related to the earth pressure acting on cylindrical shafts that were excavated using the diaphragm 
wall and jacked caissons techniques, respectively. Their results showed that only a slight decrease of 
the earth pressure acting on the lining occurred during the excavation, implying that probably the active 
stress conditions were not reached due to the small horizontal movements that the employed 
construction techniques allowed. The area of influence of the excavation recorded by Goto et al. (1994) 
extended to a length of about the radius of the shaft supporting the results obtained by the physical 
models. 
 
 a) b) 
Figure 1.2 – Results of centrifuge and reduced scale models of the excavation of shafts: a) normalised earth 
pressure; b) failure surface 
1.2 SCOPE OF RESEARCH 
In recent decades the development of the underground networks of the cities of Lisbon and Oporto has 
led to the construction of several shafts in Portugal. Initially those structures were built with the 
principal purpose of launching new work fronts or in order to create access points to existing tunnels 
and stations, either for ventilation or for public access. These shafts were mainly circular, in order to 
optimise the design of the lining, and were excavated after the installation of a diaphragm wall or by 
using the vertical construction sequence, where the support was only installed after the excavation to 
a certain depth. For example, since the residual soils of the city of Oporto presented reasonable 
characteristics the vertical construction sequence was adopted as a solution for the construction of 
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some of the underground stations of that metro network (Figure 1.3a)). Further developments 
introduced elliptical shafts in order to maximise the space for the platforms and minimise the excavation 
(Figure 1.3b)). However, space constrains led the designers to more audacious solutions such as that 
adopted in the Salgueiros metro station, which was a combination of 2 elliptical shafts connected by a 
large beam supported on 2 piles (Figure 1.3c)). An even more radical solution was designed for the 
Reboleira station on the Lisbon Metro where 5 elliptical shafts were connected and supported by 4 
beams as shown in Figure 1.3d).  
 
 
Figure 1.3 – Examples at Portugal of the excavation of shafts using the vertical sequential excavation method: 
a) Bolhão station – Oporto Metro (2001); b) Marquês station – Oporto Metro (2004); c) Salgueiros station – 
Oporto Metro (2004); d) Reboleira station – Lisbon Metro (2010) 
Despite the increasing use of this type of solutions, i. e. combined ellipses, as alternative to more 
conventional circular excavations (Andrade et al., 2004; Morrison et al., 2004; Campanhã & Kuwajima, 
2008; Vincenza et al., 2012), their study has been limited (França et al., 2006; Pedro et al., 2010) and 
consequently their behaviour remains to a certain degree unknown. Only recently research conducted 
by Topa Gomes (2008) clarified some aspects regarding the behaviour of this type of excavation. 
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However, that investigation was mainly focused on the structure itself and not on its interaction with 
existing structures and services. The importance of such investigations was highlighted, for example, 
with the accident that occurred in January 2007 in the Pinheiros station of the metro of S. Paulo, Brazil. 
The collapse of the access tunnel propagated to the shaft and part of it failed causing several fatalities 
and damaging irreparably multiple buildings as can be seen in Figure 1.4. Despite the severity of the 
accident it was interesting to note that nearly half of the shaft remained in place. Other types of 
incidents, with much lower severity, have been reported during shaft construction. The most common 
is related to the base stability of the excavation and is typically triggered by high water pressures at the 
bottom of the shaft which cause heave, flooding and eventually large displacements at the ground 
surface (McNamara et al., 2008; Newman, 2009). Failure of the shaft lining has also been identified by 
Lecomte et al. (2012) as responsible for incidents in civil engineering shafts. 
  
Figure 1.4 – Aerial view of the accident that occurred at Pinheiros station on the line 4 of the S. Paulo Metro 
Given the increasing number of shafts excavated in urban areas using the vertical construction sequence 
technique and the eventual problems associated with this methodology, the main objective of this 
thesis is to investigate the behaviour of this type of structure and contribute towards a better 
understanding of the soil-structure interaction between the excavation of shafts and the surrounding 
structures and services. To achieve this purpose the case study of the future Ivens shaft in Lisbon is 
analysed in detail. This shaft, yet to be built, will be located in the centre of the city, surrounded by 
several old buildings, and will have in its vicinity the Baixa-Chiado metro station. The Ivens shaft is an 
underground structure of a very complex shape, which changes significantly with depth, and it was 
therefore important to assess the impact of its excavation on the existing surrounding structures. With 
this purpose in mind a series of 3D numerical analyses using the Imperial College Finite Element 
Program, ICFEP (Potts & Zdravković, 1999), were carried out as part of the research presented in this 
thesis. 
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However, for a useful analysis to be performed, it was necessary to conduct a thorough ground 
investigation in order to derive the necessary soil parameters for numerical modelling. The 
characterisation work involved both in-situ and laboratory tests, with a set of triaxial and bender 
element tests specifically performed in order to derive the small strain stiffness characteristics of the 
relevant formations. The calibration of the advanced constitutive models was carried out using 
optimisation methods, such as the Genetic Algorithms, which improved significantly the fitting of the 
field and laboratory data by reducing the subjectivity involved and minimising the global error and the 
time spent on the calibration. The obtained parameters were then used in the 3D numerical simulations 
and different analyses were performed in order to assess the influence of different aspects related with 
the construction of the shaft. From these results it was possible to establish a global picture of the most 
influential factors on ground movements and perform a risk analysis of the buildings. 
1.3 LAYOUT OF THESIS 
This thesis is composed of three main parts, each dedicated to a distinct geotechnical topic, but 
intrinsically connected and dependent. The first part, which consists of chapters 2 and 3, presents the 
investigation and the geotechnical characterisation performed on the relevant formations located at 
the Ivens shaft site. Subsequently, in Chapter 4, the data collected from the field and laboratory tests is 
fitted, using optimisation methods, to the advanced constitutive models selected for each layer and the 
calibration is validated against a boundary value problem. Finally, in chapters 5 and 6, 3D numerical 
analyses are performed in order to assess the behaviour of the Ivens shaft construction and the damage 
that the excavation could inflict on the surrounding structures. 
More specifically, Chapter 2 presents a literature review of the geotechnical conditions on the Lisbon 
Metro network, focusing particularly on the two relevant Miocene formations found at the Ivens shaft 
site. Initially, a review of the historical evolution of the Lisbon Metro (ML) and of the different methods 
used in its construction is presented. Then, the Baixa-Chiado metro station and the design project of 
Ivens shaft are described in detail. In the second part of the chapter the geological evolution of the city 
of Lisbon is addressed and an interpretation of the ground profile at Ivens shaft site is given, by 
correlating the data collected from a local borehole with the timeline of geological events. Finally, a 
review of the geotechnical properties of the two relevant Miocene formations at Ivens shaft site, 
“Areolas da Estefânia” and “Argilas e Calcários dos Prazeres”, is presented and discussed in detail. 
Particular focus is given to the discrepancies observed between field and laboratory tests. 
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Chapter 3 is dedicated to the description and analysis of the complementary ground investigation 
performed at the Ivens shaft site. This chapter is divided into two major sections, the field and the 
laboratory characterisation, which was conducted at the University of Coimbra, Portugal. Initially, the 
in-situ works carried out are described and the results of the seismic tests are discussed and compared 
with the published data. Subsequently, the laboratory tests conducted on intact samples of both 
formations are described. The index properties and the structure are identified by physical and 
mineralogical analysis while the compressibility is evaluated using oedometer and isotropic 
compression tests. Then, the results of the triaxial tests are presented and the large and small strain 
behaviour of both formations is discussed in detail. Finally, the initial shear modulus is evaluated by 
bender elements tests, and the values obtained are compared with the results of the seismic tests. 
In Chapter 4 the data obtained in the field and laboratory tests is used to calibrate advanced constitutive 
models for numerical modelling. Optimisation methods, particularly Genetic Algorithms, are used to 
improve the fitting and the validation of the obtained parameters is performed through a series of 
numerical analyses. First, the main features of the optimisation methods and the finite element code, 
ICFEP, used in the calibration and validation are presented. Subsequently, the models selected to 
reproduce the behaviour at yield and the small strain stiffness behaviour are described in detail, with 
the focus on the recently implemented Imperial College Generalised Small Strain Stiffness Model. In the 
second part of the chapter the required strength and small strain stiffness parameters of the formations 
are derived based on the laboratory results. Their validation is performed against the simulation of the 
triaxial tests conducted and the self boring pressuremeter tests available in the literature. A third 
validation is performed by back-analysing the excavation of the Baixa-Chiado station and comparing the 
numerical settlement trough with the monitoring data. Finally, and based on the validation results, the 
small strain stiffness adopted is re-evaluated in order to include the results of the in-situ tests. A new 
methodology for combining the small strain stiffness results of both field and laboratorial tests is 
proposed and validated against the Baixa-Chiado boundary value problem. 
Chapter 5 presents the results of the 3D numerical model used to simulate the excavation of the Ivens 
shaft. The model, the boundary conditions adopted and the existent limitations and simplifications are 
first explained. Particular focus is given to the definition of the initial stress state since it is strongly 
affected by the existence of the Baixa-Chiado station in the vicinity. The behaviour of the shaft in terms 
of deformations and forces acting on the lining are analysed and related with the shape and sequence 
of excavation. The impact of the construction of Ivens shaft on the Baixa-Chiado station is also addressed 
by plotting the development of movements and increase of forces on the support of the station with 
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the increase in the shaft excavation depth. Based on the movements obtained and on the area affected 
by the construction a risk assessment of the buildings surrounding the excavation is also performed 
following the principles proposed by Boscardin and Cording (1989) and Burland (1995). Finally in the 
chapter, the long-term behaviour of the shaft is investigated. 
In Chapter 6 a parametric study, consisting of 5 additional analyses, is performed in order to evaluate 
the influence of several factors in the construction of the shaft. Firstly, the impact of the initial stress 
conditions is assessed by disregarding the presence of the Baixa-Chiado station. Subsequently, the 
complexity of the construction sequence designed for the shaft is also investigated by considering a 
more simplified approach. A third analysis studies the influence of the jet-grouting columns on the 
overall behaviour of the excavation. Then, the presence and continuity of the Limestone layer is 
addressed by replacing it by the “Areolas da Estefânia” formation in one analysis. Finally, the importance 
of the stiffness of the buildings is evaluated by conducting one analysis where greenfield conditions, i.e., 
no restriction of movements at the ground surface, are considered. The influence of all these factors is 
presented and discussed in comparison with the results obtained for the reference analysis. 
Finally, Chapter 7 summarises the principal conclusions of this study and provides recommendations for 
future research. 
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CHAPTER 2 
REVIEW OF THE GEOTECHNICAL CONDITIONS ON 
THE LISBON METRO NETWORK 
2.1 INTRODUCTION 
This chapter aims to present and summarise all the available information regarding the geotechnical 
conditions that were observed during the construction of the Lisbon Metro, particularly in what 
concerns the Miocene formations entitled “Areolas da Estefânia” (AE) and “Argilas e Calcários dos 
Prazeres” (AP). In the first part of this chapter a review of the historical evolution of the Lisbon Metro 
(ML) and of the different methods used in its construction is presented. In particular details are given 
about the Baixa-Chiado underground station since the main goal of this thesis is related to the study of 
the construction of the Ivens shaft which will be located in the vicinity of the station. Finally, the geology 
of the city of Lisbon is addressed, with special emphasis on the abovementioned two Miocene 
formations. A review of their main geological and geotechnical properties is presented and discussed. 
2.2 LISBON METRO NETWORK 
2.2.1 HISTORICAL EVOLUTION 
The development of an underground network is normally associated with the lack of available and 
affordable space on the ground surface and with the increasing necessity of people moving from one 
place to another quickly and at a low cost. The combination of these factors was first experienced during 
the Industrial Revolution period in London where the spatial constrains and the exponential growth of 
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the city led to the design of an underground solution in order to improve the movement of people and 
goods. The first London metropolitan line opened to the public in January 1863, connecting Paddington 
(Bishop's Road) and Farringdon Street through a 6 km long tunnel (Transport for London, 2012). Soon 
after other cities started developing their own underground systems and today there are more than 100 
networks in the world with more than 50 % of these currently undergoing expansion (Hellawell et al., 
2001). 
At the end of the 19th century the city of Lisbon, Portugal, was also facing similar problems and following 
the success of the London metro decided to design their own underground network. The first design 
was presented by the military engineer Henrique de Lima e Cunha in 1888. Later, in 1923 and 1924, two 
different groups of engineers also presented their projects but, like the previous one, they had no 
positive response from the Portuguese government (Lisbon Metro, 2011). 
Only after the 2nd World War and under the financial support of the Marshall Plan did conditions for the 
development of the Lisbon Metro underground network become favourable. A company was created 
in January 1948 and after seven years of design studies the construction began. The network opened to 
the public in 1959 and consisted of a “Y” shape line with a length of nearly 6.5 km and with 12 stations 
(Figure 2.1a)). The construction of this line was a success, with more than 15.3 million passengers in the 
first year of operation (Lisbon Metro, 2011). Guided by these results the development of the network 
continued, with new stations opening in 1963, 1966 and 1972. At this stage the network was already 
approximately 12 km long and had 20 stations, although consisting of one single line that covered almost 
the entire centre of the city (Figure 2.1b)). 
Further works on the metro network suffered a delay due to the Portuguese Revolution of 1974 and 
only in 1988 and in 1993 did new major developments opened to the public. By the year 1993 the 
network had 25 stations and a total length of approximately 19 km, forming a closed circuit at one end 
as can be seen in the Figure 2.1c).  
A major expansion occurred in 1998 with the opening of the Red Line. This line connected the centre 
with the East side of the city where the world exposition “Expo 98” was located. By this time the network 
was already divided into 4 different lines (Blue, Green, Yellow and Red) and had a total length of 27.7 km 
with 36 stations (Figure 2.1d)). Successive extensions opened to the public in the 
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Figure 2.1 – Evolution of the Lisbon Metro network: a) 1959; b) 1972; c) 1993; d) 1998; e) 2007; f) 2011 (modified 
from Lisbon Metro, 2011) 
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following years increasing the network to 35.6 km in length with 44 stations by the year 2004. At that 
moment the Lisbon Metro network surpassed the borders of the city and extended to the neighbour 
counties of Amadora (Blue line) and Odivelas (Yellow line) (Figure 2.1e)). In 2011 the Lisbon Metro had 
52 stations and almost 42 km of underground lines that are connected at 6 major stations (Figure 2.1f)). 
The expansion of the Red line, from the Oriente intermodal station to Lisbon Airport, is currently under 
construction and it is expected to open by the end of 2012. Further developments of the network are 
being considered, as can be observed in Figure 2.2. However, due to the current financial crisis, major 
expansions are not expected within the next few years. 
Presently, Lisbon Metro operates 338 carriages of 4 different types and carries approximately 170 
millions passengers per year. According to Lisbon Metro (2011) this number has been more or less 
constant over the last decade, despite the number of people using public transport in the city decreasing 
from 600 to 400 millions passenger trips per year, meaning that the percentage of passenger trips made 
using the Lisbon Metro has increased to nearly 43 %. 
 
Figure 2.2 – Future developments of the Lisbon Metro network (Lisbon Metro, 2011) 
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2.2.2 CONSTRUCTION METHODS ADOPTED 
The construction methods adopted to excavate the tunnels of the Lisbon Metro have evolved with time. 
In the first stage of devolpment (Figure 2.1a)), 1959, the majority (86 %) of the tunnels were built using 
cut-and-cover techniques and only one tunnel, with about 1 km length, was excavated using mining 
methods. The reason for this proportion was essentially related to costs (Brazão Farinha, 1995). At that 
time the mechanised equipment available for underground excavations was rare, inefficient and 
expensive leading to an inferior solution in comparison with the cut-and-cover method which was more 
secure, quick and economical, despite having as its principal drawback the inevitable disruption to traffic 
caused by the occupation of the streets during tunnel construction. 
In order to minimise the costs the tunnels were located beneath the big avenues and in places where 
the foundation conditions were favourable. The shape of the tunnels was also chosen based on 
economic criteria. The two solutions selected were the arched gallery, as the running section, and the 
box gallery, used only near the stations and where the cover was reduced, as this solution was 25 % 
more expensive (Brazão Farinha, 1997) (Figure 2.3). 
The construction sequence of the cut-and-cover tunnels varied in accordance with the soil conditions 
encountered along the network. For soils with adequate strength the trench was opened with almost 
vertical sides, to reduce the space occupied, and with a width to accommodate two galleries. In contrast, 
for the weaker soils, the excavation was staged in 2 trenches each with a maximum length of 10 m. Only 
after the sidewalls of the tunnels were constructed was the soil forming the 2 trenches removed and 
the arch of the gallery built. The process finished with the backfilling of the trenches and with the 
removal of the remaining soil inside the tunnel. This process is illustrated in Figure 2.4. 
 
Figure 2.3 – Geometry of the cut-and-cover galleries used in the Lisbon Metro network (modified from Brazão 
Farinha, 1997) 
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Figure 2.4 –Construction scheme of a cut-and-cover tunnel using two trenches (modified from Brazão Farinha, 
1997) 
The use of these methodologies remained until 1993 although in 1972 other solutions were gradually 
introduced, such as slurry walls that reduced the amount of operations, and increased the speed of the 
entire construction. 
By the end of 1993 the percentage of cut-and-cover tunnels was reduced to 69 % since new 
developments in the mining methods provided better solutions, particularly when the cover was high 
or when there were constraints at the surface. Five new mined tunnels, increasing the total number to 
6, were excavated from 1970 to 1993 using two different techniques (Brazão Farinha, 1997). The oldest 
3 tunnels were opened following the principles of the Belgian method, while the later 3 were excavated 
using the Bernold method (Bernold, 1975).  
An example of the excavation with the Belgian method was the Parque Eduardo VII tunnel whose 
scheme can be visualised in Figure 2.5. This method, also known as the flying arch method, divides the 
excavation into several steps both in the longitudinal and transversal directions. First, a pilot gallery is 
opened and supported with wood propping; a few meters behind the top section is enlarged and 
temporarily supported by props connected to the ones placed previously. Concrete support is then 
applied to the arched ceiling of the tunnel. The next stage consists of the opening of a central bench 
followed by the excavation of the sides and the construction of the piers and invert of the tunnel. 
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The Bernold method differs from the previous one in that the excavation is performed in full section 
and under the protection of steel sheets. These form a continuous arch that is driven into the soil with 
the aid of vibration. Under this protection the soil beneath is excavated and the concrete lining 
constructed before the steel sheets are again pushed forward. The first tunnel excavated with this 
method on the Lisbon Metro network was the Calvanas tunnel in 1982 (Figure 2.6). 
 
Figure 2.5 – Scheme of the construction of the Parque Eduardo VII tunnel following the Belgian method 
(modified from Brazão Farinha, 1997) 
  
 a) b) 
Figure 2.6 – Calvanas tunnel: a) application of the steel sheets in front of the excavation; b) detail of the steel 
sheets (Brazão Farinha, 1997) 
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1993 marks a change in the tunnel construction methods used on the Lisbon Metro. Following the trend 
observed on other underground networks over the world the Lisbon Metro decided to acquire Earth 
Pressure Balanced Tunnel Boring Machines (EPB-TBM) (Correa & Boscov, 1998). These EPB-TBMs with 
almost a 10 m in diameter were first used to excavate the extensions of the Green and Blue lines in 
downtown Lisbon (Figure 2.7) and the new Red line (Figure 2.1d)). Since then the majority of the new 
tunnels of the network have been excavated by this type of machine. 
The remaining tunnels were constructed following the principles of the New Austrian Tunnelling 
Method (NATM) presented by Rabcewicz in 1964. This method essentially relies on the strength of the 
soil as part of the support and on a constant monitoring of the behaviour of the excavation in order to 
prevent accidents and adapt, if necessary, the construction sequence and the lining used. NATM also 
proposes the use of a flexible lining, such as shotcrete, that should be closed, with the construction of 
the invert, as soon as possible.  
Figure 2.8 displays the typical construction sequence adopted in the recent tunnels excavated on the 
Lisbon Metro network. The excavation is performed by mechanised equipment, such as Jumbos or 
Roadheaders, and usually involves up to 6 stages. The first stage corresponds to the opening of the top 
heading followed by the application of a shotcrete lining. Depending on the soil conditions a central 
core of soil can be left in place and additional support elements, such as steel ribs, bolts and jet-grouting, 
can be added. The next stage consists of an excavation of a bench with the immediate application of a 
shotcrete invert. Finally, a second bench is excavated and the final shotcrete lining is sprayed.  
 
Figure 2.7 – EPB-TBM used in the excavation of the Blue and Green lines of the Lisbon Metro (Salgueiro Amaral, 
2006) 
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Figure 2.8 – Scheme of the construction of the Lisbon Metro’s recent tunnels following the principles defined by 
NATM (modified from Salgueiro Amaral, 2006) 
2.2.3 BAIXA-CHIADO METRO STATION 
The Baixa-Chiado metro station was opened to the public in 1998 and is considered one of the most 
important interface stations of the Lisbon Metro network, since it permits the interchange between the 
Green and the Blue lines and is located at the foot of the Saint Roque hill adjacent to downtown Lisbon. 
Apart from the two galleries that accommodate the platforms, the Baixa-Chiado station includes a shunt 
tunnel, two exit tunnels (Chiado and Crucifixo) and five connections between the two galleries 
(Postiglione et al., 1997). Additionally it was designed to have a third exit, through a shaft located in 
Ivens street, but this has not been built due to financial constraints. The analysis of this shaft is the main 
focus of this thesis. The location of all the Baixa-Chiado station facilities in downtown Lisbon can be 
visualized in Figure 2.9. 
Due to the soil conditions and the risks associated with its construction, it was decided to use an EPB-
TBM to excavate the connection tunnels while the opening of the station was performed following 
NATM principles (Pinto & Costa, 1997). A scheme of the works carried out in the station is presented in 
Figure 2.10. The first stage of the excavation began in 1994 in the Eastern gallery (Blue line). Meanwhile 
the EPB-TBM started excavating tunnel T63 on the Green line from Cais do Sodré station towards the 
Rossio station (tunnel T62) passing through the Baixa-Chiado station before the works in the Western 
gallery started. When the EPB-TBM reached the Rossio station it was dismounted and placed, through 
the Quinta da Marinha shaft, into tunnel T61 to excavate towards Restauradores station. The second 
passage through Baixa-Chiado station happened approximately 1 year after the first when the 
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excavation of the Eastern gallery was already completed. The EPB-TBM continued to excavate tunnel 
T60 until it reached Restauradores station in 1997. In the same year the works were concluded on the 
Western gallery (Salgueiro Amaral, 2006). 
 
Figure 2.9 – Location and insertion of the Baixa-Chiado station in Lisbon downtown (modified from Google 
Earth, 2012) 
 
Figure 2.10 – Scheme of the connections of the Baixa-Chiado metro station (modified from Pinto & Costa, 1997) 
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The two galleries of the station are spaced 7 m apart and have an identical geometry, with 17.6 m height 
and 16.1 m width, and an area of approximately 240 m2 (Figure 2.11). The soil cover to the galleries is, 
on average, 28 m although it changes slightly along their nearly 220 m length. It is possible to observe 
in Figure 2.11 that the construction sequence adopted for the excavation was different in each gallery 
due to the early passage of the EPB-TBM in the Western gallery. The excavation of the Eastern gallery 
was carried out in 5 principal stages while that of the Western gallery was divided into 7 stages (Correa 
et al., 1997) as described below: 
Eastern gallery 
 Stage E1 – excavation and support of the drainage gallery; 
 Stage E2 – excavation and support of the pilot tunnel; 
 Stage E3 – excavation and support of the top heading; 
 Stage E4 – excavation and support of the 1st bench; 
 Stage E5 – excavation and support of the 2nd bench, 
construction of the final lining; 
 
Western gallery 
 Stage W1 – passage of the TBM tunnel; 
 Stage W2 – excavation and support of the right side-drift; 
 Stage W3 – excavation and support of the left side-drift; 
 Stage W4 – excavation and support of the top heading; 
 Stage W5 – excavation and support of the 1st bench; 
 Stage W6 – excavation and support of the 2nd bench; 
 Stage W7 – excavation and support of the 3rd bench, 
construction of the final lining; 
 
Figure 2.11 – Transversal cut of the Baixa-Chiado station (modified from Correa et al., 1997) 
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A longitudinal cross-section through each of the two galleries can be visualised in Figure 2.12. These 
sections show the connection tunnels and galleries within the ground profile at the location of the Baixa-
Chiado station. Four distinct soil layers were identified as being relevant for the works. At the surface, 
there is a layer of fill with a thickness varying from 2 to 6 m. Beneath this there are two Miocene 
formations, the “Areolas da Estefânia” formation (AE) and then, below, the “Argilas e Calcários dos 
Prazeres” formation (AP). Inside the AE formation, at several depths, some limestone intercalations are 
present. These, although presenting higher strength in comparison with the other layers, usually do not 
have continuity due to the presence of joints. The ground water level was measured 4 m above the AP 
formation. A detailed review of the geotechnical characteristics of these formations is presented in the 
following sections. 
 
Figure 2.12 – Longitudinal cross-section through the centre of each galleries of the Baixa-Chiado station 
(modified from Pinto & Costa, 1997) 
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The dimension of the excavation and the presence, at the ground surface, of several historical buildings 
led to the implementation of a rigorous monitoring scheme that enabled the assessment of the 
deformations caused by the excavations in real time. Assessment of these measured deformations lead 
to modifications and adaptations to some of the construction methodology and of the structural 
solutions (Postiglione et al., 1997). After completion of the Eastern gallery the settlement trough 
measured was narrower than that predicted causing much higher distortions in the soil and although 
the maximum displacement was similar to the initial previsions the designers proposed several 
measures in order to reduce the differential settlements that could damage adjacent buildings (Correa 
et al., 1997; Postiglione et al., 1997). Excavation of the Western gallery was then performed under the 
protection of forepoles and it was also decided to use compensation grouting in order to reduce the 
settlements. Three shafts were constructed along the length of the station with a depth of 
approximately 12 m (Figure 2.13). Grout injections were performed between 7 and 12 m depth and 
covered an area of approximately 15000 m2. In total more than 200 grouting pipes were installed with 
a combined length of nearly 9000 m (Candeias & Antunes, 1997; Postiglione et al., 1997). Despite the 
grout injections and the lining reinforcement, the settlements increased to a maximum value of nearly 
86 mm at the end of station construction. 
 
Figure 2.13 – Location of the treated area with compensation grouting (modified from Correa et al., 1997) 
2.2.4 IVENS SHAFT 
Despite being included in the original project of the Baixa-Chiado station facilities the Ivens shaft 
construction was successively delayed, mainly due to financial constraints, and there is still no date 
established for the beginning of the works. The preliminary design of the shaft started in 2000 but the 
final version was only concluded in 2008 (Cenorgeo, 2008). The principal function of the shaft was to 
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provide direct and rapid access to the station via lifts. Due to space constraints the shaft was located in 
the backyard of the Quintão building with access via Ivens street (Figure 2.9). 
The geometry of the shaft, designed by the architects, is very complex and can be divided into 3 different 
zones, as shown in Figure 2.14. The first, with a depth of 19 m, has an elliptical section in plan with major 
and minor axes of 12.2 and 8.3 m respectively. This is followed by a transition zone were the geometry 
changes from an elliptical to circular form over a 10 m depth. This zone, due to the enlargement of the 
section, is considered to be the most critical and a very complex stage of the works. The last section of 
the shaft is circular in plan with a diameter of 14.9 m and a depth of approximately 8 m (Figure 2.15). 
Since the backyard is located above street level it will also be required to build a retaining structure of 
nearly 5 m depth to ensure the stability of the surrounding buildings. 
   
Figure 2.14 – 3D perspectives of the Ivens shaft (Cenorgeo, 2008) 
 
Figure 2.15 – Dimensions and geometry of the Ivens shaft (Cenorgeo, 2008) 
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The excavation is going to be performed in steps of 1 m depth and divided horizontally into 4 stages in 
order to minimise its impact on the surrounding buildings and services. The standard support system 
designed for the shaft consists of fibre reinforced shotcrete. Its thickness increases with depth, varying 
from 30 cm in the elliptical section, 45 cm in the transition zone and a maximum of 60 cm in the circular 
section (Figure 2.15). The retaining wall is planned to be a 40 cm thick concrete wall, supported 
eventually by steel props.  
Additionally columns of jet-grouting, 1 m in diameter, will be placed around the perimeter of the 
transition zone, as displayed in Figure 2.16. These columns will be founded in the “Argilas e Calcários 
dos Prazeres” formation (AP). The construction of the columns has two main purposes. First, they will 
improve the safety of the works while the enlargement of the section takes place. The second objective 
is to ensure that the excavation is performed in dry conditions. Since part of the works is going to be 
performed below the ground water level, seepage would occur thus compromising the stability of the 
excavation. To avoid this, the construction of two columns has been considered in the transition zone, 
according to the geometry shown in Figure 2.17.  
 
Figure 2.16 – Location of the jet-grouting columns in depth (Cenorgeo, 2008)  
 
Figure 2.17 – Jet-grouting columns designed for the transition zone 
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2.3 GENERAL ASPECTS OF LISBON GEOLOGY 
2.3.1 FORMATION OF THE LOWER TAGUS BASIN 
About 180 Ma (million years) ago in the Early Jurassic period (Mesozoic era) Europe and Africa started 
to separate from America creating the Atlantic Ocean. This separation caused a major reshape on the 
Iberian plate, resulting in the creation of several sedimentation basins. One of the most important was 
the Lower Tagus Basin where the city of Lisbon is located today.  
The oldest superficial soils discovered in the city are limestone and marls that were deposited in a 
marine environment following a large transgression of the sea that occurred in the Cretaceous period 
(95 Ma). These deposits, only visible due to intense tectonic activity, are more than 300 m in thickness 
in some points of the district, although in Lisbon itself they do not surpass 100 m.  
The nature of the sediments and the type of fossils discovered suggest a drop in the water level that 
occurred over 6 Ma (Moitinho de Almeida, 1991). The regression of the sea was followed by a long 
period of emersion where the limestone deposits experienced intense erosion and karstification that 
lasted until the Late Cretaceous epoch, nearly 72 Ma ago. By that time the Lower Tagus Basin was 
subjected to a major volcanism period caused by the opening of the North Atlantic Sea and the 
consequent collision between the Iberian and the Eurasian plates that formed the Pyrenees Mountains 
(Antunes, 1979). During this period magma rose through several faults, creating a basaltic mantle of 
about 100 m thickness in Lisbon, forming the “Complexo Vulcânico de Lisboa” (Moitinho de Almeida, 
1991). The heterogeneity observed in the basalts suggests that the volcanic intensity varied significantly 
and there were pauses throughout the period (Alves et al., 1980).  
After a new long erosion stage the Lower Tagus Basin experienced intense tectonic movements during 
the Paleogene epoch, with a peak around 40 Ma ago, that lasted nearly 13 Ma and changed significantly 
the landscape (Moitinho de Almeida, 2008). By this time the basin was endorheic, i.e. without any 
connection to the sea, and the sediments accumulated in the slopes and transported by the river were 
deposited in the base of the basin. The heterogeneity observed in this layer reflects the velocity of the 
sedimentation and is directly related to the intensity of the tectonic movements. According to Moitinho 
de Almeida (1991) this formation, entitled “Formação de Benfica”, can reach more than 400 m thickness 
in some areas of the basin. 
Until the Miocene epoch, around 24 Ma ago, the formations suffered intensive erosion that reduced 
significantly the thickness of the “Formação de Benfica” in some areas of Lisbon, causing the emersion 
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of older formations. In the beginning of the Miocene epoch the Atlantic Sea flooded the basin and a 
new sedimentation process began in a marine-continental interface that lasted approximately 16 Ma 
(Moitinho de Almeida, 2008). During this period several transgression-regression cycles, each 
corresponding to a depositional sequence, occurred due to tectonic events, such as the Betic collision, 
and mainly due to variations in the sea level as can be observed in Figure 2.18 (Dias & Pais, 2009). The 
Miocene deposits have a thickness of approximately 300 m in Lisbon and the successive alternation 
between layers attest the multiple modifications of the sedimentation environment, which varied 
between marine and fluvial, passing through estuarine in the process. The continuous subsidence and 
the type of sediments and fossils discovered also permitted a climate timeline to be established where 
the weather changed from tropical, warm and humid, to temperate and dry (Moitinho de Almeida, 
2008).  
The Miocene deposits of Lisbon have been intensively studied through the years by several authors 
(Cotter, 1956; Antunes, 1979; Moitinho de Almeida, 1991; Antunes & Pais, 1993; Antunes et al., 2000), 
since they contain preserved evidences of the type of fauna and flora that existed at that time in 
Western Europe, and also because the majority of the city of Lisbon is founded upon these soils. Cotter, 
in a posthumous work published in 1956, identified 13 layers within the Miocene deposits based on the 
interpretation of several boreholes and excavations performed in the city of Lisbon. Later, Antunes 
(1979) reviewed the division and proposed a new classification defined by 7 depositional sequences 
associated with different vertical and horizontal lateral facies. With the advance in technology it was 
possible to date most of the units by means of K-Ar (Potassium-Argon) and Sr (Strontium) isotopes and 
planktic foraminifera (Antunes et al., 1999), establishing a more consistent framework between the 
subsidence, sediments and fossils and the transgression-regression cycles. These cycles where later 
correlated by Cachão and Silva (2000) and Antunes et al. (2000) with the second order eustatic cycles 
proposed by Haq et al. (1987) and finally a new proposal for the division of the deposits into 10 
depositional sequences was presented by Antunes et al. (2000). 
 
 a) b) c) 
Figure 2.18 – Paleogeographic model of the terminal part of the Lower Tagus basin during Miocene: a) Lower 
Aquitanian (23 Ma); b) Burdigalian (17 Ma); c) Serravallian (14 Ma) (modified from Antunes et al., 2000) 
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The sedimentation period extended until the Pliocene epoch although the traces left by these deposits 
are nowadays almost non-existent in Lisbon, probably due to erosion. Antunes and Pais (1993) suggest 
that during this epoch the environment should have been similar to that observed in the Miocene with 
several transgression-regression cycles of the sea. 
The beginning of the Pleistocene epoch, around 2.5 Ma ago (Quaternary period), coincides with the 
commencement of the last glacial period where the environment changed dramatically and the sea 
levels dropped substantially due to the formation of ice fields and mountain glaciers. These also had a 
huge impact on the climate causing intense erosion and desertification. During this period the sea level 
in Portugal dropped nearly 120 m and the river valleys changed significantly, becoming more steep and 
deep (Dias et al., 1997). The modifications in the Lower Tagus Basin were also considerable, leading to 
a deflection in the course of the river Tagus.  
The last glacial period ended approximately 12000 years ago, peaking around 18000 years, and caused 
intense erosion of the formations of the Lower Tagus Basin. Only after the Flandrian interglacial period, 
beginning of the current Holocene epoch, did the water level start to rise and new sediments begin to 
be deposited in the basin. These materials are mainly fills, formed from the erosion of the older 
formations and from the human activity, as well as the alluvia brought by the river and sea. The average 
thickness of the fills is about 3 m, reaching a maximum of 10 m, while the alluvia can surpass more than 
50 m with an medium value of nearly 14 m (Moitinho de Almeida, 1991). 
The latest spatial distribution in the Lisbon district of the several formations and units mentioned above, 
excluding fills and alluvia, was identified in a geological map elaborated by Almeida (1986) and is shown 
in Figure 2.19. Despite the research carried out by Antunes (1979) and more recently by Antunes et al. 
(2000), pointing to a different lithostratigraphy of the Miocene deposits, the division proposed by Cotter 
(1956) is still used in this map and in general in the geological-geotechnical community. From the figure 
it is possible to observe that the newest formations are located in sequence on the East side of the 
Basin. This configuration, associated with the subsidence observed, reveals that the interior of the basin 
was more sensitive to the environmental alterations caused by the transgression-regression cycles. The 
map also shows that the Mesozoic formations, in the West side, exhibit several faults, particularly the 
“Complexo Vulcânico de Lisboa”, which is in accordance with the fragile behaviour of these kinds of 
materials. In contrast, the Miocene formations reveal a more ductile behaviour as can be seen by the 
smooth bending displayed in the cross-section (Moitinho de Almeida, 1991). 
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Figure 2.19 – Geological map and cross section through the city of Lisbon (modified from Almeida, 1986) 
2.3.2 GEOLOGICAL CONDITIONS OBSERVED IN THE CHIADO QUARTER 
An extract of the geological map focusing on the Chiado quarter is displayed in Figure 2.20. The limits 
of the quarter, located at the foot of the Saint Roque hill and neighbouring downtown Lisbon, are 
identified with the black solid line. It is possible to observe that almost the entire quarter is located upon 
the “Areolas da Estefânia” formation. Only the highest and the lower areas of the quarter are founded 
on the “Calcários de Entre-Campos” and the “Argilas e Calcários dos Prazeres” formations, respectively. 
It should be noted that the fill layer that covers the entire neighbour is not represented in Figure 2.20. 
The fill is very heterogeneous and mainly consists of the remains of the buildings destroyed in the 1755 
major earthquake. According to Santos (2008) it is estimated that more than 90 % of the structures in 
the Chiado quarter collapsed after the tremor and subsequent fires. Since there were no means 
available to remove the ruins the engineers decided to spread them within the footprints of the existing 
buildings and, as a result, the thickness of the fills can vary significantly from place to place. 
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Figure 2.20 – Detail of the geological map of Lisbon downtown (modified from Lopes, 2001) 
The studies performed in the Chiado quarter, most of them related to the construction of the Baixa-
Chiado station, revealed that the ground profile consists of a layer of fill of approximately 3 to 5 m 
thickness, followed by the “Areolas da Estefânia (AE) formation, which is 25 to 30 m thick, and 
subsequently by the “Argilas e Calcários dos Prazeres” (AP) formation with an estimated thickness of 30 
to 35 m (Figure 2.11 and Figure 2.12). The boreholes performed in this area usually did not reach the 
Mesozoic deposits since the AP formation offers appropriate foundation conditions and the existing 
tunnels are within that formation. The characterisation works also revealed that there is a small bending 
of the Miocene formations towards the river and the lateral sides of the hill. 
Figure 2.21 shows part of the core samples retrieved from a borehole sunk in the backyard of the 
Quintão building, at the location of the Ivens shaft (marked as IS in Figure 2.20). The observed geological 
ground profile can be considered as representative of the area where the Baixa-Chiado station is 
located. 
 
Figure 2.21 – Core samples removed from a borehole performed in the backyard of the Quintão building 
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From the figure it can be verified that the fill layer extends for the first 5 m and is composed of a loose 
sandy material. From 5 m to 35 m depth it is possible to distinguish the AE formation with its yellowish 
colour, and beneath the AP formation that reaches, at least, 40 m depth. The dark greyish colour of the 
AP formation suggests that the sediments were deposited in a marine environment that changed 
progressively to a subtidal zone with shallower waters. The material between 35 and 37.5 m presents a 
lighter colour (more oxygen) and a great quantity of large oyster’s fossils which are compatible with the 
latter type of environment. It was also possible to observe that the sediments of the AP formation dried 
very quickly in contact with the atmosphere, originating horizontal lamination which might be related 
to previous tectonic activity and/or with layering. 
The analysis of the AE formation is more complicated since the materials present different degrees of 
cementation meaning that significant differences occurred during the sedimentation period in the 
depositional environment. The yellowish colour suggests that the sediments were deposited in a more 
oxygenated environment and with continental predominance, typical of estuaries or bays. From 27 to 
the 35 m depth the sediments are coarse and cohesionless which are typical characteristics of an estuary 
channel and bar environment where the water circulates relatively fast. In the metre above, the 
sediments are compacted and finer suggesting that the channel or bar shifted and the environment 
might have changed to a tidal flat. From 18 to 26 m depth the environmental characteristics appear to 
be similar to those described for the 27-36 m. 
The next layer with approximately 6 m thickness, until 12 m depth, can be considered as a fossiliferous 
limestone. These are usually formed in shallow, quiet and warm waters, which are conditions often 
associated with tidal flats or reef environments where the fossils had time to lithify into limestone. 
Finally, in terms of deposition, the materials from 5 to 12 m depth possess some cohesion and are finer, 
suggesting that the conditions in the tidal flat were again modified. The disturbance observed in the 
first metres can still be related to another change in environment but is more likely to be caused by 
human activity, weathering or even consequence of the earthquake of 1755. 
Despite the several differences identified above the AE formation is usually considered as a whole in the 
literature. The exceptions are the limestone intercalations which are considered independently due to 
their behaviour being more close to rock than soil.  
The geotechnical data that exists in the literature related to the “Argilas e Calcários dos Prazeres” and 
the “Areolas da Estefânia” formations are reviewed in detail in the following sections. 
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2.4  “ARGILAS E CALCÁRIOS DOS PRAZERES” FORMATION 
2.4.1 INTRODUCTION 
Due to its presence, relatively shallow if not superficial (Figure 2.19), and strength characteristics the 
“Argilas e Calcários dos Prazeres” formation (AP) is commonly used as the foundation layer for the 
majority of the buildings in Lisbon. Furthermore, some of the tunnels and stations of the Lisbon Metro 
also cross or interact with this formation. These two aspects alone probably justify the large amount of 
geotechnical surveys performed in this Miocene formation. However, and despite its importance, the 
number of studies published in the literature is small, since most of the reports remain private even 
after the conclusion of the construction works.  
One of the first attempts to compile the available data was performed by Moitinho de Almeida (1991). 
Later, Guedes (1997) and Lopes (2001) complemented this information, although all of the studies 
presented principally geological characteristics of the formation. Marques (1998) published an 
extensive study where the compressibility and mechanical properties of the AP formation were derived 
through oedometer and triaxial tests. At around the same time LNEC (National Laboratory of Civil 
Engineering) performed some Ménard and Self-Boring Pressuremeter tests (Sousa Coutinho & Ludovico 
Marques, 2006) and some seismic tests (Coelho et al., 2004) in the area surrounding the Baixa-Chiado 
station. More recently others presented additional data (Cenorgeo, 2008) and currently there is an 
ongoing study about the influence of the mineralogy and structure on the behaviour of the “Argilas e 
Calcários dos Prazeres” formation (Lopes Laranjo et al., 2010). This section summarizes the in-situ and 
laboratory based characterisations of this formation performed to date. 
2.4.2 IN-SITU CHARACTERISATION 
2.4.2.1 Standard Pressuremeter Test (SPT) 
The SPT is an in-situ test that, due to its simplicity, economy and extensive list of correlations with other 
parameters (Bowles, 1996) is still extensively used in the assessment of various geotechnical problems 
that can vary from simple foundations to complex phenomena such as liquefaction (Seed & Idriss, 1971; 
Idriss & Boulange, 2004). However, the limitations of the test for scientific purposes are also widely 
acknowledged and can be attested by the multiple corrections suggested in order to standardise the 
results (Skempton, 1986; Bowles, 1996). 
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The extensive use of the SPT in Portugal, and particularly in Lisbon, is clearly demonstrated by the more 
than 3500 results compiled by Moitinho de Almeida (1991) and Lopes (2001) just for the AP formation. 
However, the total number of tests performed to date might be considerably higher since the data 
presented only goes back to 2001. The accumulated results in terms of the number of blows required 
to reach the 30 cm mark and in terms of observed penetration for the tests that exceed the 60 blows 
are presented in Figure 2.22. The results show that a third of the tests carried out achieved the 60 blows 
mark. The remaining are distributed almost equally between 10 and 60 blows with a minor frequency 
observed for less than 10 blows (Figure 2.22a)). For the tests that surpass the 60 blows the penetration 
frequency varies almost linearly from 5 to 25 %, with higher displacements corresponding to higher 
frequencies (Figure 2.22b)). Despite the large dispersion both studies show that the number of blows 
tends to increase slightly with depth. The obtained results permit the statement that generally the AP 
formation appears to provide reasonable foundation conditions but, based on the limitations of the SPT 
test, it is unrealistic to assess the overall behaviour of the formation. 
For the final design project of the Ivens shaft 15 SPT tests were carried out in the AP formation in two 
boreholes located in the backyard of the Quintão building. The obtained results are in agreement with 
the mentioned studies, since all tests required 60 blows with penetrations varying from 4 to 23 cm. 
 
 a) b) 
Figure 2.22 – Results of the SPT tests performed in the AP formation: a) number of blows; b) penetration for 
tests with more than 60 blows 
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2.4.2.2 Seismic tests 
The use of geophysical tests as a mean to characterize soil properties is rapidly increasing and spreading 
throughout the world (Foti & Butcher, 2004). In Portugal, the most used techniques are the cross-hole 
and the down-hole methods that allow a rough estimative of the soil layering, define the location of the 
ground water table and estimate the initial shear modulus of the soil as well as other dynamic properties 
(Ballard, 1976; Shibuya et al., 2004; Paris et al., 2007).  
These techniques have been used over the last years in many of the major projects developed in Lisbon 
and some of the results obtained for the Miocene deposit were collected by Guedes de Melo (2011). 
Unfortunately it is not possible to distinguish between the several Miocene formations and 
consequently the data presented in Figure 2.23a) are only useful for reference and cannot be directly 
applied to the AP formation. From the analysis of the results it is possible to observe that the shear wave 
velocity (Vs) tends to increase almost linearly with depth. The concentration of high values between 10 
and 20 m depth might be related to limestone intercalations, as presented in Figure 2.21. The 
compression wave velocity (Vp) seems to be more or less constant with depth with a value 2200 m/s, 
which is greater than the velocity of water (1450 m/s) suggesting that either the tests were carried out 
below the water table or that the deposit has a higher stiffness. From the relation between shear and 
compression velocities it is possible to determine the Poisson’s ratio, 𝜈, according to the following 
expression (Kramer, 1996): 
 𝜈 =
𝑉𝑃
2 − 2 ∙ 𝑉𝑆
2
2 ∙ (𝑉𝑃
2 − 𝑉𝑆
2)
 2.1 
The obtained results are depicted in Figure 2.23b) and reveal high values for the Poisson’s ratio, 
indicating that probably the majority of the tests occurred below water table. The saturation of the soil, 
depending on the relationship between the compressibility of the soil and the fluid, can produce, 
according to Nur and Simmons (1969), an increase in the compression wave velocity justifying the high 
values measured. Based on the shear wave velocity profile it is possible to estimate the initial shear 
modulus of the soil by employing the following expression (Kramer, 1996). 
 
𝐺0 = 𝑉𝑆
2 ∙ 𝜌 = 𝑉𝑆
2 ∙
𝛾
𝑔
 2.2 
where: 
 – mass density of the soil; 
 – unit weight of the soil (assumed to be 20 kN/m3); 
g – acceleration of the gravity (9.81 m/s2) 
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The calculated initial shear moduli are displayed in Figure 2.23c) and, as expected, show an increase 
with depth similar to the one observed for the shear wave velocity, varying from 250 MPa at 5 m depth 
to nearly 1 GPa at 38 m. The higher values, up to 3.5 GPa, determined between 10 and 20 m depth 
might be associated, as mentioned previously, with the presence of limestone intercalations. 
 
 a) b) c) 
Figure 2.23 – Results of the seismic tests performed on the Miocene formations of Lisbon: a) wave velocity 
(Guedes de Melo, 2011); b) Poisson’s ratio; c) initial shear modulus 
Coelho et al. (2004) published the results of a geophysical study that was carried out in the Chiado 
quarter, about 100 m away from the Ivens shaft location. Due to a malfunctioning of the equipment 
only compressive waves were recorded and as a consequence the direct estimation of the initial shear 
modulus of the AP formation was not possible. The results of the seismic tomographies performed are 
represented in Figure 2.24 and permit the establishment, due to the sudden increase of velocity to over 
1450 m/s, of the position of the water table at approximately 21 m depth, 4 m above the top of the AP 
formation. The results presented far below the water table can be considered in agreement with those 
observed in Figure 2.23a), with compression wave velocities around 2000 m/s. 
A discussion of the compression wave velocity obtained for the first 21 m, the “Areolas da Estefânia” 
formation, are presented in detail later. 
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Figure 2.24 – Seismic tomographies performed in Chiado quarter (modified from Coelho et al., 2004) 
2.4.2.3 Ménard Pressuremeter Test (MPT) 
Prebored pressuremeter tests, particularly the one developed by Ménard in France (MPT), have been 
widely used to characterise the deformability and resistance of soils (Baguelin et al., 1978). The results 
of the test, obtained through the expansion of a cylindrical cavity in the soil, were used by Ménard (cited 
by Clarke (1995)) to developed a series of empirical charts that allowed the direct design of foundations 
without the use of additional parameters. Despite the known limitations of the test, namely the 
disturbance of the soil caused by the excavation of the borehole and the reliability of the empirical 
approaches used to describe the problem (presented in detail in Briaud (1992) and Clarke (1995)), the 
use of the parameters derived from the MPT test in geotechnical design is still common (Clarke, 1997), 
probably because the disturbance effects caused by the installation of the MPT are of the same order 
of magnitude as those usually caused by geotechnical works.  
Sousa Coutinho and Ludovico Marques (2006) compiled more than 20 results from Ménard 
Pressuremeter Tests (MPT) performed in the city of Lisbon by the National Laboratory of Civil 
Engineering (LNEC) on the AP formations (LNEC, 1996a, b, c, d, e, f). The tests were performed in 
different locations within of the city including the Chiado quarter where 15 tests were carried out during 
the year of 1996. Later, in 2007, 3 more tests were performed in the AP formation in a borehole located 
in the backyard of the Quintão building, in order to assess the geotechnical conditions for the design of 
the Ivens shaft (Cenorgeo, 2008). The results obtained for the limit pressure of all the tests are displayed 
in Figure 2.25a). The figure shows a large scatter in the results with pressures, varying from 3 to 12 MPa, 
although the majority of the results are between 4 and 7 MPa. The tests executed in the Quintão 
building are within these limits.  
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From the pressuremeter curve it is possible to derive the value of the shear pressuremeter modulus, 
GM, using expression 2.3 that relates the pressure and volume at the beginning and at the end of the 
elastic phase (Baguelin et al., 1978). However, is more frequent to present the deformability results in 
terms of the entitled Ménard pressuremeter modulus, EM, which is related to the shear pressuremeter 
modulus by the Poisson’s ratio (expression 2.4). 
 𝐺𝑀 = (𝑉0 +
𝑉1 + 𝑉2
2
) ∙
𝑃2 − 𝑃1
𝑉1 − 𝑉2
 2.3 
 𝐸𝑀 = 2 ∙
(1 − 𝜈) ∙ (𝑉0 +
𝑉1 + 𝑉2
2
) ∙
𝑃2 − 𝑃1
𝑉1 − 𝑉2
 2.4 
where: GM – shear pressuremeter modulus; 
EM – Ménard pressuremeter modulus; 
𝜈 – Poisson’s ratio (assumed by the author as 0.5, undrained conditions, for the AP formation); 
V0 – initial volume of the cell; 
V1 / P1 – volume / pressure at the beginning of the elastic phase 
V2 / P2 – volume / pressure at the beginning of the elastic phase 
Due to factors such as the disturbance caused in the borehole wall, the length and diameter of the 
pressuremeter and the strain rate used (Briaud, 1992), the Ménard pressuremeter modulus, EM, should 
not be considered directly as the Young’s modulus of the soil, E. A relation between the two moduli was 
proposed by Briaud (1992), who suggested that they are directly related by a parameter, α (expression 
2.5), which depends on the relation between the limit pressure and the Ménard pressuremeter modulus 
and on the type of soil. For the AP formation the author assumed α was 0.8, since the interval of the 
proposed values varied between 0.67 and 1.0. 
 𝐸 =
𝐸𝑀
𝛼
 2.5 
The results derived by the author from the MPT tests are illustrated in Figure 2.25b). The Young’s 
modulus also presents some scatter, with the majority of the values between 50 and 250 MPa. The 
average value for the tests performed in the Quintão building is 100 MPa.  
After analysing the results of several MPT tests Baguelin et al. (1978) proposed that the undrained shear 
resistance of the soil was linearly related to the limit pressure by a parameter, , that varies from 6.5 to 
12, with an average of 9, depending on the stiffness of the soil (expression 2.6).  
 𝑆𝑈 =
𝑃𝐿
𝛽
 2.6 
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In this case a value of 10 was assumed by the author since the AP formation can be considered a stiff 
soil. The results are depicted in Figure 2.25c) and, as expected, are equal to the values of the limit 
pressure with a reduction factor of 10. Thus, the values range from 300 to 1200 kPa with a higher 
concentration between 400 and 700 kPa. 
 
 a) b) c) 
Figure 2.25 – Results of the MPT tests performed on the AP formation: a) limit pressure (after Sousa Coutinho 
and Ludovico Marques (2006) and Cenorgeo (2008)); b) Young’s modulus; c) undrained shear strength 
2.4.2.4 Self-Boring Pressuremeter Test (SBPT) 
The Self-Boring Pressuremeter Test (SBPT) can be considered as an improvement of the MPT test since 
the basic principle of the expansion of a cylindrical cavity in the soil is similar, only the procedures and 
equipment used in the test are different (Clarke, 1995). The major difference between them concerns 
the installation process where the MPT requires the previous opening of a borehole while the SBPT 
performs the excavation by itself, producing lower levels of disturbance in the soil (Wroth, 1984). 
Nevertheless, some studies present and quantify some of the problems that can affect the test, 
particularly those related with poor installation processes (Fahey & Randolph, 1984; Benoit & Clough, 
1986) and with the strain rate used for the expansion of the membrane (Silvestri, 2006).  
However, the SBPT is still considered as the best in-situ test to assess the coefficient of earth pressure 
at rest through the analysis of the pressure-radial displacement curve and the knowledge of the vertical 
effective stress (DeGroot & Sandven, 2004). A reasonable estimate of the shear modulus of the soil can 
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also be derived from the results of the test, particularly from the analysis of load-reload cycles (Bellotti 
et al., 1989) and from the final unloading (Ferreira & Robertson, 1992). Other correlations, based on 
theoretical and empirical approaches, have been proposed by several authors (Gibson & Anderson, 
1961; Palmer, 1972; Robertson & Ferreira, 1993; Sadeeq & Clarke, 1995) in order to establish an 
analytical model and from it derive soil parameters, such as the undrained shear resistance (Windle & 
Wroth, 1977) and the angle of shear resistance and the dilatancy (Hughes et al., 1977). 
The results of 19 tests performed in the AP formation by LNEC (1996a, b, c, d, e, f) were presented by 
Sousa Coutinho and Ludovico Marques (2006). From these, 13 were carried out inside the Chiado 
quarter, near to the location of the Ivens shaft. The results of the tests are displayed in Figure 2.26. In 
the determination of the coefficient of the earth pressure at rest, K0, the author considered a unit weight 
of 20 kN/m3 for all the formations and that the position of the ground water table was located 4 m 
above the top of the AP formation. The obtained values are scattered and have an average of 0.7 
although the higher concentration of values is located around 0.6. The undrained shear resistance was 
determined according to the Gibson and Anderson (1961) proposal and shows much scatter with values, 
ranging from 550 to 2250 kPa, and presents no clear trend. However, the undrained shear strength 
derived from the SBPT test tend to be overestimated due to the high strain rates usually applied during 
the test, as demonstrated by Wroth (1984). The undrained shear resistance derived from the SBP tests 
cannot be considered in total agreement with the coefficients of the earth pressure at rest, K0, 
determined by the author since it is expected that high undrained shear resistance also correspond to 
high values of K0. Given the discrepancies observed is possible that some of the assumptions adopted 
in the evaluation might have been inadequate or that this material behaves differently from other stiff 
clays investigated in the past. 
Since the measurements in the beginning of the test are not usually reliable (Mair & Muir Wood, 1987; 
Huang et al., 1991), one or two loops were performed in every test in order to estimate the unload-
reload shear modulus. This modulus is considered to be a reasonable approximation of the initial shear 
modulus of the soil, G0, although it still reflects the changes in the stress state caused by the installation 
of the equipment (Byrne et al., 1990). 
The obtained results reveal a variation of the unload-reload shear modulus of between 130 and 
450 MPa, with an average of 270 MPa. The large difference between this value and the equivalent shear 
modulus determined by the MPT (≈33 MPa) proves that the level of disturbance caused by the SBPT 
was significantly reduced when compared with the MPT. From Figure 2.26c) it is also possible to observe 
that the difference between the moduli obtained from the two loops is small. In the majority of the tests 
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the two values are similar indicating that the unload-reload shear modulus appears to be unaffected by 
the strain and stress levels at which the cycle is performed. 
 
 a) b) c) 
Figure 2.26 – Results of the SBPT tests performed on the AP formation: a) coefficient of earth pressure at rest; 
b) undrained shear strength; c) unload-reload shear modulus 
2.4.2.5 Stiffness degradation curve based on the loops of the Self-Boring Pressuremeter Test 
From the unload and reload cycles performed in the SBPT it is possible to derive the stiffness 
degradation curve, with reference to the idealised theory of expanding of cavities (Ladanyi, 1972; 
Palmer, 1972). Based on the research performed by Palmer (1972), Muir Wood (1990) proposed a small 
strain approach to the problem relating the pressuremeter modulus, GP, and the cavity strain, c, with 
the shear stiffness, tangent (Gtan) and secant (Gsec), and the invariant of shear strain, s (expressions 2.7 
to 2.9). To be able to describe the variation of stiffness with strain Muir Wood (1990) proposed the use 
of expression 2.10, which was initially presented by Jardine et al. (1986), where A, B, C, ,  are fitting 
parameters. In order to simplify the fitting process Muir Wood (1990) proposed  equal to 1, although 
this assumption was later contested by Jardine and Muir Wood (1991), who suggest the use of the 
original expression since it would provide a better approximation to the pressuremeter data. 
 𝜀𝑠 =
2 ∙ 𝜀𝑐
√3
 2.7 
REVIEW OF THE GEOTECHNICAL CONDITIONS ON THE LISBON METRO NETWORK 2 
 
 
 85 
 
 𝐺𝑠𝑒𝑐 = 𝐺𝑃 + 𝜀𝑐 ∙ (
𝑑𝐺𝑃
𝑑𝜀𝑐
) 2.8 
 𝐺𝑡𝑎𝑛 = 𝐺𝑠𝑒𝑐 + 𝜀𝑠 ∙ (
𝑑𝐺𝑠𝑒𝑐
𝑑𝜀𝑠
) 2.9 
 𝐺 = 𝐴 + 𝐵 ∙ 𝑐𝑜𝑠 (𝛼 ∙ (𝑙𝑛 (
𝜀
𝐶
))
𝛾
) 2.10 
Based on the assumption that the non-linear elastic response of soils can be described by a power law 
(expression 2.11), Bolton and Whittle (1999) and Whittle (1999) proposed a closed formed solution for 
the undrained cavity expansion capable of determining the stiffness degradation curve using simpler 
expressions (2.12 and 2.13) than those presented by Muir Wood (1990). The power law can be directly 
fitted to the pressuremeter data and the power parameters,  and , are used directly in the 
determination of the shear modulus. The method can be applied both to unload and reload cycles but 
it is often applied just to the latter since it is thought that during unloading the loop presents initially 
some creep, probably related to strain rate effects, making difficult the selection of the right origin of 
the cycle (Whittle et al., 1993). These effects are usually lower in the reload cycle since this occurs at 
smaller strains and theoretically in the elastic range. 
 𝜏 = 𝛼 ∙ 𝜀
𝛽  2.11 
 𝐺𝑠𝑒𝑐 = 𝛼 ∙ 𝜀𝑐
𝛽−1 2.12 
 𝐺𝑡𝑎𝑛 = 𝛼 ∙ 𝛽 ∙ 𝜀𝑐
𝛽−1 2.13 
A different type of methodology was presented by Jardine and Muir Wood (1991) and Jardine (1992), 
in which instead of assuming an expression to describe the shear modulus-cavity strain relation, like in 
the previous methods, a so-called transformation of strains approach is adopted. After observing the 
relationship between the pressuremeter, secant and tangent shear modulus Jardine (1992) concluded 
that those when normalised, were almost parallel and therefore for a given shear modulus it would be 
sufficient to produce a shift on the strain to switch from one modulus to another. By performing only 
this strain transformation Jardine (1992) avoided the mathematical constrains and numerical 
differentiation required by the other methods. Based on the analysis of several soils Jardine proposed 
the empirical expressions 2.14 and 2.15 to transform the cavity strain into the “secant” and “tangent” 
strain, respectively. Despite the simplicity of the methodology some doubts persist concerning its 
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reliability when used in different types of soils and regarding the range of strains over which the method 
is valid. 
 
𝜀𝑐
𝜀𝑠
= 1.2 + 0.8 ∙ log10 (
𝜀𝑐
10−5
)           𝑓𝑜𝑟 𝐺𝑃 = 𝐺𝑠𝑒𝑐  2.14 
 
𝜀𝑐
𝜀𝑠
= 4.5 + 2.65 ∙ log10 (
𝜀𝑐
10−5
)         𝑓𝑜𝑟 𝐺𝑃 = 𝐺𝑡𝑎𝑛 2.15 
After taking into consideration all the advantages and drawbacks of each approach the author decided 
to employ the methodology proposed by Bolton and Whittle (1999) to derive the stiffness degradation 
curves based on the results of the loops of the SBPT carried out in the AP formation and presented in 
the previous section. In this analysis only the cycles where the effect of creep was reduced and where 
there was enough data to derive a curve (minimum 4 points) were considered. The obtained results for 
the tangent shear modulus normalised by the mean effective stress are presented in Figure 2.27. It 
should be noted that the strains were reduced by a factor of 2 when plotted in accordance with the 
rules established by Masing (1926).  
 
Figure 2.27 – Normalised stiffness degradation curve for the AP formation based on the loops of the SBPT 
Although the curves exhibit some scatter it is possible to observe a significant reduction of the modulus 
with just a slight increase of strain. An initial normalised shear modulus of nearly 800 can be estimated 
for the formation, which corresponds to a minimum of 400 MPa for a mean effective stress of 500 kPa. 
This value, as expected, is higher than that determined based on the slope of the loops, GUR (Figure 
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2.26), since the latter is defined for the average of the entire loop while the former is for the 
instantaneous increase of strain measured at the beginning of the cycle. 
2.4.3 LABORATORY CHARACTERISATION 
2.4.3.1 Particle size distribution (PSD) 
Based on the observation of the biostratigraphy and lithological variation, Cotter (1956) suggested the 
division of the AP formation into 5 units, each one with differences in the grain size of the sediments 
and in the type of fossils discovered. However, this distinction is not commonly used in practice and the 
formation tends to be considered as a whole, probably because the difference in the mechanical 
behaviour is assumed to be negligible for design purposes. 
Figure 2.28 depicts the particle size distribution obtained using the sieving and sedimentation method 
for the AP formation for 2 different sets of data. As it can be seen, the envelope presented by Moitinho 
de Almeida (1991), based on the analysis of 60 samples collected in several locations within Lisbon, is 
quite wide confirming the differences observed by Cotter (1956). Generally, the soil can be classified as 
clayey silt or silty clay since the percentages of clay can differ from 10 to 60 %. The formation can also 
contain a considerable amount of sand, up to 50 %, although on average this value does not surpass 
20 %.  
 
Figure 2.28 – Particle size distribution for the AP formation 
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Marques (1998) obtained similar values, except for the clay fraction which was lower, in a study 
performed at one specific location in Lisbon (near Alameda Metro station) with samples collected at 
different depths. The variation of the particle size distribution with depth was considerable and no trend 
was identified by Marques (1998). Finally, the result of a sample collected in the Quintão building 
backyard (Cenorgeo, 2008), at a depth of 38 m is also shown in Figure 2.28. This particle size distribution 
is in agreement with the previous studies. 
2.4.3.2 Mineralogy and structure 
The knowledge of the mineralogical composition of a soil, particularly if it is fine grained, can be very 
important since the type of minerals and the bonding between them determine the interaction with the 
fluid phase and consequently the compressibility properties. The structural stability of the different 
minerals also controls the strength characteristics and even the resistance to weathering effects 
(Mitchell & Soga, 2005). 
A mineralogical analysis performed by Marques (1998) revealed that the AP formation was mainly 
composed of quartz. However, in a recent study, Lopes Laranjo et al. (2010) presented new results for 
a sample collected in the Chiado quarter showing that mica constituted the principal mineral, followed 
by quartz. Other minerals, like chlorite, feldspar and pyrite, were also identified by Lopes Laranjo et al. 
(2010) but in smaller quantities (Table 2.1). Carbonates were discovered in the samples tested by 
Moitinho de Almeida (1991) although the results of Lopes (2001) point to a virtual absence of these 
minerals in the AP formation. 
Table 2.1 – Percentage of minerals in a sample of the AP formation (Lopes Laranjo et al., 2010) 
Mica Quartz Chlorite Feldspar Pyrite 
52 28 7 8 4 
 
The studies performed on the clay fraction of the formation showed that it is mainly composed of Illite, 
smectite, kaolinite and chlorite (Moitinho de Almeida, 1991; Guedes, 1997; Marques, 1998). They also 
confirm that the mineralogy varies greatly within the formation, making it difficult to establish a pattern. 
Generally, illite is the predominant mineral followed by smectite, although these minerals were not 
present in all samples tested (Moitinho de Almeida, 1991). In contrast, kaolinite was present in almost 
all samples but in a lower percentage. Chlorite was only found in a few samples, always in a small 
amount, and in association with kaolinite (Marques, 1998). Based on the mineralogical distribution the 
AP formation may be characterised as having a medium to high activity according to Skempton (1953). 
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However, is difficult to evaluate the real influence of the mineralogical composition on the mechanical 
behaviour of the formation. 
Despite the acknowledgement that structure has a relevant role on the shear strength (Burland, 1990; 
Amorosi & Rampello, 2007; Gasparre et al., 2007) and on the shear stiffness of clays (Jovicic & Coop, 
1998), only recently has it begun to be investigated in the AP formation. Lopes Laranjo et al. (2010) 
presented the first results obtained with a polarized light microscope, showing that the AP formation 
appears to have some structure in the horizontal direction, while in the vertical direction no preferential 
orientation of the particles was observed (Figure 2.29). However, the effects of this apparent anisotropy 
have not yet been confirmed and quantified by advanced laboratory tests. 
  
 a) b) 
Figure 2.29 – Polarized light microscope images for a sample of the AP formation: a) horizontal direction; b) 
vertical direction (Lopes Laranjo et al., 2010) 
2.4.3.3 Index properties 
The principal index properties of the AP formation are summarized in Table 2.2 for 4 sets of data 
published in the literature. The results presented provide similar average values although in all studies 
a large scatter among the samples tested has been reported. The water content, w0, ranges between 
18.0 and 24.5 % and the low values of the liquid (LL) and plastic (PL) limits, supported by the medium to 
low activity determined, suggest a stiff soil with low plasticity, more typical of silty formations. The 
obtained values for the activity, Ac, are lower than expected considering the mineralogical distribution. 
Almost all samples tested were saturated and had a low void ratio, e, of about 0.55. The unit weight can 
be assumed as 20 kN/m3. 
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Table 2.2 – Average index properties of the AP formation 
Data 

(kN/m3) 
w0 
(%) 
G 
S 
(%) 
d 
(kN/m3) 
e 
LL 
(%) 
PL 
(%) 
PI 
(%) 
Ac 
Moitinho (1991) 20.6 19.8 2.66 100 17.2 0.53 40.7 21.4 19.3 0.79 
Marques (1998) 20.3 21.9 2.60 100 16.6 0.55 42.2 20.3 21.9 0.98 
Lopes (2001) 20.4 18.0 2.59 99 17.4 0.49 35.0 19.0 16.0  –  
Cenorgeo (2008) 19.9 24.5 2.50 100 16.0 0.59 37.0 24.0 13.0 0.42 
2.4.3.4 Oedometer tests 
The results of 5 oedometer tests performed on natural samples of the AP formation are displayed in 
Table 2.3 and in Figure 2.30. The tests were carried out by Marques (1998) and the samples were all 
collected in the same place (near Alameda Metro station, Lisbon) but at different depths. The results 
indicate that the AP formation is over-consolidated with an OCR of about 6 which is nearly constant 
with depth. The compression, Cc, and swelling, Cs, indices are approximately the same for all tests, 
revealing a soil with medium compressibility when compared with results of similar clays published in 
the literature by Skempton and Jones (1944) and Burland (1990). Only the test E5 shows a lower value 
for the swelling index, as shown in Figure 2.30a), but this could have been caused by an experimental 
error. 
As mentioned by Burland (1990) and Gasparre and Coop (2008), the effects of structure on the 
behaviour of clay formations can be identified by comparing the compression paths of oedometer tests 
performed on natural and reconstituted samples. The inexistence of the latter for the AP formation 
makes it difficult to assess these effects. 
Marques (1998) also presented the evolution of the coefficient of consolidation, cv, and of the 
permeability, k, with the increase of the stress level for the test E1 (Figure 2.31). From the figure it is 
possible to observe that the former varies from 1.5 to 11 m2/year, peaking, for the loading stage 
112 - 222 kPa, and the latter remains constant, around 45x10-11 m/s, for the initial stress levels and then 
decays exponentially to approximately 1x10-11 m/s for the higher stresses considered.  
Table 2.3 – Results of the oedometer tests in natural samples of the AP formation (modified from Marques, 
1998) 
Sample 
Depth 
(m) 
’v0 
(kPa) 
’p 
(kPa) 
OCR CC CS 
E3 12.9 230 1350 5.9 0.244 0.051 
E1 14.0 240 1371 5.7 0.262 0.060 
E4 20.0 300 2000 6.7 0.226 0.039 
E5 24.7 350 1910 5.5 0.223 0.003 
E6 31.0 410 2268 5.5 0.276 0.071 
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 a) b) 
Figure 2.30 – Oedometer tests on natural samples of the AP formation: a) compression curve; b) compressibility 
curve (Marques, 1998) 
 
 a) b) 
Figure 2.31 – Results of the oedometer test E1: a) coefficient of consolidation; b) permeability (Marques, 1998) 
According to the proposal of Mesri (1973) the influence of secondary consolidation should be minor 
since the value of the coefficient of secondary consolidation presented by Marques (1998) was 0.0012. 
The obtained value is also in agreement with the results observed for other stiff formations, such as 
London Clay (Sorensen, 2006). 
2.4.3.5 Unconfined compressive strength and direct shear tests 
There are two studies published in the literature containing results of 69 unconfined compressive 
strength tests carried out in the AP formation (Moitinho de Almeida, 1991; Lopes, 2001). The values 
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vary greatly, between 15 and 3728 kPa, with an average around 1000 kPa, and do not permit any reliable 
conclusion to be established concerning the strength of the formation. 
Moitinho de Almeida (1991) also presented results from 8 direct shear tests. The values of strength 
obtained for the Mohr-Coulomb failure criterion were equally inconclusive, ranging from 10 to 64 kPa, 
for the cohesion, and from 24 to 46º, for the angle of shear resistance. 
The results published for both tests reveal the heterogeneity of the AP formation although it should be 
noted that these tests were performed by different experimentalists and with unknown procedures and 
conditions. 
2.4.3.6 Triaxial tests 
The first quantification of the resistance and stiffness of the AP formation using advanced laboratory 
tests was carried out by Marques (1998). He performed 21 triaxial tests on samples collected from a 
borehole drilled near Alameda Station, Lisbon. The samples were tested following conventional 
compression (10) and extension (11) stress paths and all under undrained conditions. The initial stress 
state was defined in accordance with the expected stress conditions at the site. An anisotropic 
consolidation, with a K0 of 0.8, was performed in 16 samples, while isotropic conditions were applied in 
the remaining samples. 
The effective stress paths for all the tests are displayed in Figure 2.32. The results show the typical 
behaviour of an over-consolidated soil, with the stress-paths in both compression and extension 
bending to the right when sheared at medium strains and consequently generating negative excess pore 
water pressure in the samples. Despite some differences among the tests, the overall behaviour can be 
considered similar, with both types of tests revealing a reasonably defined yielding surface. However, 
the differences between compression and extension tests are visible in Figure 2.33 where the stress 
ratio versus axial strain curves are shown. In compression it is possible to observe that most samples 
exhibit a peak stress ratio followed by softening until a final stress ratio of about 1.2 is reached. In 
extension only hardening is observed and failure occurs at higher strains and for a lower stress ratio of 
approximately 1. Despite these differences Marques (1998) proposed, based on all the tests performed, 
a unique Mohr-Coulomb envelope with parameters equal to 20 KPa for the cohesion and 33º for the 
angle of shear resistance. 
Three additional triaxial tests on the AP formation were performed by Cenorgeo (2008) at the 
geotechnical laboratory of Oporto University (FEUP) with the objective of assessing the design 
REVIEW OF THE GEOTECHNICAL CONDITIONS ON THE LISBON METRO NETWORK 2 
 
 
 93 
 
parameters for the excavation of the Ivens shaft. The samples tested were collected at approximately 
37 m depth in a borehole drilled in the backyard of the Quintão building. The results were generally in 
agreement with those presented by Marques (1998) showing only a marginally higher resistance. 
 
 a) b) 
Figure 2.32 – Stress-path of the triaxial tests performed in the AP formation: a) compression; b) extension 
(Marques, 1998) 
 
Figure 2.33 –Stress ratio for the triaxial tests performed in the AP formation (modified from Marques, 1998) 
The influence of the stiffness at small strains, especially in the case of stiff soils, has been recognised 
and studied by many authors (Burland, 1989; Atkinson, 2000; Clayton, 2011). These studies have shown 
that the stiffness tends to decay sharply with the increase of strains. According to Atkinson and Sallfors 
(1991) the strain of 0.001 % can be considered as the limit to the linear behaviour, implying that for 
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lower strains a constant initial shear modulus, G0, can be assumed. Beyond this threshold the stiffness 
starts to decrease and for a strain of 1 % can be less than 10 % of the initial value (Viggiani & Atkinson, 
1995b), depending on the type of soil. Since the strains around geotechnical structures are usually 
within this order of magnitude (Mair, 1993) the complete assessment of this soil characteristic assumes 
particular importance. 
Results for the normalised tangent shear modulus degradation with the generalised deviatoric strain 
(𝐸𝑑 = √3 ∙ 𝜀𝑠) are given in Figure 2.34 both for the compression and extension tests. Despite using 
internal instrumentation similar to that described by Jardine et al. (1984) in some of the tests, Marques 
(1998) was unable to measure strains below 0.01 %, making it difficult to obtain a complete 
interpretation of the small strain stiffness behaviour of the AP formation. In the figure it is possible to 
verify some heterogeneity in the results at low strains, with the normalised shear modulus, both in 
compression and extension, varying from 50 to 120. A similar decay in the stiffness degradation curves 
was also observed for both stress-paths tested. 
 
Figure 2.34 – Normalised tangent shear modulus degradation curves of the AP formation based on the triaxial 
tests performed by Marques, 1998 
The difference between the results of the shear modulus degradation determined from the triaxial tests 
with those obtained from the SBPT testing is significant as Figure 2.35 shows. Even the lowest value of 
the normalised tangent shear modulus obtained in the in-situ tests, 200, is higher than the maximum 
value determined from the triaxial tests (120). Discrepancies between the results of triaxial and SBP 
have already been highlighted in other studies, although smaller differences were observed (Powell & 
Butcher, 1991; Jardine, 1992; Ng & Wang, 2001).  
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Factors such as the disturbance of the samples during the processes of sampling, conditioning and 
preparation, the eventual drainage, the stress rate used during the execution of the SBP test or even 
the interpretation of the results have been enumerated by Tatsuoka and Shibuya (1991) as probable 
causes, even though the differences should be related to a combination of those factors and not any 
one of them in particular. 
Another factor that can affect the results is the eventual anisotropy of the formation since the 
deformation mode in the SBPT is horizontal while in the triaxial is mainly vertical. A recent study 
performed on London Clay by Hight et al. (2007) showed that the relation between horizontal and 
vertical modulus is about 2 with the former being higher. Since no studies have been performed on the 
anisotropy of the AP formation it is not possible to evaluate the real impact of this factor. The fact that 
the samples tested were collected at different locations might also have contributed to the differences 
observed. 
 
Figure 2.35 – Comparison of the normalised tangent shear modulus obtained in the SBPT and in the triaxial tests 
for the AP formation 
2.5  “AREOLAS DA ESTEFÂNIA” FORMATION 
2.5.1 INTRODUCTION 
In contrast to the AP formation the amount of data available in the literature about the “Areolas da 
Estefânia” (AE) formation is much smaller and is focused mainly on identification characteristics rather 
than on its mechanical behaviour. The main reason for this might be related to the heterogeneity 
REVIEW OF THE GEOTECHNICAL CONDITIONS ON THE LISBON METRO NETWORK 2 
 
 
 96 
 
present in the formation and its composition. The granular structure of the material causes difficulties 
in the sampling process, hence discouraging advanced laboratory investigations. Consequently the data 
for assessing the resistance and compressibility of the AE formation is mainly derived indirectly through 
correlations with in-situ tests such as MPT (Guedes de Melo, 2008) or SBPT (Ludovico Marques & Sousa 
Coutinho, 2004). The only study available where the AE formation was studied using advanced 
laboratory tests in terms of undrained triaxial compression was presented by Cenorgeo (2008) and was 
part of the geotechnical report that served as reference for the design project of the Ivens shaft. 
As mentioned previously the AE formation presents some limestone intercalations within it (Figure 
2.21). These are normally considered independently since the behaviour of the limestone is more similar 
to rock than to soil. However, the continuity of the intercalations is difficult to establish due to the 
presence of joints and consequently their resistance and deformability should be considered with 
caution when designing geotechnical structures. The only available data in the literature for the 
limestone was published by Moitinho de Almeida (1991) and Lopes (2001) and consists of results from 
a series of uniaxial compression tests which are presented later. 
2.5.2 IN-SITU CHARACTERISATION 
2.5.2.1 Standard Pressuremeter Test (SPT) 
The results of the SPT tests (1594 in total) performed in the AE formation are given in Figure 2.36. The 
tests were performed at different locations in the city of Lisbon and were collected by Moitinho de 
Almeida (1991) and Lopes (2001). A third of the tests performed surpassed the 60 blows mark and the 
remaining are almost equally distributed between 10 and 50 blows. Only a small percentage of the tests, 
approximately 5 %, required less than 10 blows to reach the 30 cm penetration mark. The frequency of 
the penetration for the tests above 60 blows is higher from 15 to 25 cm. The results can be considered 
quite similar to those presented for the AP formation, revealing that both formations appear to provide 
reasonable foundation conditions.  
As part of the geotechnical characterisation for the design of the Ivens shaft, 24 SPT tests were 
performed in two boreholes located in the backyard of the Quintão building. The results obtained were 
in agreement with the results of Figure 2.36, since the majority of the tests reached the 60 blows mark 
with penetrations varying from 4 to 24 cm.  
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 a) b) 
Figure 2.36 – Results of the SPT tests performed in the AE formation: a) number of blows; b) penetration for 
tests with more than 60 blows 
2.5.2.2 Seismic tests 
As mentioned in section 2.4.2.2, the existing geophysical data for the Miocene deposit is limited and 
since it is grouped it is not possible to isolate a specific formation, which presents additional difficulties 
in the interpretation. The only results available for the AE formation were displayed in Figure 2.24 and 
simply refer to compression waves velocities (Vp). As a result the evaluation of the initial shear modulus 
is not direct and some assumptions are necessary. Combining expressions 2.1 and 2.2 allows the 
estimation of the initial shear modulus based on the value of the compression wave velocity, the 
assumption of a Poisson’s ratio and unit weight for the formation. Figure 2.37 shows the obtained 
results for a Poisson’s ratio of 0.2 and a unit weight of 20 kN/m3. Despite the short distance between 
boreholes it is possible to observe significant differences in the contours that do not permit a clear 
pattern to be established, although it seems that the shear modulus tends to increase slightly with 
depth. The value assumed for Poisson’s ratio has an important impact on the results and, consequently, 
it is even more difficult to define which is the most representative interval of values for the initial shear 
moduli. It is also interesting to verify that the limestone intercalation does not originate a sudden 
increase in the initial shear modulus, except near the F1 borehole. This fact might be related to the 
already mentioned nonexistence of horizontal continuity of the layer. 
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Figure 2.37 – Profile of the initial shear modulus based on the seismic tomographies performed in Chiado 
quarter (adapted from Coelho et al., 2004) 
2.5.2.3 Ménard Pressuremeter Test (MPT) 
Guedes de Melo (2008) published a numerical back-analysis study based on the results of 27 MPT 
executed by LNEC (LNEC, 1996a, b, c, d, e, f) on the AE formation. In his research he attempted to fit the 
Hardening Soil Model (Schanz et al., 1999) to the pressure-volume curves of the MPT tests obtaining 
values for the Mohr-Coulomb failure criterion of 39º for the angle of shear resistance, 10 kPa for the 
cohesion and 5º for the dilatancy. Guedes de Melo also presented values of the 5 parameters required 
by the model for the definition of the non-linear stiffness laws (expression 2.16). After assuming a 
Poisson’s ratio of 0.2 and a reference pressure, pref, of 100 kPa he concluded that: the power coefficient 
for the stress-level dependency, m, should be equal to 0.5; the reference stiffness in drained triaxial 
test, 𝐸50
𝑟𝑒𝑓
, and the tangent stiffness for primary oedometer loading, 𝐸𝑜𝑒𝑑
𝑟𝑒𝑓
, equal to 90 MPa; and finally 
the unload-reload reference stiffness, 𝐸𝑢𝑟
𝑟𝑒𝑓
, equal to 270 MPa.  
 𝐸50/𝑢𝑟/𝑜𝑒𝑑 = 𝐸50/𝑢𝑟/𝑜𝑒𝑑
𝑟𝑒𝑓
∙ (
𝑐′ ∙ 𝑐𝑜𝑠𝜙′ − 𝜎3 ∙ 𝑠𝑖𝑛𝜙
′
𝑐′ ∙ 𝑐𝑜𝑠𝜙′ + 𝑝𝑟𝑒𝑓 ∙ 𝑠𝑖𝑛𝜙′
)
𝑚
 2.16 
From the 27 MPT tests mentioned 17 were performed in Chiado quarter near the location of the Baixa-
Chiado station. Additionally 6 tests were carried out by Cenorgeo (2008) in the Quintão building 
backyard. The results of the limit pressure for the MPT tests performed in the AE formation are 
displayed in Figure 2.38a). The values vary from 2 to 11 MPa with an average of 5 MPa and can be 
considered similar to those observed for the AP formation, although with a slightly reduced scatter.  
The Young’s modulus depicted in Figure 2.38b) was determined using expressions 2.4 and 2.5 and 
considering a Poisson’s ratio of 0.2 and a  of 0.5 (Briaud, 1992). The results are scattered and present 
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a mean value of 125 MPa while the calculated values for the Quintão building data are smaller, with an 
average of just 90 MPa. The results are, once again, in agreement with the values found for the AP 
formation where a mean value of 100 MPa was observed.  
Although Mair and Muir Wood (1987) suggest that MPT should not be used to evaluate the angle of 
shearing resistance due to the disturbance caused by the initial excavation of the borehole Ménard 
(cited by Baguelin et al. (1978)) proposed an empirical correlation (expression 2.17) based on the limit 
pressure, PL, measured during the test. This expression gives the values in Figure 2.38c). The scatter is 
large, ranging from 35 to 46º, with an average value of 41º. It is also interesting to note that there is not 
much difference between this value and that suggested by Guedes de Melo (2008). 
 𝜙′ = 4 ∙ 𝑙𝑜𝑔2 (
𝑃𝐿
250
) + 24             𝑤𝑖𝑡ℎ   𝑃𝐿  (𝑘𝑃𝑎) 2.17 
 
 a) b) c) 
Figure 2.38 – Results of the MPT tests performed on the AE formation: a) limit pressure; b) Young modulus; c) 
angle of shear resistance 
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2.5.2.4 Self-Boring Pressuremeter Test (SBPT) 
The results of 19 SBPT performed by LNEC (LNEC, 1996a, b, c, d, e, f) in the AE formation were published 
by Ludovico Marques and Sousa Coutinho (2004) and by Guedes de Melo (2008). The majority of these 
tests, 14, were executed in the Chiado quarter and the remaining tests near Alameda Metro station in 
Lisbon. Figure 2.39a) shows the results of the coefficient of earth pressure at rest, K0, calculated 
assuming a unit weight of 20 kN/m3 and that the last 4 m of the AE formation were below the phreatic 
level. Despite the scatter it is possible to observe that the K0 value tends to decrease with an increase 
of the vertical stress from about 1.5 at 200 kPa to approximately 0.7 at 500 kPa. 
Hughes et al. (1977) observed that if the curve of the applied pressure against the cavity strain was 
plotted in logarithmic scales, the points would be aligned on a nearly straight line with a constant slope, 
s. Based on this observation they derived the expressions 2.18 and 2.19 to determine the angle of shear 
resistance, ’, and the dilatancy, . These expressions depend on the angle of shear resistance at 
constant volume, cv, which in this case was assumed to be 34º according to the LNEC reports. The 
calculated values for the ’ are almost all between 28 and 48º, with a mean of 44º (Figure 2.39b)). These 
results are of the same magnitude as those obtained with the MPT and by Guedes de Melo (2008), 
revealing a reasonable agreement between the empirical and theoretical expressions. The dilatancy 
results follow a pattern similar to the angle of shear resistance and present an average value of 13º 
(Figure 2.39c)), which is higher than the estimated by Guedes de Melo (2008). 
 
sin 𝜙′ =
𝑠
1 + (𝑠 − 1) ∙ sin 𝜙𝑐𝑣
 2.18 
 
sin𝜓 = 𝑠 + (𝑠 − 1) ∙ sin 𝜙𝑐𝑣 2.19 
From the loops executed during the SBP tests it was possible to derive the unload-reload shear modulus, 
GUR, for the AE formation. The results are presented in Figure 2.39d) and can be considered nearly 
constant with depth with a mean of 190 MPa. It is also possible to observe that the difference between 
the first and the second loop performed is small and in some cases even nonexistent, revealing some 
consistency in the results. The values obtained are, as expected, higher than those derived from the 
MPT for the equivalent shear modulus (≈50 MPa) although the difference is significantly smaller in 
comparison with that observed for the AP formation. Another interesting point is the fact that the 
stiffness determined from the SBPT for the AE formation is lower when compared with the AP 
formation, 190 to 270 MPa, but the reverse happens for the results of the MPT, which are 50 to 33 MPa, 
respectively. 
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 a) b) c) d) 
Figure 2.39 – Results of the SBPT tests performed on the AE formation: a) coefficient of earth pressure at rest; 
b) angle of shear resistance; c) dilatancy; d) unload-reload shear modulus 
2.5.2.5 Stiffness degradation curve based on the loops of the Self-Boring Pressuremeter Test 
The Bolton and Whittle (1999) approach presented in section 2.4.2.5 was also used by the author to 
derive the stiffness degradation curves based on the loops of the SBPT for the AE formation. The 
methodology was only applied to cycles that contained more than 3 data points and mainly to reload 
cycles since these had negligible creep.  
The results of the 23 cycles selected are depicted in Figure 2.40 and it is possible to observe that the 
majority are concentrated in a relatively small band denoting some homogeneity in the AE formation. 
Only a few cycles present higher stiffness and are probably related to tests executed in more cemented 
areas or even in limestone intercalations. The results are close to those obtained for the AP formation, 
revealing that, despite the composition of the formations being different, the overall results of the in-
situ tests are similar. 
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Figure 2.40 – Normalised stiffness degradation curve for the AE formation based on the loops of the SBPT 
2.5.3 LABORATORY CHARACTERISATION 
2.5.3.1 Particle size distribution (PSD) 
According to Cotter (1956) the AE formation can be subdivided into 3 units. He observed significant 
differences in the composition of the formation, with zones presenting sand, silty and clayey sand and 
even some parts with fossiliferous limestone. The degree of cementation also varies considerably from 
loose sand to micritic limestone which exhibits hard rock behaviour.  
Figure 2.41 summarise the results of the particle size distribution obtained by the sieving and 
sedimentation methods published by Moitinho de Almeida (1991) and Marques (1998) for the soil part 
of the AE formation. The envelope presented by Marques (1998) was based on the results of 11 samples 
collected at the same site but at different depths, and reveal a homogenous but poor distribution with 
approximately 70 % of sand, 20 % of silt and less than 10% of clay. These values are in close agreement 
with the envelope published by Moitinho de Almeida (1991) for 3 samples. Figure 2.41 also displays the 
results of 5 samples collected at different depths in the backyard of Quintão building and tested by 
Cenorgeo (2008). The curves follow the same trend and plot almost within the proposed envelopes. 
Despite the homogeneity of the results exhibited Moitinho de Almeida (1991) and Lopes (2001) 
mentioned the existence of samples that had higher values for the fractions of silt and clay, with 
percentages up to 60 and 35 %, respectively. 
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Figure 2.41 – Particle size distribution for the AE formation 
2.5.3.2 Mineralogy and structure 
The results concerning the mineralogy of the AE formation are limited and vague. Marques (1998) 
mentioned that the particles were mostly quartz, but with no quantification. The mineralogy of the clay 
fraction was studied by Moitinho de Almeida (1991) and Lopes (2001) who indicated that illite was the 
predominant mineral, followed by smectite and then by kaolinite in low quantities. 
The multiple depositional and temporal environments in which the AE formation was formed created 
complex structures with several degrees of cementation as can be seen in Figure 2.21. Consequently, 
the analysis of the influence of the structure on the behaviour of the formation is difficult and probably 
cannot be described by a single pattern. This complexity is probably the cause of the nonexistence of 
published studies in the literature related to the structure of this formation.  
2.5.3.3 Index properties 
The average index properties of the AE formation are displayed in Table 2.4 for 4 different sets of data. 
Moitinho de Almeida (1991) and Lopes (2001) presented some results of the plasticity of the formation 
based on a limited number of samples that had reasonable fractions of clay and/or silt. These results 
reveal that the samples with fines had low plasticity despite the medium activity determined. The 4 
studies provided similar results for the basic index properties with a unit weight of approximately 
20 kN/m3 and a moisture content of about 18 %. The majority of the samples tested were saturated or 
nearly saturated having low void ratio, indicating low compressibility. 
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Table 2.4 – Average index properties of the AE formation 
Data 

(kN/m3) 
w0 
(%) 
G 
S 
(%) 
d 
(kN/m3) 
e 
LL 
(%) 
PL 
(%) 
PI 
(%) 
Ac 
Moitinho (1991) 20.8 18.4 2.62 100* 17.6 0.49 37.6* 19.8* 17.7* 0.73* 
Marques (1998) – 19.2 2.59 – – – – – – – 
Lopes (2001) 20.0 15.9 2.61 85.6 17.4 0.50 29.0* 19.0* 10.0* – 
Cenorgeo (2008) 20.2 18.5 2.57 96.8 17.0 0.48 – – – – 
*results from samples that were mainly clayey/silty sands 
2.5.3.4 Unconfined compressive strength and direct shear tests 
Moitinho de Almeida (1991) and Lopes (2001) presented in their research some results of unconfined 
compressive strength tests that were performed on samples from the AE formation. In total they 
collected 19 tests executed on soil samples and 6 conducted on limestone samples. The scatter in the 
measured values of the compression strength was huge, with that of the soil samples varying from 144 
to 1171 kPa (mean of approximately 500 kPa) and for the rock probes between 4709 and 8927 kPa with 
an average of 6638 kPa. 
For the design of the Ivens shaft there were also 9 unconfined compressive strength tests performed at 
FEUP geotechnical laboratory on samples collected at the Ivens shaft site (Cenorgeo, 2008). Beside the 
compression strength, ci, the axial strains were also recorded during the tests allowing the 
determination of the intact Young’s modulus (Ei). The obtained results are presented in Table 3.9 and 
also include the strain measured at failure, f, and the moduli ratio (MR), which corresponds to the 
relation between the Young’s modulus and the unconfined compressive strength. As can be observed, 
the differences among the tests are considerable with the compressive strength varying from 2.8 to 
26.4 MPa and the intact Young’s modulus between 679 and 13910 MPa. The strain at failure also differs 
from 0.42 to 1.77 % while the majority of the values determined for the modulus ratio can be considered 
inside the typical range for carbonate rocks such as limestone (Hoek, 2007). The evolution of the 
compression strength with depth seems to be related to the different degrees of cementation observed 
in the limestone layer (Figure 2.21), since near the extremities, i.e. in the contact with the soil formation, 
the compression strength is reduced while in the middle, around 15 m depth, it reaches its peak, both 
in terms of strength and deformability.  
In addition to the unconfined compressive strength tests, Moitinho de Almeida (1991) also published 
the results of 11 direct shear tests, suggesting a value of 49 kPa for the cohesion and 39º for the angle 
of shearing resistance as the parameters for the Mohr-Coulomb failure criterion. 
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Table 2.5 – Results of the unconfined compressive strength tests performed in the Limestone layer (modified 
from Cenorgeo, 2008) 
Test Depth (m) ci (MPa) f (%) Ei (MPa) MR 
U1_13 13.0 2.8 0.54 3130 1105 
U2_13 13.0 6.4 1.77 679 105 
U3_13 13.0 8.6 0.89 4792 554 
U4_13 13.0 11.2 1.09 1673 149 
U5_13 14.0 12.0 1.09 4358 364 
U6_15 15.0 26.4 0.42 13910 523 
U7_15 15.0 18.0 0.45 4758 264 
U8_16 16.0 6.3 0.57 3555 565 
U9_16 16.0 5.6 0.65 2079 369 
 
2.5.3.5 Triaxial tests 
Probably due to the difficulty in obtaining intact samples the AE formation has been rarely tested using 
advanced laboratory tests. The complexity and importance of the structure of the formation also make 
the use of reconstituted samples inappropriate to evaluate its mechanical characteristics. Moitinho de 
Almeida (1991) refers to the performance of 9 triaxial tests but the procedures and conditions are 
vaguely described and consequently the information retrieved is limited and might by inaccurate. Only 
recently, using a thin-walled PVC tube sampler, was it possible to collect intact samples of the AE 
formation from a borehole drilled in the backyard of the Quintão building (Cenorgeo, 2008). Ten 
undrained triaxial compression tests were performed at the geotechnical laboratory of FEUP on samples 
collected between 20 and 30 m depth. All samples were firstly anisotropically consolidated to different 
levels of vertical effective stress using a K0 of 0.8 and then sheared following a standard compression 
path. Additionally, a loop was carried out at low strains in order to permit the evaluation of the stiffness 
during stress reversals. In order to improve the accuracy of the measurement of the strains internal 
instrumentation was used in all tests. 
The effective stress paths obtained for all the tests are depicted in Figure 2.42a). The results reveal a 
behaviour typical of an over-consolidated soil with the stress path turning right from the early stages of 
the test, causing generation of negative excess pore pressure. As can be observed in the figure all tests 
fail on an almost perfect straight line, with Mohr-Coulomb parameters of 36º for the angle of shearing 
resistance and 18 kPa for the cohesion. The variation of the stress ratio with the axial strain (Figure 
2.42b) also reveals a similar behaviour for all the tests with a final stress ratio of approximately 1.35 
being reached after large strains. 
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 a) b) 
Figure 2.42 – Triaxial tests performed in the AE formation: a) stress-path; b) stress ratio (Cenorgeo, 2008) 
Figure 2.43a) represents the normalised tangent shear modulus degradation curve for all samples 
tested. The results show the typical reduction of stiffness with the increase of strains but the behaviour 
at small strains is poorly characterised, with the minimum strain measured being around 0.008 %. In an 
attempt to improve the results the data from the load-reload loops was added to the plot (Figure 
2.43b)). The loops revealed a good agreement with the data from the tests, improving significantly the 
characterisation of the small strain stiffness of the AE formation. Despite the scatter of results at low 
strains, a pattern of the behaviour can be identified suggesting a normalised initial shear modulus of 
above 500. 
The comparison of the results from the triaxial tests with the results of the SBPT for the AE formation is 
displayed in Figure 2.44. In the same figure the data obtained for the AP formation is also plotted. The 
results show that there is a better correlation between triaxial and SBPT tests in the AE formation, 
although the latter continued to present higher values. The inclusion of the loops was decisive for that 
agreement, otherwise the results of the triaxial tests would only be slightly above those observed for 
the AP formation. Overall, it can be considered that both formations present a similar behaviour despite 
the significant difference observed in terms of composition. 
REVIEW OF THE GEOTECHNICAL CONDITIONS ON THE LISBON METRO NETWORK 2 
 
 
 107 
 
 
 a) b) 
Figure 2.43 – Normalised tangent shear modulus degradation curves of the AE formation: a) without loops; b) 
including the results of the loops 
 
Figure 2.44 – Comparison of the normalised tangent shear modulus obtained in the SBPT and in the triaxial tests 
for the AE and AP formations 
2.6 SUMMARY AND CONCLUSIONS 
In the first part of this chapter, the history and the construction methodologies used in the construction 
of the Lisbon Metro network were described. The construction of the network over the last half century 
has led to the development of several underground excavation techniques which were pioneered in 
Portugal at that time, such as the cut-and-cover tunnels and the use of EPB-TBM machines. Particular 
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attention was given to the construction works carried out at the Baixa-Chiado station since this facility 
is one of the most important on the network, due to its location in the centre of the city and because 
two of the four metro lines converge there. It is also relevant because one of the accesses points of the 
station, the Ivens shaft, is the main focus of this thesis. As described, this shaft, which has yet to be 
constructed, has a very complex shape which varies significantly over its nearly 40 m depth from an 
elliptical section in plan near the surface to a circular section at higher depths. 
Subsequently, the evolution of the Lower Tagus basin geology and the current lithostratigraphy of the 
city of Lisbon were presented. Since most of the city of Lisbon is located upon Miocene formations 
particular focus was given to the description of this sequence. At the Ivens shaft location the ground 
profile basically consists of two of those formations, the “Areolas da Estefânia” (AE) formation, with a 
thickness of about 35 m, which overlies the “Argilas e Calcários dos Prazeres” (AP) formation. A borehole 
performed at the Ivens shaft site confirmed the heterogeneity of those formations, particularly of the 
former where several depositional environments were identified.  
Finally, the published information concerning the AP and AE formation was presented and discussed. 
Both of these formations have been investigated in the past through in-situ and laboratory tests, 
although the existing laboratory characterisation of the latter layer is limited mainly due to its granular 
structure that causes difficulties in the sampling process. The pressuremeter tests conducted, MPT and 
SBPT, reflected the heterogeneity of both formations since the obtained results showed some scatter, 
not allowing the definition of a clear trend in terms of strength and deformability. Despite several 
seismic tests being performed in the Miocene sequence it was not possible to associate the initial 
stiffness obtained with any particular formation, since the tests were undertaken without identifying 
specifically the layer tested. The laboratory tests conducted focussed essentially on the characterisation 
of the physical properties (i.e. strength). The stiffness of the formations, particularly at low strains, has 
not been investigated in detail. From the analysis of the identification tests it was possible to observe 
that despite having a similar mineralogical composition the formations presented significant differences 
in the particle size distribution, with the AP formation being mostly composed of clay while the AE 
formation of sand. However, the triaxial tests performed behaved similarly and had similar strength 
characteristics. The comparison between the field and laboratory tests showed significant differences, 
particularly in the small strain stiffness, for both formations, with the results of the SBP tests being twice 
that observed in the triaxial tests, which might be explained by factors such as sample disturbance. 
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CHAPTER 3 
GEOTECHNICAL CHARACTERISATION OF THE 
RELEVANT MIOCENE FORMATIONS 
3.1 INTRODUCTION 
The results presented in Chapter 2 revealed that the geotechnical characterisation of both the “Argilas 
e Calcários dos Prazeres” (AP) and the “Areolas da Estefânia” (AE) formations can be considered 
incomplete, particularly in what concerns the small strain stiffness behaviour, since the information 
regarding the initial shear modulus was limited. Another subject that requires some additional research 
is related to the factors that caused the observed discrepancies between the in-situ and the laboratory 
tests. In order to clarify these points and improve the knowledge about both formations, it was decided 
to perform a complementary geotechnical characterisation that involved in-situ and laboratory tests. 
The results of these tests are presented and discussed in this chapter which is divided in two main 
sections, the in-situ works and the laboratorial characterisation.  
3.2 IN-SITU WORKS 
3.2.1 GENERAL ASPECTS 
The in-situ works were carried out between July and August of 2010 in the backyard of the Quintão 
building, precisely at the location of the future Ivens shaft (Figure 3.1), by the company Mota-Engil under 
the supervision of the author. In this survey 2 boreholes, located 5.8 m apart, were drilled (B1 and B2) 
to a depth of about 40 m. As can be seen in Figure 3.1, the location chosen was close to the borehole 
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PS1 which, together with PS2, had been drilled in a previous survey that was performed to assess the 
geotechnical conditions for the design of the Ivens shaft, the results of which were already presented in 
Chapter 2. 
The initial plan of works had two major purposes: (1) the collection of intact samples at different depth 
levels and, subsequently, (2) the execution of in-situ tests, namely cross-hole and permeability tests. 
However, due to the poor structural conditions of the Quintão building (Figure 3.2) the Lisbon Metro 
company (ML) restricted the access and imposed a reduced period of time to perform all the required 
works. Due to the proximity of the Baixa-Chiado station a safety distance of 20 m in plan, measured 
from the extrados of the station, had to be kept and as a result the only space available in the Quintão 
building for drilling was the backyard (Figure 3.1). Since there is nearly a 4 m difference between the 
levels of Ivens street and the backyard, a ramp of approximately 20 m length had to be built before the 
start of testing. Its construction limited even further the amount of time available and led to the decision 
to abandon the execution of the permeability tests since each one would require almost one day to 
complete.  
The drilling was performed using an Atlas Copco hydraulic rig, model Mustang A32 C (Figure 3.3a)). A 
set of hollow rods, with 76 mm internal diameter and with a tungsten drill bit on the toe, were inserted 
into the soil by rotation and water was used to cool down the equipment and facilitate the drilling 
(Figure 3.3b)). This method was used to bore the majority of the length of the boreholes, since this 
permitted a continuous sampling of the soil. However, this method is more suitable for rock and hard 
soils since the presence of the water in connection with the rotation of the drill bit tends to 
 
 
Figure 3.1 – Location plan of the boreholes performed in the Quintão building 
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 a) b) 
Figure 3.2 – Quintão building: a) view from Ivens street; b) inside of the building 
  
 a) b) 
Figure 3.3 – In-situ works: a) drilling equipment used: Atlas Copco Mustang A32 C; b) detail of the drilling 
introduce disturbances in the soil, particularly in loose and sandy materials. Therefore, it was decided 
to stop drilling when the borehole reached the established depths for the extraction of intact samples. 
At these depths the drill bit of the hollow rods was replaced by a thin-walled PVC tube sampler with a 
metallic cutting edge at the toe. This tube was then driven slowly into the soil in order to minimise the 
disturbance on the samples. Due to the characteristics of the AP formation it was not possible to drive 
the tube sampler and as a consequence the samples had to be collected using the rotary method, 
although in this case a reduced velocity and a minimal amount of water were used.  
Despite the efforts to quickly cover the AP samples in wax to preserve their properties after extraction, 
it was possible to observe that some of them showed signs of dehydration with small horizontal cracks 
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developing on their surface. Contrary to this, the samples collected in the AE formation were already 
confined by the PVC tube and it was only necessary to wax the two ends of the tube. The disturbance 
caused by the conditioning process on these samples is believed to be relatively small, particularly when 
compared with the procedures required for the AP samples. After conditioning, all the intact samples 
were placed into a moisture controlled chamber in the Geotechnical Laboratory of the Department of 
Civil and Environmental Engineering of the University of Coimbra (LG-DEC-UC), while the remaining 
cores were placed in boxes (Figure 3.4) for identification of the lithology and for being used in physical 
characterisation tests. 
The depths at which intact samples were collected are presented in Table 3.1. Since the previous survey 
conducted by Cenorgeo (2008) characterised the AE formation below 20 m depth, it was decided to 
concentrate the research above this depth. However, samples were also collected at higher depths and 
in the AP formation in order to allow a comparison with the results obtained previously and presented 
in Chapter 2. 
 
Figure 3.4 – Core samples removed from the boreholes drilled in the backyard of Quintão building (B1 on top of 
B2) 
Table 3.1 – Intact samples collected in the backyard of Quintão building 
Borehole 
Depth (m) 
Fill  AE formation  AP formation 
B1 –  – – 8.3–8.8 18.0–18.6 – 29.0–29.8  35.3–36.8 – 39.2–39.4 39.6-40.0 
B2 3.3–4.8  6.0–6.6 7.2–8.1 – 18.0–18.8 21.0–21.8 –   38.3–38.9 – – 
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Immediately after the extraction of the samples the boreholes were prepared for the seismic tests. PVC 
tubes were placed and the gaps between these and the soil were grouted to ensure a good transmission 
of the waves through the soil. The seismic tests performed and the obtained results will be presented 
in detail in the next section.  
After the conclusion of the works it was also possible to return to the backyard of the Quintão building 
to evaluate the position of the water table under stable conditions, i. e. without the influence of the 
water used during the drilling. The phreatic level was measured at 23 m depth, 4 m above the level 
measured by Cenorgeo in 2007.  
3.2.2 SEISMIC TESTS 
The seismic tests were performed at the end of August 2010 by the company Mota-Engil under the 
supervision of the author. Initially a cross-hole test was to be performed but when the geophone probe 
was introduced in borehole B2, it was observed that there was a blockage at 7 m depth. A similar 
problem was observed in the borehole B1, although in this case at 28 m depth. The obstructions were 
probably caused by a deficient connection between the PVC tubes that allowed grout to flow to the 
interior of the boreholes. Despite the applied efforts it was impossible to clear the tubes and as a 
consequence the cross-hole test could only be executed until a depth of 7 m. As an alternative it was 
then decided to perform a down-hole test in the borehole B2 until a depth of 28 m. With the 
performance of this test it was possible to estimate the initial shear modulus profile for part of the AE 
formation, but not for the AP formation since this layer only begins at 35 m depth. 
The obtained results for the compression and shear wave velocities (Vp and Vs respectively) are 
presented in Figure 3.5a) for the down-hole (DH) and cross-hole (CH) tests. It is possible to observe that 
there seems to be a reasonable agreement between both types of tests, although only the first 7 m can 
be compared. The profile of the shear wave velocity with depth for the AE formation also presents a 
trend similar to that observed for the Miocene formations of Lisbon. Generally, the shear wave velocity 
tends to increase slightly with depth, reaching 750 m/s at 28 m. There is, however, a sudden increase 
caused by the higher stiffness of the limestone layer between 6 and 18 m depth. 
The compression wave follows a similar pattern but at higher velocity values. Nevertheless, these values 
are still smaller when compared with those measured for the Miocene formations of Lisbon, although 
they can be considered to be in agreement with the values published by Coelho et al. (2004) (Figure 
2.24) for the Chiado quarter. The existing difference between the compression wave velocity of the AE 
and the Miocene formations is also reflected on the Poisson’s ratio values. These present an average 
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value of 0.35 for the AE formation in contrast with the nearly constant value of 0.48 determined for the 
Miocene formations (Figure 3.5b)).  
In Figure 3.5c) the profile of the initial shear modulus (G0) with depth is depicted, determined using 
expression 2.2 and assuming a unit weight of 20 kN/m3. As expected, the initial shear modulus profile is 
in agreement with the results of the Miocene formations, increasing from 50 MPa at surface to nearly 
1000 MPa at 28 m depth. The increase of stiffness, reaching nearly 1500 MPa, from 6 to 18 m depth is 
a result, as mentioned previously, of the presence of the limestone layer. The obtained values can be 
considered similar to the results presented in Figure 2.37 for the Chiado quarter, although it should be 
noted that the latter were extrapolated and determined using a Poisson’s ratio of 0.2.  
 
 a) b) c) 
Figure 3.5 – Results of the seismic tests performed in the backyard of the Quintão building: a) shear (Vs) and 
compression (Vp) wave velocities; b) Poisson’s ratio; c) initial shear modulus 
 
 
 
GEOTECHNICAL CHARACTERISATION OF THE RELEVANT MIOCENE FORMATIONS 3 
 
 
 115 
 
3.3 LABORATORY CHARACTERISATION 
3.3.1 INTRODUCTION 
The laboratory characterisation of the Ivens shaft site was performed in the facilities of the Geotechnical 
Laboratory of the University of Coimbra (LG-DEC-UC) between August of 2010 and January of 2011. All 
the tests were carried out by the author with the exception of the oedometer tests and part of the 
particle size distribution, which were performed by Silva (2011) in the scope of an Integrated Master’s 
degree thesis under the supervision of the author, and of the mineralogical tests, which were executed 
in the Sedimentology Laboratory of the University of Coimbra (LS-DCT-UC). 
The samples located in the core boxes (Figure 3.4) were used for the classification, identification and 
mineralogical tests since these characteristics are not usually much affected by the disturbance caused 
by the drilling and by the absence of conditioning. The advanced laboratory tests, oedometer, triaxial 
and bender element, were performed using intact samples that had been previously conditioned in the 
field and kept in a moisture controlled chamber until the execution of the tests so that all the natural 
properties could be preserved. 
In the next sections the results of the laboratory geotechnical characterisation performed for the AE 
and AP formations will be presented and discussed. 
3.3.2 PARTICLE SIZE DISTRIBUTION (PSD) 
Different methods can be used to quantify the particle size distribution (PSD) of a soil, such as sieving 
and sedimentation, laser diffraction or optical techniques. Generally, according to Goossens (2008), 
there is no optimum method and the choice is subjective and dependent on several factors such as the 
type of soil, the equipment available or even the costs associated. However, as shown by several studies 
(Beuselinck et al., 1998; Blott & Pye, 2006; Goossens, 2008) the obtained results can vary significantly, 
particularly for the finer fractions. In this study two techniques were used to evaluate the PSD of the 
soils at the Ivens shaft site, the traditional sieving and sedimentation method and the laser diffraction 
technique. The latter has, as principal advantage, the reduced time required for each analysis although, 
due to the amount of particles tested, it usually presents some problems of reproducibility, requiring 
additional analysis to be performed until a pattern can be clearly established (Goossens, 2008). Another 
drawback of the laser diffraction technique is related to the complexity of the interpretation required 
that might introduce additional errors. In contrast, the sieving and sedimentation method is robust, 
although time consuming. 
GEOTECHNICAL CHARACTERISATION OF THE RELEVANT MIOCENE FORMATIONS 3 
 
 
 116 
 
With the purpose of identifying which method was more suitable for evaluating the PSD profile of the 
Ivens shaft site, 9 samples, collected at different depths, were initially tested according to the principles 
defined by the BS 1377-2 of 1990 for the sieving and sedimentation methods (S) and by the BS ISO 13320 
of 2009 for the laser diffraction method (L). The tests with the laser diffraction method were performed 
at the LS-DCT-UC using a Beckman Coulter LS230 granulometer, while the other tests were conducted 
at the LG-DEC-UC. The results of the laser diffraction method were obtained as an average of at least 3 
analyses to minimise the known problems of reproducibility (Goossens, 2008). 
The obtained results of the PSD for 2 of the 9 samples tested are depicted in Figure 3.6. It is possible to 
observe that both techniques provide identical distributions for the coarser sample retrieved at 28 m 
depth, with the laser diffraction presenting a slightly higher fines content. In contrast, the results at 
36 m depth are significantly different for the finer fractions. The sieving and sedimentation method 
determines around 28 % of clay content while the laser diffraction suggests only 8 %. The obtained 
results are in agreement with the results published by Blott and Pye (2006) and Goossens (2008), who 
suggest that principal reasons for the observed differences are the amount of particles analysed, the 
effects of the particle shape and orientation and the complexity of the interpretation required by the 
laser diffraction technique. Dinis (2008) also presents as justification the different type of quantification 
that is performed in both tests, since the sieving and sedimentation technique is based on the weight 
of the particles while the laser diffraction method uses the occupied volume of the sediments. The 
analysis of the other samples tested provided similar conclusions and the complete results can be found 
in Appendix B.  
 
Figure 3.6 – Comparison between the results of the laser diffraction (L) and the sieving and sedimentation (S) 
methods in the evaluation of the particle size distribution 
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Since the results obtained with the sieving and sedimentation technique were more in agreement with 
the results published for the AP formation (Figure 2.28) and no significant differences were observed 
between the two methods for the AE formation, it was decided to employ the sieving and sedimentation 
method to evaluate the PSD profile of the Ivens shaft site. To achieve this 35 tests, one at each metre 
of depth, were performed at LG-DEC-UC by Silva (2011) under the supervision of the author. It should 
also be mentioned that due to the presence of the limestone layer it was not possible to conduct tests 
between 13 to 17 m depth.  
The PSD curves obtained for all samples tested can be visualised in Figure 3.7. It is interesting to note 
that, in contrast with the results presented in Figure 2.28, the PSD curves of the AP formation (below 
35 m depth) are almost identical, presenting around 23 % of clay, 62 % of silt and only 15 % of sand. In 
complete contrast are the results of the AE formation where the homogeneity presented in the 
literature (Figure 2.41) was not observed, with the PSD curves presenting huge dispersion. However, 
this apparent scattering is strongly related to depth, as shown in Figure 3.8. The PSD depth profile 
reveals that there are two distinct zones within the AE formation, separated by the limestone. The top 
layer, between 5 and 12 m, can be considered a finer soil since it presents nearly 44 % of silt and 14 % 
of clay on average, while the lower layer (18 to 34 m) is predominantly a coarse soil with an average of 
80 % of sand and 16 % of silt. The dispersion of results within these layers is reduced significantly when 
compared with the overall results of the AE formation. Through the analysis of Figure 3.8 it is also 
possible to observe the homogeneity of the fill, with 93 % of sand, and of the AP formation. 
 
Figure 3.7 – Particle size distribution for the samples collected in the Ivens shaft site 
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 a) b) 
Figure 3.8 – a) Particle size distribution profile; b) Comparison of the particle size distribution profile with the 
results of the seismic tests 
The PSD depth profile is overlapped with the relative value of the initial shear modulus determined by 
the down-hole test in Figure 3.8b). As expected the limestone layer corresponds to the maximum values 
of the G0. Although it appears that the stiffness tends to rise more quickly with the increase of fines in 
the soil, it is not possible to establish any definitive conclusion regarding the influence of the PSD on the 
initial stiffness profile since the field data is limited and dispersed.  
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3.3.3 MINERALOGICAL TESTS 
3.3.3.1 General aspects 
In order to identify the type and structure of the minerals in the ground profile of the Ivens shaft site 
several mineralogical tests were performed. The type of mineral was identified through the execution 
of X-Ray diffraction tests, while the structure was evaluated through the observation of thin sections 
from different formations using a polarised light microscope. All the tests were conducted at LS-DCT-
UC, under the supervision of the author, and followed the rigorous protocol established by the 
Sedimentology Laboratory for sample preparation and for the execution of the tests. The description of 
the methodology and procedures adopted in the X-Ray diffraction tests and of the thin sections 
preparation process are presented in detail in Appendix C.  
3.3.3.2 X-Ray diffraction (XRD) 
In order to characterize the minerals present in the Ivens shaft site 7 samples (3 from the AE formation, 
2 in the limestone layer and 2 in the AP formation) collected at different depths were tested under 4 
different conditions. One analysis was conducted with a total sample while 3 additional tests were 
performed using only the clay fraction of the soil. The total sample was used to identify the overall 
minerals present in the soil while the other tests were used to isolate the clay minerals, which are usually 
overshadowed by the multiple reflections of the other minerals (Moore & Reynolds, 1997), in order to 
understand if their properties could affect the behaviour of the formations. The 3 tests using only the 
clay fraction of the soil were required since some of the clay minerals display a similar interplanar 
distance and only employing some additional pre-treatments on the samples it becomes possible to 
distinguish between them (Pansu & Gautheyrou, 2006; Harris & White, 2008). The first test was 
performed under natural conditions (25ºC) and it is considered as the reference analysis, a second test 
was conducted after impregnation of the sample with glycol and a third test was executed after previous 
heating at 550ºC. 
Figure 3.9 depicts the diffractograms obtained for the total samples collected at 18 m (AE formation) 
and 40 m (AP formation). The results show that quartz (Qz) is the mineral with higher intensity (counts 
per second), but that there are other minerals present such as mica-illite (M-I) and feldspar (Fr). The 
sample collected in the AE formation also revealed the presence of calcite (Ca) while chlorite (Ch) and/or 
smectite (Sm) was observed in the AP formation.  
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The results of 3 tests performed with the clay fraction of the soil at the depths 18 and 40 m are illustrated 
in Figure 3.10. From the analysis of the figure it is possible to observe that, beside mica-illite (M-I), 
smectite (Sm) and kaolinite (Ka) also occur in the AE formation. The AP formation additionally presents 
some chlorite (Ch) although the intensity of the peak is reduced. From Figure 3.10 it is also possible to 
observe that the pre-treatments performed on the samples were useful for correctly identifying the 
kaolinite (Ka) and distinguishing between the smectite (Sm) and the chlorite (Ch). The heating at 550ºC 
causes the kaolinite (Ka) to became amorphous while the smectite (Sm) shifts the peak to a position 
similar to the mica-illite (M-I) which, in turn, tends to increases its intensity. The chlorite (Ch) peak can 
shift slightly towards the mica-illite (M-I) although usually no visible change is observed (Mitchell & Soga, 
2005; Harris & White, 2008). The glycolation effect originates the shift of the smectite (Sm) peak towards 
the right (higher angstrom) and increases its intensity while all the other minerals’ peaks tend to remain 
unchanged (Mitchell & Soga, 2005).The analysis of the other samples tested provided similar results 
which can be found in detail in Appendix C.  
 
 a) b) 
Figure 3.9 – Diffractogram obtained from the XRD tests for the total sample: a) AE - 18 m; b) AP - 40 m 
 
 a) b) 
Figure 3.10 – Diffractogram obtained from the XRD tests for the clay fraction: a) 18 m; b) 40 m 
GEOTECHNICAL CHARACTERISATION OF THE RELEVANT MIOCENE FORMATIONS 3 
 
 
 121 
 
By applying the Mineral Intensity Factors (MIFs) (Kahle et al., 2002), 100 % approach, defined by the LS-
DCT-UC, to the diffractograms of all samples it was possible to estimate the relative quantities of 
minerals present in the formations. The results obtained are presented in Table 3.2 for the total sample 
and in Table 3.3 for the clay fraction. From Table 3.2 it can be concluded that quartz (Qz) is the 
predominant mineral in all formations, followed by feldspar (Fr) for the AE formation and the 
phyllosilicates (clay minerals) for the AP formation. The limestone layer is constituted of quartz (Qz) and 
carbonates, such as calcite (Ca) and dolomite (Do), which are typical of this type of formations since 
they originate from lithification of fossils. The clay minerals distribution (Table 3.3) shows that smectite 
(Sm) and mica-illite (M-I) have identical relevance in all formations, followed by kaolinite (Ka). The 
chlorite (Ch) is only present in the AP formation and in residual amounts. Despite the overall reduced 
percentage in the soil the existing clay minerals, particularly the smectite (Sm), might affect moderately 
the compressibility characteristics of the formations, principally of the AP formation, if variations in the 
water content occur (Skempton, 1953). 
Table 3.2 – Distribution of minerals for the different lithologies existent in the Ivens shaft site 
Sample 
depth (m) 
Borehole Lithology 
Mineral (%) 
Phyllosilicates 
(Sm, Ch, M-I, Ka) 
Quartz 
(Qz) 
Feldspar 
(Fr) 
Carbonates 
(Ca, Do) 
7 B1 Top AE 13 67 15 5 
14 B2 Limestone 3 54 3 40 
16 B1 Limestone 3 71 6 21 
18 B2 Lower AE 5 63 25 8 
25 B1 Lower AE 29 39 20 12 
36 B1 AP 33 49 14 3 
40 B1 AP 21 69 10 0 
Table 3.3 – Distribution of the clay minerals for the different lithologies existent in the Ivens shaft site 
Sample 
depth (m) 
Borehole Lithology 
 Clay mineral (%) 
Smectite 
(Sm) 
Chlorite 
(Ch) 
Mica-Illite 
(M-I) 
Kaolinite 
(Ka) 
7 B1 Top AE 21 0 55 24 
14 B2 Limestone 34 0 53 13 
16 B1 Limestone 45 0 44 10 
18 B2 Lower AE 53 0 41 6 
25 B1 Lower AE 44 0 42 14 
36 B1 AP 42 3 36 18 
40 B1 AP 25 5 47 24 
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The study performed identified the same minerals that were already observed by Moitinho de Almeida 
(1991), Marques (1998) and Lopes Laranjo et al. (2010) in other samples of the Miocene formations. 
However, the semi-quantitative evaluation revealed that quartz was the predominant mineral in all 
formations in contrast to the results presented by Lopes Laranjo et al. (2010), who showed mica to be 
the principal mineral in the AP formation. The proportions between minerals obtained for the clay 
fraction are in agreement with the studies published in the literature and presented in Chapter 2 
(Moitinho de Almeida, 1991; Guedes, 1997; Marques, 1998; Lopes, 2001). 
3.3.3.3 Polarised light microscope 
The use of imaging techniques to observe the structure of soils and rocks has been used for more than 
one century (Kile, 2003). In recent years new techniques have been introduced such as the Scanning 
Electron Microscope (SEM), which allows the creation of three-dimensional images of the structure of 
the soil (Wilkinson, 2011), although the conventional optical techniques continue to be used due to their 
reduced cost and simplicity (Gunter, 2004). In this study a polarised light microscope was used to 
examine thin sections of the relevant formations of the Ivens shaft site. A total of 6 samples, 2 for each 
layer, were collected at different depths and prepared in the laboratory. All samples were cut into 2 
perpendicular planes, horizontal and vertical, and a thin section was obtained from each, in order to 
observe if the structure of the formations followed any particular orientation. The detailed description 
of the thin sections preparation process as well as the images taken for each sample can be found in 
Appendix C. 
(a) “Areolas da Estefânia” formation (AE) 
The thin sections analysed in the AE formation were collected at 7 and 25 m depth. In both of them it 
was possible to observe that in the vertical plane the minerals appear to be layered with thin 
intercalations of phyllosilicates (darker colours) in the quartz and feldspar matrix (brighter colours) as 
can be seen in Figure 3.11a) for the 25 m thin section. In the horizontal plane no preferential orientation 
of the particles was observed for the AE formation (Figure 3.11b)). The shape of the minerals was mainly 
irregular and the grain size varied significantly within the samples. The images also confirmed the results 
of the particle size distribution with the 7 m thin sections presenting smaller particles than the 25 m 
sample. 
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 a) b) 
Figure 3.11 – Polarised light microscope images of the AE formation – 25 m depth: a) vertical plane; horizontal 
plane 
(b) Limestone layer 
Two samples were also analysed in the limestone layer, collected at 14 and 16 m depth. The obtained 
images for the 14 m thins sections, vertical and horizontal, are displayed in Figure 3.12. In this layer it 
was possible to observe the presence of several fossils (calcite), particularly bivalves, in both planes. 
Despite the presence of the fossils the structure of the limestone was very homogeneous, without any 
preferential orientation. The images revealed the presence of quartz and calcite arranged in a very 
compacted disposition, which was expected due to the rock-like behaviour of the layer. The shape of 
the minerals was mainly round, without sharp angles, and the grain size was similar within the thin 
sections at the same depth, although the dimensions of the particles at 14 m were considerably smaller 
than those at 16 m.  
  
 a) b) 
Figure 3.12 – Polarised light microscope images of the limestone layer – 14 m depth: a) vertical plane; horizontal 
plane 
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(c)  “Argilas e Calcários dos Prazeres” formation (AP) 
The thin sections of the AP formation were considerably more difficult to prepare due to the finer nature 
of the particles of the soil. Nevertheless it was still possible to prepare 4 thin sections at depths of 36 
and 40 m. The images revealed that in the vertical plane the particles alternated between layers of 
compacted quartz (brighter colours) and layers of phyllosilicates (darker colours) that were mainly 
orientated horizontally (Figure 3.13a)). In the horizontal plane no preferential orientation or disposition 
of the minerals was observed. The presence of some micro-fossils, such as gastropods (Figure 3.13b)), 
in the horizontal plane was also detected in the AP formation.  
The use of the polarized light microscope in this type of formations cannot be considered the most 
adequate since the resolution of the equipment is insufficient to observe accurately the structure of the 
finer particles. With this microscope it is only possible to detect major orientations of the sediments as 
well as specific types of minerals due to their specific reflected colour. Unfortunately the use of more 
advance techniques such as the Scanning Electron Microscope (SEM), which permits an in depth analysis 
of the structure of clays and allows more precise conclusions regarding the orientation and shape of the 
particles, was not possible in this study. 
  
 a) b) 
Figure 3.13 – Polarised light microscope images of the AP formation – 36 m depth: a) vertical plane; horizontal 
plane 
3.3.4 INDEX PROPERTIES 
With the purpose of evaluating the physical characteristics of the Ivens shaft site tests were performed 
to determine 3 basic properties of the formations – the unit weight, the moisture content and the 
particle density. The unit weight and the water content were determined using intact samples, while 
the particle density was calculated mainly with disturbed soil from the core boxes (Figure 3.4). The tests 
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were conducted by the author and by Silva (2011) and followed the procedures established by the BS 
1377-2. Based on the knowledge of these properties it was possible to determine the remaining physical 
characteristics, according to Head (2006). 
The results obtained for different depths are displayed in Figure 3.14. It is possible to see that the 3 
basic properties determined are almost constant with depth, independent of the lithology crossed. The 
unit weight of the fill is approximately 18 kN/m3, while an average value of 20 kN/m3 was found for all 
the other formations. However, it should be noted that the results obtained for the limestone layer 
might be slightly underestimated since the samples used in the tests were stored in the core boxes and 
might have lost some water content.  
Furthermore the particle density has a value of 2.66 g/cm3 which is nearly constant with depth, despite 
the scattering present in the AP formation. As mentioned previously the reduced values of the water 
content, around 20 %, and particularly in the AP formation, might be slightly underestimated since some 
dehydration occurred as a consequence of the sampling and conditioning process employed. The 
determined void ratio, below 0.7, associated with the reduced water content, suggests that the Miocene 
formations are probably compacted and should present low compressibility. It is also interesting to note 
that the soil appears to be saturated with the exception of the coarser zones. 
 
Figure 3.14 – Index properties obtained for the formations of the Ivens shaft site 
The susceptibility of the formations to changes in the water content was also analysed through the 
determination of the plasticity limits. The tests to evaluate the plastic and the liquid limits were 
performed by Silva (2011), under the supervision of the author, and followed the principles defined in 
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the standard BS 1377-2. Due to the particle constitution of the formations it was only possible to execute 
tests on the most superficial samples of the AE formation and on the AP formation. The obtained results 
are depicted in Figure 3.14 and reveal that the soil in natural conditions appears to be almost dry, 
presenting values that are nearly or even below the plastic limit. However, as mentioned previously, the 
natural water content was probably influenced by the sampling and conditioning process and is 
expected to be higher in the field. The liquid limit, determined by the Casagrande method (BS 1377-2), 
is approximately 35 % and 40 % for the AE and AP formations, respectively. Despite the reduced 
plasticity index determined for both layers the activity can be considered medium to high according to 
Skempton (1953). The obtained values support the conclusions of the mineralogical analysis that, 
despite its reduced amount, the clay fraction present in both formations is sensitive to variations in the 
water content. 
When comparing the results determined for all index properties of both formations with the values 
published in the literature and presented in Chapter 2, it is evident that both sets are in close agreement. 
Even the results of the natural water content are identical to those obtained by Moitinho de Almeida 
(1991), Marques (1998) and Lopes (2001), who also refer to values of around 20 %.  
3.3.5 OEDOMETER TESTS 
3.3.5.1 General aspects 
The compressibility and consolidation properties of the AP formation were evaluated from the results 
of 3 oedometer tests. Based on the OCR results presented by Marques (1998) it was decided to use the 
high pressure oedometer of the LG-DEC-UC since this apparatus has a beam ratio of 11:1 that allows the 
application of a load of nearly 25 MPa, which is more than 30 times greater than the expected field 
stress. The tests performed were conducted by Silva (2011), under the author’s supervision, and 
followed the procedures established by the standard BS 1377-5 of 1990, which are described in more 
detail in Appendix D. 
The 3 samples tested were collected from the AP formation at depths of 36.5, 37.5 and 40.0 m and their 
initial conditions are presented in Table 3.4. From these only 2 can be considered undisturbed since the 
sample representative of the behaviour at 37.5 m was taken from the core boxes as all the remaining 
intact samples were used to perform triaxial tests. Due to its conditioning this sample was very dry, 
presenting a water content of only 2.3 %. However, and despite the increased difficulties in the sample 
preparation, it was decided to conduct the test to examine whether the initial conditions would 
significantly influence the results. It is also interesting to note that the void ratio of the samples tested 
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increases with depth, which is opposite to the typical behaviour of soils. However, the limited number 
of tests performed could lead to misinterpretation. 
During the preparation of the sample collected at 36.5 m it was possible to observe that the AP 
formation was significantly different at this depth in terms of colour, being more green and bright, and 
in terms of composition, with the presence of many fossils of considerable dimensions. These distinct 
characteristics, observed over a 2 m thickness, were located in the transition zone between the Miocene 
formations and consequently might be caused by the modification of the depositional environment that 
occurred during that period, as explained in Chapter 2. 
Table 3.4 – Parameters of compressibility of the AP formation 
Test 
Sample 
depth (m) 
Initial conditions  Final conditions 
CC CS 
’v0 
(kPa) 
’p (2) 
(kPa) 
OCR 
G w0 (%) e0  wf (%) ef 
OED36.5 36.5 2.70 16.4 0.563  14.5 0.391 0.247 0.040 625 2140 3.4 
OED37.5 37.5 2.67 2.3 (1) 0.671  17.9 0.478 0.283 0.057 645 3125 4.8 
OED40.0 40.0 2.57 27.0 0.735  23.6 0.605 0.334 0.083 660 3725 5.6 
(1) sample from the core boxes in very dry conditions 
(2) determined using Butterfield’s method 
3.3.5.2 Behaviour in compression 
The compression curves obtained for the 3 tests performed are depicted in Figure 3.15a). Despite 
starting at different void ratios all the curves present similar behaviour in compression and in swelling. 
The general pattern is more visible when the results are normalised by the initial void ratio as shown in 
Figure 3.15b). The curves tend to merge into a unique compression and swelling line with the exception 
of the unload path of the test OED40.0, which presents a more pronounced slope. The determined 
values for the compression and swelling indexes are shown in Table 3.4 and reveal that the sample 
tested at 40 m depth is more compressible. However, all the results are in close agreement with the 
values and envelopes obtained by Marques (1998) and presented in Chapter 2 and in Figure 3.15b). It is 
also interesting to note that the results obtained in the test OED37.5 are consistent with the overall 
behaviour observed in spite of the significantly different initial conditions of the sample. On average, 
the primary consolidation parameters of the AP formation can be assumed as 0.288 and 0.06 for the 
compression and swelling indexes, respectively. 
According with several authors (Burland, 1990; Nagaraj et al., 1998; Gasparre & Coop, 2008) the 
structure of the AP formation can be evaluated by comparing the results of oedometer tests conducted 
in intact samples with those obtained with reconstituted samples. Unfortunately the latter could not be 
GEOTECHNICAL CHARACTERISATION OF THE RELEVANT MIOCENE FORMATIONS 3 
 
 
 128 
 
performed in this research and consequently a direct comparison was not possible. However, in the 
absence of tests on reconstituted samples it is still possible to estimate indirectly the parameters of the 
intrinsic compression line (ICL) using the empirical equations 3.1 and 3.2 proposed by Burland (1990). 
In those 𝐶𝐶
∗ represents the intrinsic compression index and 𝑒100
∗  the void ratio in the ICL for a vertical 
effective stress of 100 kPa. Both equations depend on the void ratio at liquid limit, 𝑒𝐿, which can be 
easily determined by equation 3.3, assuming a saturated condition, where 𝐺 is the density of the soil 
particles, considered 2.64 for the AP formation, and 𝐿𝐿 the liquid limit, which was assumed to be the 
average value obtained in the plasticity tests, 41.5 %. The intrinsic compression line estimated is also 
plotted in Figure 3.15a) to allow the direct comparison with the compression curves obtained with the 
intact samples. The results of the OED37.5 and OED40.0 lie above the ICL, yielding at higher stresses as 
a result of the structure of the material. For higher stresses the structure observed in those samples is 
breakdown and the curves tend to lie on the ICL. In contrast, the sample OED36.5 appears to follow the 
intrinsic compression line behaving more like a reconstituted material. These results are in agreement 
with the geological framework proposed, with the top layer of the AP formation being a softer material, 
without any visible influence of structure on its in-situ properties, while for higher depths, particularly 
below 40 m, a relevant presence of structure was observed. 
 𝐶𝐶
∗ = 0.256 ∙ 𝑒𝐿 − 0.04 3.1 
 𝑒100
∗ = 0.109 + 0.679 ∙ 𝑒𝐿 − 0.089 ∙ 𝑒𝐿
2 + 0.016 ∙ 𝑒𝐿
3 3.2 
 𝑒𝐿 = 𝐺 ∙ 𝐿𝐿 3.3 
 
 a) b) 
Figure 3.15 – Oedometer tests performed in the AP formation: a) compression curves; b) normalised 
compression curves 
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The coefficient of volume compressibility, mv, calculated for each loading stage is depicted in Figure 
3.16. As typical the values tend to decrease with the increase of the pressure since the soil tends to 
become more compacted when submitted to higher loads. The curves reveal that the sample collected 
at 36.5 m presents the lowest compressibility with the results being even lower than the envelope 
obtained by Marques (1998). The values of the two other tests, excluding the initial loading stage, are 
in agreement with the values presented by Marques (1998) and can be considered typical of soils with 
medium to low compressibility according to Lambe and Whitman (1979).  
 
Figure 3.16 – Compressibility of natural samples in oedometer tests 
Based on the compression curves displayed in Figure 3.15a) it was also possible to estimate the pre-
consolidation pressure, ’p, and subsequently the Over Consolidated Ratio (OCR) of the AP formation at 
the Ivens shaft site. From several methodologies published in the literature for the evaluation of the 
pre-consolidation pressure (Senol & Saglamer, 2000), it was decided to employ Butterfield’s method 
(Butterfield, 1981) due to its simplicity and robustness. The obtained results for the 3 tests performed 
are presented in Table 3.4 and show that the AP formation is over-consolidated with the OCR increasing 
with depth from 3.4 to 5.6. Although these values are slightly lower than those presented by Marques 
(1998), it should be noticed that those results were obtained at a different location in Lisbon (Alameda) 
and at lower depths. 
3.3.5.3 Coefficient of consolidation and permeability 
Based on the displacement-time curves recorded for each stage it was possible to derive the coefficient 
of consolidation, cv, and subsequently the permeability, k, of the soil using expression 3.4, where the mv 
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is the coefficient of volume compressibility and w the unit weight of the water. The coefficient of 
consolidation is a useful parameter as it indicates how much time is required for the process of 
consolidation to reach a pre-defined target or to be concluded. Typically high values are more common 
of silty or low plasticity soils while low values are associated with high plasticity clays, where the 
consolidation process takes much longer. The evaluation of this parameter can be determined by 
different methods, although the most common and recommended by the British standard BS1377-5: 
1990 are the Casagrande and the Taylor’s methods (Taylor, 1948). In this study the latter was employed 
since some of the displacement-time curves obtained were difficult to interpret using the Casagrande’s 
methodology. 
 𝑘 = 𝑐𝑣 ∙ 𝑚𝑣 ∙ γw 3.4 
The results obtained for the 3 tests are depicted in Figure 3.17a) and show that the loading stage where 
the coefficient of consolidation peaks is between 884 and 1764 kPa, immediately after the loading stage 
that corresponds to the estimated in-situ stress. The tests OED37.5 and OED40.0 provide similar results 
for each loading stage while OED36.5 presented higher values. The reason for these discrepancies might 
be related to the already discussed composition of the soil at that depth. The presence of some shells 
in the sample could facilitate the drainage and consequently accelerate the consolidation process. 
However, when looking at the permeability values in Figure 3.17b) the differences between tests are 
reduced and do not reflect the values obtained for the coefficient of consolidation since the 
compressibility of the soil at 36.5 m depth is smaller, as shown in Figure 3.16. The permeability results 
tend, as expected, to decrease with the rise of pressure level since the void ratio reduces and 
consequently the flow of the water becomes more difficult. The parameters obtained for the loading 
stage that corresponds to the in-situ vertical stress are presented in Table 3.5. The coefficient of 
consolidation reduces with depth in contrast to the coefficient of volume compressibility, causing the 
permeability to be approximately constant and around 13x10-11 m/s. According to Lambe and Whitman 
(1979) the coefficients of consolidation can be considered high and typical of silty soils which is in 
accordance with the results of the particle size distribution. The values obtained, both for the coefficient 
of consolidation and permeability, are of the same magnitude as those published by Marques (1998) 
and presented in Chapter 2. Qualitatively they also present the same trend with the coefficient of 
consolidation, peaking immediately after the loading stage that corresponds to the field stress. 
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 a) b) 
Figure 3.17 – Results of the oedometer tests performed in the AP formation: a) coefficient of consolidation; b) 
coefficient of permeability 
Table 3.5 – Parameters of consolidation and permeability of the AP formation 
Test 
Sample 
depth 
(m) 
’v0 
(kPa) 
In-situ stress loading stage (443-884 kPa) 
cv (1) 
(m2/year) 
mv 
(x10-5 kPa-1) 
k 
(x10-11 m/s) 
Csec 
OED36.5 36.5 635 17.9 2.25 12.5 0.0010 
OED37.5 37.5 645 12.4 3.95 15.2 0.0018 
OED40.0 40.0 670 11.1 3.77 13.1 0.0021 
(1) determined using Taylor’s method 
3.3.5.4 Secondary consolidation 
An additional interpretation from the oedometer tests concerns the evaluation of the secondary 
consolidation. In the traditional interpretation, this phenomenon is considered to start after the excess 
pore pressure of the primary consolidation has virtually been dissipated and consists of the continued 
deformation with time under a constant load. The mechanism is not fully understood but is thought to 
be caused by the changes in soil fabric (Head, 1994). The quantification of the secondary consolidation 
is based on the displacement-time curve obtained for each loading stage (Figure 3.18a)). In this figure 
the difference of compressibility between the 36.5 m sample and the other two tested is clear, with the 
former presenting almost half of the displacements at the end of the loading stage. After a sharp 
increase of the settlement in the first few minutes of the test the gradient tends to decrease significantly 
and for a time higher than 100 minutes it is almost horizontal, suggesting that no significant creep 
movements are expected to be observed in this formation. 
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Different expressions have been proposed in the literature (Mesri, 1973) to determine the coefficient 
of secondary consolidation, Csec. In this study, equation 3.5 was used since it is recommended by the 
standard BS1377-5 of 1990. The expression relates the displacement that occurred during a period of 
time (Ht), starting after the conclusion of the primary consolidation, with the corresponding logarithm 
of time (log(t)) and the height of the sample at the beginning of the loading stage (Hi). 
 
𝐶𝑠𝑒𝑐 =
∆𝐻𝑡
𝐻𝑖 ∙ ∆log (𝑡)
 3.5 
The results obtained are displayed in Figure 3.18b) for each loading stage and in Table 3.5 for the in-situ 
stress level. From the figure it is possible to observe that all tests exhibit a similar pattern, with the 
coefficient of secondary consolidation increasing only for the highest levels of pressure. However, even 
these values can be considered small according to Mesri (1973). 
 
 a) b) 
Figure 3.18 – a) Displacement-time curves for the loading stage: 443-884 (kPa); b) coefficient of secondary 
consolidation  
The obtained values for the loading stage that corresponds to the field stress (Table 3.5) are in 
agreement with the results presented by Marques (1998) and are also equivalent to those determined 
for other stiff formations, such as London Clay (Sorensen (2006)). 
3.3.6 ISOTROPIC COMPRESSION TESTS 
3.3.6.1 General aspects 
The behaviour in compression of both Miocene formations was also evaluated by the performance of 4 
isotropic compression tests, 3 in the AE and the remaining one in the AP formations, on intact samples 
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collected at the Ivens shaft site. The tests were executed at LG-DEC-UC in a conventional triaxial 
apparatus (Triax_1) designed at Imperial College for 38 mm diameter samples, that allows a maximum 
pressure in the cell of 1000 kPa. A complete description of this apparatus, including the resolution of 
the instruments used and their calibration constants, is presented in Appendix D. The detailed 
description of the sample preparation and of the initial test procedures, saturation and consolidation, 
were similar to those employed for the triaxial tests, and can also be found in Appendix D. 
The initial conditions and the testing sequence used for each of the samples are presented in Table 3.6. 
The samples were first saturated and consolidated for a mean effective stress of 50 kPa, the pressure 
was then increased to a maximum value of 600 kPa for the sample collected at 8.5 m depth, 650 kPa for 
the sample collected at 21.5 m depth and 800 kPa in the remaining tests. An unload-reload loop was 
also performed on the 2 samples retrieved at lower depths. A reduced stress rate was defined to ensure 
drained conditions throughout the entire performance of the test. The value chosen was established 
following Head’s (1998) recommendations and varied in accordance with the particle size distribution 
of the samples, being 6.5 kPa/h for the finer and 15 kPa/h for the coarser materials.  
Table 3.6 – Isotropic compression tests: description of the initial conditions of the samples and of the test 
procedures 
Test 
Sample 
Depth (m) 
Lithology Borehole 
Initial conditions 
Testing sequence (p’ in kPa) 
Stress rate 
(kPa/h) G w0 (%) e0 
I-AE-08.5 8.5 Top AE B1 2.65 21.8 0.517 50 –> 300 –> 50 –> 600–> 50 6.5 
I-AE-18.0 18.0 Lower AE B1 2.68 23.2 0.743 50 –> 500 –> 50 –> 800–> 50 15.0 
I-AE-21.5(1) 21.5 Lower AE B2 2.66 14.2 0.569 50 –> 650 –> 50 15.0 
I-AP-39.5 39.5 AP B1 2.65 22.0 0.667 50 –> 800 –> 50 6.5 
(1) this sample was also used to perform the bender element test BE-AE-21.5 
The complete description of the tests and their principal results were compiled on individual laboratory 
sheets that can be found in Appendix D. It should also be mentioned that the sample collected at 21.5 m 
depth was used to perform the isotropic compression test I-AE-21.5 and the bender element test BE-
AE-21.5, since there was a very limited number of intact samples available at this depth. 
3.3.6.2 Behaviour in compression 
(a)  “Areolas da Estefânia” formation (AE) 
The principal results obtained with the 3 tests performed on samples of the AE formation are presented 
in Table 3.7 while the compression curves in terms of volumetric strains, V, and normalised void ratio 
(determined using equation 3.6) are depicted in Figure 3.19. From Figure 3.19a) it is possible to observe 
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that tests I-AE-08.5 and I-AE-21.5 present almost the same behaviour in compression, while the 
volumetric strains recorded in test I-AE-18.0 are significantly lower, only about half the value from the 
other tests for the same pressure applied. Identical results are observed when the volumetric strains 
are converted into normalised void ratio as shown in Figure 3.19b). Based solely on the curves obtained 
is difficult to establish an unique normal compression line (NCL) for this formation, although it appears 
more reasonable to define it based on the I-AE-08.5 and I-AE-21.5 tests. In contrast, the swelling curves, 
both from the loops and from the final unloading, are quite similar for all tests. These results are 
confirmed by the values achieved and presented in Table 3.7 for the slope of the compression and the 
swelling curves. The isotropic compression indexes vary from 0.031 to 0.059 while the isotropic swelling 
indexes are identical in the 3 tests. 
 𝑒 = 𝑒0 − (1 + 𝑒0) ∙ 𝜀𝑉 3.6 
Table 3.7 – Results of the isotropic compression tests performed in the AE formation 
Test 
Sample 
Depth (m) 
Lithology Borehole 
Final conditions 
 UR(1) F(2) 
wf (%) ef 
I-AE-08.5 8.5 Top AE B1 20.0 0.480 0.056 0.015 0.016 
I-AE-18.0 18.0 Lower AE B1 27.9 0.726 0.031 0.016 0.016 
I-AE-21.5 21.5 Lower AE B2 19.1 0.543 0.059  –  0.015 
(1) isotropic swelling index during the unload-reload loop 
(2) isotropic swelling index during the final unloading 
 
 a) b) 
Figure 3.19 – Isotropic compression curves for the AE formation: a) volumetric strain; b) normalised void ratio 
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(b)  “Argilas e Calcários dos Prazeres” formation (AP) 
Due to the limited number of intact samples available it was only possible to perform one isotropic 
compression test in the AP formation, with a sample collected at 39.5 m depth. The obtained 
compression curve is plotted in Figure 3.20 and shows a trend qualitatively similar to the results of the 
oedometer tests regardless of the different stress levels achieved in both types of tests. Based on the 
interpretation of the mean stress-specific volume curve (Figure 3.20b)) the values of the isotropic 
compression and swelling indexes were derived. The values obtained are presented in Table 3.8 and are 
higher than those determined for the AE formation. However, as mentioned previously, the definition 
of the NCL is uncertain since the stresses reached in the isotropic compression test are smaller 
compared to those applied in the oedometer tests. 
Table 3.8 – Results of the isotropic compression test performed in the AP formation 
Test 
Sample 
Depth (m) 
Lithology Borehole 
Final conditions 
 F(1) 
wf (%) ef 
I-AP-39.5 39.5 AP B1 25.5 0.658 0.065 0.033 
 (1) isotropic swelling index during the final unloading 
 
Figure 3.20 – Isotropic compression curves for the AP formation: a) volumetric strain; b) specific volume 
3.3.6.3 Bulk modulus degradation curve 
(a)  “Areolas da Estefânia” formation (AE) 
From the mean stress–volumetric strain curve it is also possible to derive the secant and the tangent 
bulk modulus degradation curve using equations 3.7 and 3.8, respectively. Figure 3.21a) presents the 
tangent bulk modulus degradation curves for the 3 tests performed in the AE formation. The curves are 
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obtained not just from the loading (L) and final unloading (F) paths, but also from the unload (U) – reload 
(R) loops performed in the tests I-AE-08.5 and I-AE-18.0. The results show a clear distinction between 
the bulk stiffness curves from loading and unloading paths, with the latter presenting much higher 
values and a continuous degradation while the former appear to be almost constant and even increase 
for the largest volumetric strains due to the high stresses applied at that stage. However, when 
normalised by the mean effective stress the bulk modulus degradation curves are modified as showed 
in Figure 3.21b). The loading paths present the highest values and degradation while the unloading 
paths are practically constant. The increasing of the bulk modulus for higher volumetric strains also 
disappears as expected. Despite the low stress levels applied to the sample it is possible to observe that 
for a volumetric strain of around 0.5 % the majority of the curves seem to have reached a minimum 
plateau and consequently no major variation of the normalised bulk modulus is expected beyond this 
strain. 
 𝐾𝑠𝑒𝑐 =
∆𝑝′
∆𝜀𝑉
 3.7 
 𝐾𝑡𝑎𝑛 =
𝑑 𝑝′
𝑑 𝜀𝑉
 3.8 
 
 a) b) 
Figure 3.21 – Bulk modulus degradation curves for the AE formation: a) tangent; b) tangent normalised with p’ 
(b)  “Argilas e Calcários dos Prazeres” formation (AP) 
The bulk modulus degradation curve was also derived from the results of the isotropic compression test 
performed on the sample from the AP formation. The obtained curve for the tangent bulk modulus is 
presented in Figure 3.22a) while the normalisation with the mean effective stress is displayed in Figure 
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3.22b), both for the loading (L) and final unloading (F) paths. From the figures it is possible to verify that 
the results are in close agreement with those observed for the AE formation. The tangent modulus 
presents a higher degradation for the unloading path while during the loading the bulk modulus remains 
almost constant with the volumetric strain. The exact opposite occurs when the degradation curves are 
normalised. 
 
 a) b) 
Figure 3.22 – Bulk modulus degradation curves for the AP formation: a) tangent; b) tangent normalised with p’ 
3.3.7 UNCONFINED COMPRESSIVE STRENGTH TESTS 
The unconfined compressive strength test (UCS) is commonly used to assess the strength and the 
deformability of intact rocks due to its simplicity and mainly because the performance of more complex 
tests, such as triaxial, only presents major advantages if the behaviour of the rock mass is conditioned 
by the intrinsic strength of the rock, which is rarely the case in shallow geotechnical structures 
(Goodman, 1989). The failure mechanism of rock formations is primarily associated with the existence 
of discontinuities and consequently the characterisation tends to focus on their geometry and 
conditions. The importance of these factors cannot be entirely assessed by laboratory tests due to 
several reasons, such as the stress levels applied and, principally, the limited dimensions of the samples 
tested in comparison with the real scale of the problem. Nevertheless, the evaluation of the intact rock 
properties through UCS or triaxial tests is fundamental since it influences the shear strength and the 
deformability of the discontinuities and consequently the overall behaviour of the rock mass.  
The properties of the limestone layer were evaluated by the performance of 8 UCS tests on samples 
collected between 12.5 and 17.8 m depth. The tests were executed at LG-DEC-UC using two similar 
apparatus with load frames capable of applying 50 kN and 600 kN force, respectively. The latter was 
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only used to test the sample U-L-16.3 since it was not possible to reach failure using the lower capacity 
apparatus. Due to the expected brittle failure of the samples it was decided to conduct strain controlled 
tests at a monotonic rate of 0.1 mm/min. During the performance of the tests the axial strain and the 
load were recorded at 20 seconds intervals so that it would be possible to plot the evolution of the 
compressive strength and determine the deformability of each sample. All test procedures and the 
sample preparation method followed as accurately as possible the principles defined in the standard 
ASTM D7012-04 and the recommendations proposed by ISRM (1979). The tests were performed using 
the cylindrical samples retrieved from the boreholes and conditioned in the core boxes (Figure 3.4). The 
horizontal faces of the samples were first cut with a saw and then polished until a flat surface was 
achieved. An additional treatment with resin was applied in some of the samples since due to the 
presence of shells and voids it was not possible to obtain a perfectly flat surface just by employing the 
normal procedures. The discontinuities existent in the limestone layer limited the length of the samples 
and some of them, after the preparation, presented a diameter-length ratio (D:L) of 1:2, which is lower 
than that recommended by the standard ASTM D7012-04 and by the ISRM (1979). However, due to the 
small number of samples available, it was still decided to conduct tests on those samples.  
Several studies have been published in the literature (Hoek & Brown, 1980; Turk & Dearman, 1986; 
Hawkins, 1998; Özkan et al., 2009) about the effect of the shape and of the size of the samples on the 
value of the compressive strength. For cylindrical samples the studies point out two relevant factors, 
the length-diameter ratio and the diameter of the sample. Expressions have been proposed to correct 
and normalise the compressive strength for a diameter-length of 1:2 (Turk & Dearman, 1986; ASTM 
D7012-04) and for a diameter of 50 mm (Hoek & Brown, 1980). However, the diameter correction 
proposed by Hoek and Brown (1980) was contested by Hawkins (1998) who obtained significantly 
different values for several rocks analysed, particularly for smaller diameters. Based on these 
contradictory results it was decided not to perform the normalisation for the diameter and only consider 
the correction for the length-diameter ratio, which is more consensual among the studies published. 
The empirical expression employed for the determination of the intact compressive strength of the rock 
(ci) was proposed by the standard ASTM D7012-04 and relates the compressive strength measured 
(cm) with the diameter-length ratio (D/L) (equation 3.9). 
 𝜎𝑐𝑖 =
𝜎𝑐𝑚
0.88 + 0.222 ∙ 𝐷/𝐿
 3.9 
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The principal results of the tests are presented in Table 3.9 and in Figure 3.23. It is possible to observe 
that the correction performed did not significantly influence the values of the compressive strength, 
with a maximum variation of less than 6 %, i. e. difference between cm and ci in Table 3.9. The intact 
Young’s modulus, Ei, was calculated considering the initial slope of the strain-stress curves (Figure 
3.23a)) and the obtained results are in agreement with the compressive strength observed for the 
samples. It is also interesting to note that the strain at which failure occurred, f, is quite similar for most 
of the tests, despite the differences of strength observed on the samples. Only the samples U-L-12.5 
and U-L-17.8 located near the soil-limestone interface and with a structure more similar to soil than 
rock presented failure at higher strains. 
Table 3.9 – Results of the uniaxial compression tests performed in the Limestone layer 
Test Depth (m) D (mm) L (m) cm (MPa) ci (MPa) f (%) Ei (MPa) 
U-L-12.5 12.5 76.4 150.4 6.2 6.2 0.70 1276 
U-L-13.0 13.0 77.9 124.8 3.3 3.3 0.45 899 
U-L-13.4 13.4 78.0 131.4 3.3 3.3 0.45 922 
U-L-13.8 13.8 78.1 151.3 4.5 4.5 0.45 1268 
U-L-16.0 16.0 82.9 135.8 8.9 8.8 0.41 3028 
U-L-16.3 16.3 82.6 136.4 19.1 18.8 0.55 4736 
U-L-16.8 16.8 80.2 159.7 6.4 6.5 0.54 1998 
U-L-17.8 17.8 81.7 97.2 2.5 2.4 1.09 389 
 
The determined values of the compressive strength and of the Young’s modulus are within the range 
presented by Cenorgeo (2008) (Table 2.5) and also appear to follow a similar distribution with depth. 
These properties peak in the middle of the layer, between 15 and 17 m, while the lower values are 
located in the transition zones between soil and limestone (Figure 3.23b)). This pattern is strongly 
associated with the degree of cementation observed in the limestone layer as can be visualised in Figure 
3.24. The samples located at a depth of 16 m were extremely compact in contrast with those at 13 m, 
which had a similar composition but presented large voids and shells that reduced considerably the 
strength. Finally, the sample from a depth of 17.8 m presented a typical behaviour of a soft rock since 
it was composed of finer particles that could even be disaggregated by hand. 
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 a) b) 
Figure 3.23 – Results of the uniaxial compression tests performed in the limestone layer: a) stress-strain curve; 
b) evolution with depth 
       
 a) b) c) 
Figure 3.24 – Samples used in some of the unconfined compressive strength tests: a) 13.4 m; b) 16.3 m; c) 17.8 m 
3.3.8 TRIAXIAL TESTS 
3.3.8.1 General aspects 
The triaxial and the isotropic compression tests were carried out at LG-DEC-UC in two similar hydraulic 
triaxial apparatus of Bishop and Wesley (1975), Triax_1 and Triax_2, which accommodates 38 mm 
diameter samples and has a maximum working pressure of around 1000 kPa. The complete description 
of the characteristics of these equipment’s is presented in Appendix D. All the samples used in the 
triaxial and isotropic compression tests were retrieved from two boreholes drilled at the Ivens shaft site 
and can be considered as being at their natural conditions. The set-up of the sample in the apparatus 
was performed carefully following as accurately as possible the principles defined by the standard BS 
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1377-8 of 1990 and ensuring that no further disturbance was introduced in the sample, particularly 
during the trimming stage.  
Before shearing all samples were saturated. However, full saturation was not possible to achieve in 
some samples located above the water table due to their characteristics. In these cases the samples 
were considered saturated if a minimum B-value of 0.95 (equation 3.10) was obtained. This value was 
achieved by increasing the back pressure so that the air remaining inside the sample could be 
compressed or removed or by establishing a vertical ascendant flow of water between the ends of the 
sample facilitating the removal of the air trapped inside the soil. 
 𝐵 =
∆𝑢
∆𝜎𝑟
 3.10 
After the saturation the samples were consolidated to an effective stress state similar to that estimated 
for the in-situ conditions. The vertical effective stress was determined based on the unit weight and 
depth of the layers above the sample, while for the calculation of the horizontal effective stress an earth 
pressure coefficient at rest (K0) had to be assumed. Based on the results published in the literature and 
presented in Chapter 2 for the self boring pressuremeter tests an earth pressure coefficient at rest (K0) 
of 1.0, i.e. isotropic stress state, was adopted for the AE formation, since this was the average value in 
the range of vertical stresses estimated for the field conditions.  
For the AP formation, beside the results of the self boring pressuremeter tests, the K0 was also estimated 
using equation 3.11 proposed by Mayne and Kulhawy (1982) for over consolidated clays. In the equation 
the angle of shear resistance was assumed to be 33º, according with Marques (1998), while OCRs of 4, 
5 and 6 were tested. The obtained values, around 1.0, were not in agreement with the results of the 
field tests which pointed to a lower value. Due to the empirical nature of the expression proposed by 
Mayne and Kulhawy (1982) preference was given to the results of the self boring pressuremeter and 
consequently a value of 0.7 was assumed as standard for the earth pressure coefficient at rest of the AP 
formation. However, in order to evaluate the influence of this parameter some tests at isotropic stress 
conditions were also carried out. 
 𝐾0 = (1 − sin𝜙′) ∙ 𝑂𝐶𝑅
sin𝜙′ 3.11 
It should be noted that both consolidation procedures employed, isotropic and anisotropic, were based 
in the so-called “recompression” method proposed by Bjerrum (1973). This methodology is more 
appropriate for overconsolidated formations since it is acknowledged that it tends to overestimate the 
strength of normally consolidated soils (Coelho, 2000). The SHANSEP (Stress History And Normalised 
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Soil Engineering Properties) method presented by Ladd and Foott (1974) was not applicable to the 
Miocene formations, as it required the application of pressures in the cell much higher than the 
maximum value admissible (1000 kPa). 
A more detailed description of all the procedures, starting with the sample preparation and until the 
application in the apparatus of the appropriate initial stress state conditions for shearing, can be found 
in Appendix D. In this appendix are also presented the typical sources of errors associated with the use 
of a triaxial apparatus as well as the measures employed in this study in order to minimise them.  
3.3.8.2 Tests performed 
For the AE formation it was possible to perform a total of 14 triaxial tests, 5 more than the initial plan 
since there were no major problems with in the apparatus and mainly because the second equipment 
became available earlier than expected. A description of the principal characteristics of the tests 
conducted in the AE formation is presented in Table 3.10. The tests were divided into 4 main groups 
each with the purpose of investigating a specific aspect of behaviour. The small strain stiffness of the 
formation was evaluated through compression (PC) and extension (PE) tests where the mean stress (p’) 
was maintained constant during shearing. A third group of 4 tests were sheared following stress paths 
expected to occur in the smallest and longest axis of the elliptical shaft. Finally, 3 conventional 
compression tests were conducted with several unload-reload loops in order to investigate the 
evolution of the stiffness when stress reversals occurred.  
The tests were predominantly performed under drained conditions, with the exception of all tests of 
the third group and one of the fourth which were undrained. The strain rates used were defined based 
on the accumulated experience of the LG-DEC-UC and varied according to the composition of the soils 
and the type of test performed. The values adopted were all inferior to the rates presented in the 
literature by several authors (Bishop & Henkel, 1962; Head, 1998). Since the majority of the samples 
were collected at 3 different depths, it was decided to perform the tests at approximately those three 
in-situ stress conditions as estimated in Table 3.10. 
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Table 3.10 – Triaxial tests performed in the AE formation 
Test 
Depth 
(m) 
In-situ 
stress 
’vo (kPa) 
Consolidation  Shearing 
Observations ’vo 
(kPa) 
’ro 
(kPa)
 
Drainage Type 
Stress rate 
(%a/h) 
T-AE-DPC-I130 8.0 150 130 130  Drained 
Constant p’ increase of q 
0.2 Evaluation of 
small strain 
stiffness at 
constant p’ 
T-AE-DPC-I300 18.0 350 300 300  Drained 0.4 
T-AE-DPC-I400 21.0 410 400 400  Drained 0.4 
T-AE-DPC-I300* 4.1 75 300 300  Drained 2.0 
T-AE-DPE-I130 7.8 145 130 130  Drained 
Constant p’ decrease of q 
0.2 Comparison 
between 
compression 
and extension 
T-AE-DPE-I300 18.6 360 300 300  Drained 0.4 
T-AE-DPE-I400 21.3 415 400 400  Drained 0.4 
T-AE-UCD-I130 8.6 160 130 130  Undrained Compression with decrease of p’ 1.0 Stress paths 
expected in the 
smallest and 
longest axis of 
the shaft 
T-AE-UCD-I300 18.5 360 300 300  Undrained Compression with decrease of p’ 1.0 
T-AE-UED-I130 6.2 115 130 130  Undrained Extension with decrease of p’ 1.0 
T-AE-UEI-I130 8.0 150 130 130  Undrained Extension with increase of p’ 1.0 
T-AE-UCL-I130 6.4 120 130 130  Undrained 
Compression with increase of p’ 
1.0 Conventional 
stress paths 
with unload-
reload loops 
T-AE-DCL-I130 8.2 155 130 130  Drained 0.2 
T-AE-DCL-I300 18.2 355 300 300  Drained 0.4 
 
For the AP formation it was only possible to perform 7 triaxial tests, since the number of intact samples 
retrieved from the boreholes was very limited and some of them were used in the oedometer tests. The 
description of all the tests carried out can be found in Table 3.11. In this case the tests were divided into 
3 groups and performed in compression, since all attempts to perform extension tests failed due to the 
high strength of the samples compared to the maximum working pressure of the cell. 
The samples tested were all collected from between 36.3 and 40.4 m depth and consequently the 
estimated vertical field stress varied slightly from 585 to 630 kPa, which led to the decision of conducting 
all the tests at the same mean effective stress (480 kPa). However, in order to compare the effects of 
the initial stress state two samples had an initial isotropic stress state while the remainder were 
consolidated under anisotropic conditions (K0=0.7). Unfortunately, the isotropic test T-AP-PCI480* 
failed while shearing due to a sudden loss of pressure in the cell and consequently the comparison 
became limited to only two tests performed on very different units of the AP formation. 
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Table 3.11 – Triaxial tests performed in the AP formation 
Test 
Depth 
(m) 
In-situ 
stress 
’vo (kPa) 
Consolidation  Shearing 
Observations ’vo 
(kPa) 
’ro 
(kPa)
 
Drainage Type 
Stress rate 
(%a/h) 
T-AP-DPC-K480 40.4 630 600 420  Drained 
Constant p’ increase of q 
0.2 Evaluation of 
small strain 
stiffness at 
constant p’ 
T-AP-DPC-I480* 38.7 610 480 480  Drained 0.2 
T-AP-DPC-I480 36.3 585 480 480  Drained 0.2 
T-AP-DCD-K480 39.9 620 600 420  Drained Compression with decrease of p’ 0.2 Stress paths 
expected in the 
shaft axis T-AP-UCD-K480 38.8 610 600 420  Undrained Compression with decrease of p’ 1.0 
T-AP-UCI-K480 37.7 600 600 420  Undrained Compression with increase of p’ 1.0 Typical stress 
path with loops T-AP-UCL-K480 40.2 625 600 420  Undrained Compression with increase of p’ 1.0 
 
The nomenclature adopted for the tests tried to reflect on the initial stress state as well as the test 
conditions. The first letter, T, denotes a triaxial test and the second two letters indicate the formation 
tested (AE or AP). The number at the end of the title represents the initial mean stress of the test while 
the letter before refers to the type of consolidation, isotropic (I) or anisotropic (K). The letters between 
the formation and the type of consolidation indicate the following: 
DPC – drained compression test with constant mean stress; 
DPE – drained extension test with constant mean stress; 
UCD – undrained compression test with decrease of the deviatoric stress; 
DCD – drained compression test with decrease of the deviatoric stress; 
UED – undrained extension test with decrease of the deviatoric stress; 
UEI – undrained extension test with increase of the deviatoric stress; 
UCI – undrained compression test with increase of the deviatoric stress; 
UCL – undrained compression test with increase of the deviatoric stress (unload-reload loops); 
DCL – drained compression test with increase of the deviatoric stress (unload-reload loops); 
An individual laboratory sheet was filled for each test performed and can be found in Appendix D.  
3.3.8.3 Large strain behaviour 
(a)  “Areolas da Estefânia” formation (AE) 
The results of the triaxial tests performed on all samples of the AE formation are depicted from Figure 
3.25 to Figure 3.27. The shearing behaviour of the formation can be generally described as dilatant with 
most of the samples showing post-peak strain-softening both in compression and extension. Normally 
the peak strength occurred for axial strains between 2 and 6 % and then dropped to a post-rupture 
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strength at larger strains. There were, however, a few samples that exhibited no pronounced peak 
behaviour, with the deviatoric stress remaining approximately constant with the increase of axial strain. 
The majority of the samples tested in compression presented signs of strain localisation with the 
definition of a shear plane. However, in some cases more complex failure mechanisms with the 
generation of multiple shear planes were detected. All the samples tested in extension presented a 
typical strain localisation with a necking formed usually near the top of the sample (pictures in Appendix 
D). 
From Figure 3.25 it is possible to verify that the extension tests presented generally a lower deviatoric 
stress at failure, compared to the compression tests performed for identical initial conditions. This trend 
is more clearly visible in Figure 3.26 where the stress ratio of all tests is plotted. From the figure it is also 
possible to verify that, despite the differences among the samples, they appear to converge towards a 
unique critical state value, around 1.4 in compression and 0.6 in extension, although some samples do 
not seem to have reached a stable condition when the test was stopped. The obtained results for 
compression can be considered similar to those published by Cenorgeo (2008) and presented in Chapter 
2. 
 
 
Figure 3.25 – Stress-strain curves of the triaxial tests performed in the AE formation 
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Figure 3.26 – Stress ratio of the triaxial tests performed in the AE formation 
The volumetric strains recorded in the drained tests are presented in Figure 3.27a) and reveal a typical 
behaviour of an over consolidated formation with almost all samples showing an initial contraction, 
usually below 0.5 %, for axial strains below 2 %, followed by dilation. The final values measured differ 
significantly, although the initial slope of the curves, i.e. immediately after contraction, appears to be 
similar for the majority of the samples. An exception was observed in test T-AE-DCL-I130 where the 
initial contraction was extended to an axial strain of 11 % and reached a volumetric strain of 1.5 %. This 
atypical behaviour was also reflected in the stress-strain curve where strain-hardening behaviour was 
observed and the failure occurred at an axial strain of 11 %.  
 
 a) b) 
Figure 3.27 – a) volumetric strains and b) excess pore pressure changes of the triaxial tests performed in the AE 
formation 
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Figure 3.27b) presents the pore pressures generated in undrained tests. The results varied considerably 
from sample to sample, with tests showing initially generation of positive pore pressures (contractive 
behaviour) while others start immediately to generate negative pore pressures (dilative behaviour). 
However, for higher strains all tests presented negative pore water pressure, confirming the over 
consolidated behaviour of the AE formation. 
The stress paths of all samples tested are depicted in Figure 3.28. The points of failure, established 
considering the highest ratio between the maximum and minimum principal stresses ((’1/’3)max), are 
also identified in the figure. The results obtained are in close agreement with those presented by 
Cenorgeo (2008) and show a well defined failure envelope both in compression and extension. The tests 
T-AE-UEI-I130 and T-AE-UED-I130, performed to simulate the stress-path expected in both axis of the 
elliptical shaft, showed a similar effective stress path despite the different shearing trajectories imposed 
(decrease versus increase of the deviatoric stress). An identical result was observed in compression for 
tests T-AE-UCD-I130 and T-AE-UCL-I130. It was also interesting to verify that despite the significant 
composition differences with depth presented in section 3.3.2 the results, particularly in terms of 
yielding, were in close agreement, which led to the decision of considering the AE formation as a whole, 
apart from the limestone layer, in the analyses performed instead of separating it into several sub-
layers. 
 
Figure 3.28 – Stress-paths of the triaxial tests performed in the AE formation 
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(b)  “Argilas e Calcários dos Prazeres” formation (AP) 
In Figure 3.29 and Figure 3.30 the principal results of the 7 triaxial tests performed in the AP formation 
are presented. From the figures it is possible to observe that the shearing behaviour varied significantly 
with two samples showing strain-hardening while the others presented a peak followed by a sudden 
drop in strength, probably caused by the breakdown of the structure of the material, that was more 
pronounced when shear planes were formed (Figure 3.29a)). These differences were also visible in the 
stress ratio plot (Figure 3.29b)) where it was not possible to define a unique critical state value, with 
some samples pointing to 1.5 while others to 1.1. However, some of these results, particularly those 
where a sharp drop of strength post-rupture was observed might also be influenced by the strain 
localisation and shear planes formed since, despite the area correction performed, the real cross-
sectional area tends to be smaller according to Chandler (1966), leading to a higher deviatoric force and 
stress ratio. 
The evolution of the volumetric strains in the drained tests indicates a similar trend, with an initial 
contraction followed by dilation, typical of over consolidated clays. However, the magnitude of the 
volumetric deformations and the transition between contractive and dilative behaviour varied 
considerably in each of the samples tested (Figure 3.30a)). An even higher discrepancy was observed in 
the pore pressures measured in the undrained tests, with one sample generating negative pore pressure 
from the beginning of shearing (attempt to dilate), while the others showed a sharp peak of positive 
pore pressure (contractive behaviour) followed by a drop (Figure 3.30b)).  
 
 a) b) 
Figure 3.29 – a) stress-strain curves and b) stress ratio observed in the triaxial tests performed in the AP 
formation 
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 a) b) 
Figure 3.30 – a) volumetric strains and b) excess pore pressure changes of the triaxial tests performed in the AP 
formation 
Some of the discrepancies observed in the results are probably related to the different geological 
structure of the samples tested. Despite having similar mineral and physical characteristics as shown 
previously the samples retrieved from 36.3 and 37.7 m depth, T-AP-DPC-I480 and T-AP-UCI-K480, 
respectively, presented a more greenish and bright colour with some white shells mixed with soil and 
were considerably softer than the other samples (Figure 3.32) (identical composition to the sample 
tested in the oedometer test OED36.5). These were the two samples that exhibited strain-hardening 
behaviour, absence of structure, and showed a more pronounced contraction and the highest positive 
excess pore water pressure generated at the beginning of the shearing. When plotting the stress paths 
of the tests (Figure 3.31) it was also possible to observe that the yielding points of these two samples 
(Top AP (’1/’3)max) were not aligned with the remaining points. The sample T-AP-DPC-I480 presented 
a much lower strength when compared to other tests performed following the same stress path (T-AP-
DPC-K480 and T-AP-DPC-I480*), while sample T-AP-UCI-K480 showed a strength in between but closer 
to the other samples. The results obtained were consistent with the geological framework presented 
previously since the sample T-AP-DPC-I480 was retrieved from a depth of 36.3 m, in the middle of the 
softer transition layer between the Miocene formations, while sample T-AP-UCI-K480 was collected 
from a depth of 37.7 m, near the division between the soft and hard units of the AP formation. Based 
on these results and particularly on the interpretation of the oedometer tests and borehole cores, it 
was decided to subdivide the AP formation into two layers, Top AP and Bottom AP, with the former 
representing the transition layer and having approximately 2 m thickness. 
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The analysis of the influence of the initial stress state was not possible due to the sudden failure of the 
test T-AP-DPC-I480*. However, the results available show that the sample tested isotropically presented 
a higher initial contraction and a softer behaviour, although no significant strength differences were 
expected based on the overall results recorded. 
 
Figure 3.31 – Stress-paths of the triaxial tests performed in the AP formation 
          
 a) b) c) d) 
Figure 3.32 – General view of some of the samples tested of the AP formation: a) T-AP-DPC-I480 (36.3 m); b) T-
AP-UCI-K480 (37.7 m); c) T-AP-UCD-K480 (38.7 m); d) T-AP-DPC-K480 (40.4 m) 
The results published by Marques (1998) and presented in Chapter 2 for the AP formation appear to be 
in agreement with the values obtained in test T-AP-DPC-I480. Despite being collected in a different part 
of the city and at shallower depths, the samples tested by Marques (1998) presented the same greenish 
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and bright colour, according to the description of the author, and consequently it was assumed that 
they were part of the transition layer, Top AP. The three samples of the AP formation tested by 
Cenorgeo (2008), retrieved from depths of between 36 and 38 m in the Ivens shaft site, also showed a 
behaviour similar to that observed for the Top AP layer. 
3.3.8.4 Small strain stiffness behaviour 
(a)  “Areolas da Estefânia” formation (AE) 
The small strain stiffness behaviour of the AE formation was assessed based on the secant and tangent 
shear modulus degradation curves. These were determined from the triaxial tests using equations 3.12 
and 3.13, where q and s are the deviatoric stress and strain, respectively. In Figure 3.33 the tangent 
shear modulus curves of the compression and extension triaxial tests performed with constant p’ 
against the generalised deviatoric strain are presented. The results show, as expected, that the tangent 
shear modulus tends to increase with p’. For the same stress level the differences between the shear 
degradation curves obtained in compression and in extension are small.  
 𝐺𝑠𝑒𝑐 =
∆𝑞
3 ∙ ∆𝜀𝑠
 3.12 
 𝐺𝑡𝑎𝑛 =
𝑑 𝑞
3 ∙ 𝑑 𝜀𝑠
 3.13 
The differences observed in the initial part of the curve between identical tests T-AE-DPC-I300* and T-
AE-DPC-I300 are probably related to the initial conditions of the samples as described previously (see 
Table 3.10), although the different strain rates employed in the tests, 2.0 and 0.4 %a/h respectively, 
might also have had some influence on the results, since as shown by Hight et al. (2007) higher strain 
rates tend to overestimate the shear modulus for lower strains. 
Despite the use of internal instrumentation, it was not possible to measure, on average, strains below 
approximately 0.009 %. Consequently the typical initial plateau was not recorded and the plots begin 
after some degradation had already occurred. By extrapolating the results for the linear behaviour 
threshold suggested by Atkinson et al. (1990), 0.001 %, the initial shear modulus can be estimated as 
being around 50, 90 and 110 MPa for the stress levels of 130, 300 and 400 kPa, respectively. However, 
a more accurate evaluation of the initial shear modulus will be presented in section 3.3.9 based on the 
results of the bender elements tests. 
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Figure 3.33 – Tangent shear modulus degradation curves for the triaxial tests performed with constant p’ 
In Figure 3.34a) the shear modulus degradation curves normalised by the mean stress are presented for 
all the triaxial tests performed in the AE formation. From the figure it is possible to verify that the 
majority of the curves tend to converge to a narrower band, suggesting that the behaviour of the 
formation can be normalised. The initial shear modulus of the formation is more difficult to estimate 
from the curves since the scatter is higher at lower strains, though a ratio of Gtan/p’ of around 500 would 
not be unreasonable. The shear modulus degradation curves derived from the unload-reload loops are 
plotted in Figure 3.34b) together with the results of the triaxial tests. The new data, despite being more 
scattered, shows a lower decay suggesting a higher stiffness for the same strain level. However, the 
initial and final values of the shear modulus appear to remain unchanged. 
 
 a) b) 
Figure 3.34 – Normalised tangent shear modulus degradation curves of the AE formation: a) without loops; b) 
including the results of the loops 
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Figure 3.35 – Comparison of the normalised tangent shear modulus obtained in the SBPT and in the triaxial tests 
for the AE formation 
The comparison between the degradation curves determined in this study and the results derived from 
the triaxial and self boring pressuremeter tests published in the literature (Ludovico Marques & Sousa 
Coutinho, 2004; Cenorgeo, 2008) is depicted in Figure 3.35. The obtained results are almost all within 
the bounds established by the previous laboratory data (Cenorgeo, 2008) and appear to define a 
narrower band that can be considered almost in agreement with the results of field tests. However, the 
triaxial curves are still below the SBPT results which may be justified by several factors, such as the 
disturbance of the samples, the anisotropy of the shear modulus, the reliability of the method used to 
derive the field curves, among others identified and discussed by Tatsuoka and Shibuya (1991). 
(b)  “Argilas e Calcários dos Prazeres” formation (AP) 
The shear modulus degradation curves normalised by the mean stress obtained for all the tests 
performed in the AP formation are displayed in Figure 3.36. The results show some scatter, particularly 
for lower strains, and, like in the AE formation, the deviatoric strains recorded were, on average, above 
0.006 % and consequently the initial plateau of the shear modulus could not be defined. The unload-
reload loops performed did not improve significantly the overall results as can be seen in Figure 3.36b). 
However, the degradation curves defined by the loops are located above the data of the test T-AP-UCL-
480 confirming that the execution of small loops can be very useful in the establishment of the small 
strain stiffness behaviour. The initial shear modulus of the AP formation can be estimated as 200 times 
the mean effective stress, which is considerably lower than those obtained for the AE formation, even 
if allowance for a higher p’ is taken into account. 
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The test T-AP-DPC-I480, performed with a sample of the Top AP unit, presented the lowest shear 
modulus degradation curve although the difference for other tests can be considered small and even 
inexistent for strains higher than 0.05 %. 
Comparison of all the shear modulus degradation curves determined in this study with those derived 
from the bibliography (Marques, 1998; Sousa Coutinho & Ludovico Marques, 2006) is given in Figure 
3.37. The results obtained by this study are located above the curves calculated based on the triaxial 
tests performed by Marques (1998) and also extend to smaller strains. However, despite this 
improvement, the curves are still below the values determined by the SBPT tests. Beside the differences 
in terms of magnitude the decay of the shear modulus appears to be more rapid in the field tests. The 
reasons for such discrepancies are probably identical to those discussed previously for the AE formation, 
although in this case the sample disturbance might have had a higher impact on the results due to the 
conditioning problems discussed in section 3.2.1. 
 
 a) b) 
Figure 3.36 – Normalised tangent shear modulus degradation curves of the AP formation: a) without loops; b) 
including the results of the loops 
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Figure 3.37 – Comparison of the normalised tangent shear modulus obtained in the SBPT and in the triaxial tests 
for the AP formation 
3.3.9 BENDER ELEMENTS 
3.3.9.1 General aspects 
One of the laboratory techniques more frequently used to evaluate the shear wave velocity and 
subsequently the initial shear modulus of soils due to its simplicity, reliability and reduced cost in 
comparison with other techniques available is the bender element method (BE) (Viana da Fonseca et 
al., 2009). By recording with an oscilloscope the input and the output signals of a shear wave that is 
propagated through the soil it is possible to determine the travel time (tarr) and, consequently, the 
velocity of the shear wave (Vs) using equation 3.14, where L represents the distance between bender 
elements, usually considered from tip-to-tip (Viggiani & Atkinson, 1995a). The shear modulus of the soil 
can then be calculated employing equation 2.2. Although the strains induced by the method in the soil 
are difficult to define accurately it is believed that they are very small, lower than 10-5 according to Dyvik 
and Madshus (1985), and within the linear elastic range of the soil. As a result the BE shear modulus is 
often compared and associated with the initial shear modulus of the soil (G0) measured at initial 
conditions. 
 𝑉𝑠 =
𝐿
𝑡𝑎𝑟𝑟
 3.14 
However, despite its simplicity, the determination of the shear modulus from the bender elements 
involves some subjectivity and consequently their interpretation is not always straight forward. The 
main source of uncertainty is related to the determination of the travel time (tarr). The attenuation 
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associated with the distortion observed in the output signal masks the arrival of the shear wave, making 
difficult the correct interpretation of the results. Several phenomena, such as near field effects 
(Sánchez-Salinero et al., 1986), transducer resonance and overshooting (Lee & Santamarina, 2005), 
among other factors have been investigated and identified as possible sources of distortion. Several 
measures have been suggested to reduce their impact (Viggiani & Atkinson, 1995a; Jovicic et al., 1996; 
Arulnathan et al., 1998) and factors such as electrical noise can be significantly minimised when short 
cables with shielding and grounding are employed (Theron et al., 2004; Lee & Santamarina, 2005). A 
more detailed description of the bender element method and particularly of its limitations can be found 
in Appendix E. 
3.3.9.2 Interpretation methods 
Due to the difficulties mentioned previously several methods have been proposed to determine the 
arrival time of the shear wave. These methods are divided in two main categories, the time domain and 
the frequency domain methodologies. The time-domain interpretation tends to evaluate the time of 
arrival based only on the direct observation of characteristic points of the input and output signals 
(Viggiani & Atkinson, 1995a; Arulnathan et al., 1998; Viana da Fonseca et al., 2009). The major problem 
of this interpretation is associated with the usual distortion observed in the output signal that makes 
the selection of the point ambiguous leading inclusively to errors that can be up to 60 %, according to 
Viggiani and Atkinson (1995a).  
To overcome the ambiguity on the selection of the arrival time the frequency-domain methodologies 
were introduced (Viggiani & Atkinson, 1995a; Greening & Nash, 2004; Alvarado, 2007). In these methods 
the input and output signals are converted, usually using a Fast Fourier Transform (FFT), from the time 
domain to the frequency domain. The signals can then be cross-correlated and interpreted in order to 
evaluate the phase delay spectrum between input and output which is directly associated with arrival 
time of the shear wave. However, the interpretation using the frequency-domain methods is also 
dependent on the quality of the output signal and ultimately the selection of the arrival time might also 
be ambiguous, although supported by mathematical theories.  
Despite the interpretation differences of both methodologies, they should provide a similar result, but 
it is often seen that frequency-domain methods tend to estimate lower values of shear modulus 
(Viggiani & Atkinson, 1995a; Greening & Nash, 2004; Viana da Fonseca et al., 2009). 
From the several interpretations published in the literature it was decided to adopt in this research a 
methodology similar to that proposed by Viana da Fonseca et al. (2009) and use two different methods 
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to evaluate the arrival time. From the time-domain the “first arrival” method was selected due to its 
simplicity and mainly because it is still the most widely employed methodology. The interpretation of 
the BE in the frequency-domain was based on the “phase delay” method presented by Alvarado and 
Coop (2012), which compares the phase difference observed between the input and output signals. 
(a) First arrival method (time-domain) 
The first arrival method is based on the visual inspection of the output signal in order to identify the 
point where the transmitted wave first arrives to the receiver. However, as noted previously, the 
identification of the arrival might be complex due to the distortion observed in the output signal. One 
of the factors that contributes to misinterpretation of the signal is the so-called “near field effect” which 
is caused by the propagation of compression waves in the sample. These reach the receiver faster and 
originate a first bump in the signal that might mask the arrival of the shear wave (Sánchez-Salinero et 
al., 1986; Arulnathan et al., 1998). However, its influence can be reduced if higher frequencies are 
adopted in the input signal as demonstrated by Jovicic et al. (1996).  
In order to produce sharper and more distinctive arrivals a wide range of different types of input signals 
has been tested by several authors (Jovicic et al., 1996; Pennington et al., 2001). Usually for the time-
domain interpretation a single sine pulse is the most common type of signal, since being composed of 
mainly one frequency it creates the output wave of a similar shape (Jovicic et al., 1996). For this reason 
in this research it was also decided to adopt a single sine pulse as the input wave. In order to reduce the 
distortion and the “near field effect” the frequency content of the input signal was varied from 1 to 
10 kHz. 
(b) Phase delay method (frequency-domain) 
The use of frequency-domain methods requires the transformation of the input and output signals 
recorded in the time domain into a frequency domain. Due the complexity of the problem a FFT is 
usually employed to perform the transition since it can capture all the principal modes of vibration of 
the system, particularly when a sine pulse is used as input (Alvarado, 2007). After the transformation of 
domain the signals can be related into a unique transfer function that represents the system as a whole, 
including the response of not just the bender elements but also of the surrounding medium (Alvarado 
& Coop, 2012). The gain of the transfer function, defined by the ratio of amplitudes between the output 
and the input, enables the identification of the resonant frequencies of the system, while the phase 
factor is directly associated with the existing delay between the input and the output signals. From the 
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slope of the stacked phase factor-frequency curve it is possible to determine directly the arrival time. 
However, due to the already mentioned distortions in the system the gradient of the stacked phase-
frequency diagram is often not constant (see for example Figure 3.40b)). Consequently, an error can be 
induced when determining the arrival time (Blewett et al., 2000). 
3.3.9.3 Apparatus and test procedures 
The bender elements were installed in the triaxial apparatus Triax_2 by replacing the pedestal and the 
top cap with equivalent pieces that had been modified at Imperial College to incorporate the bender 
elements (Figure 3.38a)). The dimensions and characteristics of both bender elements used are 
displayed in Table 3.12. The transmitter was then connected to a function generator and to an 
oscilloscope while the receiver was plugged in to the latter, which in turn was directly connected to a 
computer, as can be schematically seen in Figure 3.38b). 
A TTi TG1010 function generator was used to generate the input signal, a single sine pulse. The 
transmitter element was excited with a voltage of 10 V (20 V of amplitude from peak to peak) and with 
a frequency that changed from 1 to 10 kHz (Figure 3.39), with increments of 0.5 kHz, so that the cleanest 
output, without “near field effects”, could be found. Both input and output signals were recorded in a 
Tektronix TDS220 digital storage oscilloscope and then transferred to a computer for interpretation.  
Table 3.12 – Dimensions and characteristics of the bender elements 
Bender element Wired 
Dimensions 
Polarisation 
Wave 
propagation Width 
(mm) 
Thickness 
(mm) 
Protrusion height 
(mm) 
Transmitter Parallel 7.65 1.75 3.96 
horizontal vertical 
Receiver Series 7.67 1.80 4.17 
        
 a) b) 
Figure 3.38 – Bender elements: a) detail of the connections; b) schematic view 
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Figure 3.39 – Input signal – single sine pulse with different frequencies 
The sample preparation was identical to that performed for the triaxial and isotropic compression tests 
(see Appendix D). The only difference was in the last stage of the preparation where a groove with 
dimensions slightly larger than the bender elements was carved in the top and bottom ends of the 
samples. The grooving had two major purposes. First, the protection of the bender elements since 
during the embedment some damage could occur due to the high strength of the soil. Secondly, since 
the grooves were carved with the same alignment, the errors in the output readings were significantly 
minimised. A perfect contact between the soil and the bender elements was ensured by a filler, created 
by mixing the trimmings of the sample, water and a small amount of cement to improve the adhesion, 
which was placed in the groove.  
The set-up of the samples in the apparatus was similar to that employed in the triaxial tests, with the 
only difference being the embedment of the bender elements in the grooves filled with filler. Before 
sealing the triaxial cell a final test was carried out by transmitting a shear wave through the sample and 
observing if a response appeared on the oscilloscope.  
The procedure followed for each test was similar to the described for the isotropic compression tests 
with the only difference being the pauses at each desired mean stress in order to conduct the bender 
element test. For each selected p’ single sine pulses with different frequencies were transmitted to the 
probes and the response was recorded with the bender receiver. The results were interpreted both in 
the time and frequency domain and the definition of the arrival time took into account both results. 
In total 6 bender element tests were performed, 3 in the AE formation, 2 in the AP formation and 1 in 
the limestone layer. The characteristics of the samples tested and the test procedures adopted are 
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presented in Table 3.13. It should be noted that test BE-AE-21.5 was also used for isotropic compression 
(test I-AE-21.5), since the number of samples at this depth was very limited. For the same reason it was 
also not possible to conduct bender element tests in the Bottom AP unit, only in the Top AP unit. To 
evaluate the influence of the initial stresses one of the tests in the Top AP unit was consolidated under 
isotropic conditions and the other under anisotropic conditions, with a K0 of 0.7. A complete description 
of each test performed and their principal results are compiled in individual sheets in Appendix E. 
Table 3.13 – Characteristics of the probes and test procedures of the bender elements tests 
Test 
Depth 
(m) 
Lithology 
Initial conditions  Consolidation Testing sequence (p’ in kPa) 

(kN/m3)
e0 
 ’vo 
(kPa) 
’ro 
(kPa) 
 
BE-AE-07.7 7.7 Top AE 21.1 0.47  50 50 50 –> 100 –> 130 –>150 –> (50) –> 500 
BE-AE-18.3 18.3 Lower AE 19.0 0.65  50 50 50 –> 100 –> 130 –>150 –> (50) –> 500 
BE-AE-21.5 (1) 21.5 Lower AE 19.9 0.52  50 50 50 –> 100 –> 130 –>150 –> (50) –> 500 
BE-LI-12.5 12.5 Limestone 19.3 -  200 200 200 –> 250 –> 300 
BE-AP-36.5 36.5 Top AP 21.5 0.44  100 70 100 –> (100) –> 400 –> 450 –> 480 –> 550 –> 600 
BE-AP-36.2 36.2 Top AP 20.8 0.56  100 100 100 –> (100) –> 400  –> 450 –> 480 –> 550 –> 600 
(1) this sample was also used to perform the isotropic compression test I-AE-21.5 
3.3.9.4 Evaluation of the arrival time 
As mentioned previously, the evaluation of the arrival time is not a straightforward process and often 
involves some subjectivity. In order to minimise this, two conceptually different methods, first arrival 
(time-domain) and phase delay (frequency-domain), as described in section 3.3.9.2, were employed in 
the interpretation of the bender elements results. The approach used for defining the arrival time with 
the first arrival method comprised the following methodology. Firstly, the amplitude of the output signal 
was normalised by its mean and standard deviation in order to facilitate the comparison of the different 
results. Then, for each p’, the output signals obtained from different transmission frequencies were 
plotted together, as shown in Figure 3.40a) and in Figure 3.41a) for tests BE-AE-21.5 and BE-AP-36.5 and 
for p’ of 400 and 480 kPa, respectively. It should be noted that all signals presented are displayed with 
reversed polarisation and consequently the sine appears inverted (first peak negative) in the output. 
Although the majority of the output signals could be considered as relatively clean, it was observed in 
all tests that the quality improved for frequencies higher than 2 kHz. It was also verified, according to 
Alvarado (2007), that, generally, higher stresses required an increase of the input frequency in order to 
minimise the background and electrical noise. From the visualisation of the plots it was observed that 
the apparent first arrival, considered as the deflection after the first bump, was not constant and tended 
to decrease slightly with the increase of the input frequency. As a result it was decided at this stage to 
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define an interval of variation for the time arrival that covered all the tested frequencies, represented 
in the figures by the vertical solid lines, instead of a single value. The magnitude of the intervals selected 
was usually lower than 20 s, which corresponded to an average variation of about 8 % in the value of 
the arrival time. 
The definition of the intervals for each tested p’ was relatively simple in all tests with the exception of 
test BE-AE-21.5 where, probably due to a smaller length of the sample of only 52.6 mm, the output 
signals presented multiple reflections and two initial bumps that made the interpretation of the results 
more difficult (Figure 3.40a)). For this test the arrival time was considered to be located after the first 
bump although the deflection observed in the signal might also be related to the arrival of another 
compression wave since another bump was recorded immediately after. 
For the phase delay method all the input and output signals were initially normalised so that both 
presented a similar contribution in the transfer function of the system. The signals were then converted, 
using a FFT, from a time to a frequency domain and correlated. The accumulated phase delay between 
input and output signals, stacked phase, was determined and plotted against the frequencies of the 
system in order to permit the calculation of the arrival time through the slope of the curve. In the 
majority of the analysis performed an almost linear relation was found although in some cases sudden 
jumps or even a non-linear relation were observed as shown in Figure 3.40b) and Figure 3.41b). The 
determined values for the different frequencies within the same mean stress generally presented low 
fluctuation, although it was possible to observe that lower frequencies, below 2 kHz, usually presented 
higher values for the arrival time.  
The obtained values and intervals determined using both methods for each p’ and for each input 
frequency where then plotted together to allow the comparison and the selection of the most 
representative arrival time (see Figure 3.42). As commented by many authors (Viggiani & Atkinson, 
1995a; Greening & Nash, 2004; Viana da Fonseca et al., 2009) this study also verified that the results 
obtained with the phase delay method estimated higher arrival times, up to 20 %, for the majority of 
the signals processed. In order to better visualise the difference, the results of the frequency domain 
methodology were plotted alongside the output signals (dashed vertical lines), as can be seen in Figure 
3.40a) and in Figure 3.41a). By observing the figures it was possible to verify that some of the arrival 
time values estimated by the phase delay method were already located in the middle of the sine pulse 
and consequently could not represent appropriately the arrival of the wave. 
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 a) b) 
Figure 3.40 – Results of the bender elements test BE-AE-21.5 for a p’ of 400 kPa: a) first arrival method (time 
domain); b) phase delay method (frequency domain) 
For this reason it was decided to give preference to the results obtained by the first arrival approach. 
The selection of the arrival time was then based on the following criteria. If the average of the frequency 
domain results was within the interval established by the first arrival method the arrival time 
corresponded to that average, otherwise, in the majority of the cases, the arrival time was defined as 
being the median value of the interval defined by the first arrival approach. The only doubtful case was 
the already mentioned test BE-AE-21.5, since the estimates obtained with the frequency domain 
method were located between the second bump and before the sine deflection (Figure 3.40a)) and 
consequently could indicate a plausible value for the arrival time.  
GEOTECHNICAL CHARACTERISATION OF THE RELEVANT MIOCENE FORMATIONS 3 
 
 
 163 
 
 
 a) b) 
Figure 3.41 – Results of the bender elements test BE-AP-36.5 for a p’ of 480 kPa: a) first arrival method (time 
domain); b) phase delay method (frequency domain) 
A last validation of the selected values was performed by plotting, for a given frequency, the output 
signals corresponding to different p’ as shown in Figure 3.43 for two of the tests (BE-AE-07.7 and BE-AP-
36.5) and for a frequency of 4 kHz. As expected, the arrival time values selected (grey dots) decreased 
with the increase of stress leading to higher values of the shear velocity and modulus. The results also 
showed that the definition of the output signal improves significantly with the increase of the mean 
stress, facilitating the interpretation and the selection of the arrival time. 
 
Figure 3.42 – Evaluation of the arrival time for the bender elements test BE-AE-18.3 
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 a) b) 
Figure 3.43 – Evolution of the arrival time with the increase of p’ for a single sine pulse with frequency of 4 kHz: 
a) BE-AE-07.7; b) BE-AP-36.5 
3.3.9.5 Shear wave velocity 
The evolution with stress of the shear wave velocity was determined employing equation 3.14. The 
length used in the equation was updated at every p’ by deducting the axial displacement measured with 
the internal instrumentation from the overall length of the sample minus the protrusion length of the 
bender elements (tip-to-tip distance). The obtained results are depicted in Figure 3.44 for all the 6 tests 
performed. It is evident from the figure that the shear wave velocity increases with stress, although it 
appears that the rate of increase tends to diminish at higher stresses. As expected, the test in the 
limestone layer, BE-LI-12.5, presented the highest results reaching a shear velocity of almost 450 m/s. 
However, the values achieved are only about half of those determined by the field tests suggesting that 
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the preparation process (see description in Appendix E) might have significantly damaged the intact 
structure of the rock sample.  
 
Figure 3.44 – Shear wave velocity determined from the bender elements tests 
From the 3 tests conducted in the AE formation 2 showed an almost identical behaviour while the third, 
BE-AE-21.5, presented higher values of the shear wave velocity. However, as mentioned before, the 
results of this test may be overestimated due to the difficulty in establishing the correct arrival time. In 
order to evaluate the possible range of variation, Figure 3.44 also shows the curve determined using the 
values estimated by the frequency domain methodology, since this is believed to represent the lower 
boundary of the results. The location of this new curve suggests that the correct values of the shear 
wave velocity of test BE-AE-21.5 should not differ substantially from the other results obtained for the 
AE formation, since all curves are within the interval established. 
Although the results obtained in the 2 tests performed in the AP formation showed an identical trend, 
their magnitude was significantly different, with test BE-AP-36.5 presenting higher values for the shear 
wave velocity. The discrepancies observed may be justified by the natural heterogeneity of the intact 
samples and initial physical properties, but could also be caused by the different stress paths followed 
in each test, since the sample BE-AP-36.3 was tested under isotropic compression conditions, while in 
test BE-AP-36.5 followed the K0 line. Since the BE tests are usually performed under isotropic conditions 
and only one test of each type was performed it is difficult to evaluate the impact of the anisotropic 
stress conditions on the results. However, given the high K0 value used, 0.7, the heterogeneity and the 
initial physical properties may have also influenced the results, since the initial void ratio of test BE-AP-
36.5 was only 0.44 while test BE-AP-36.3 had a value of 0.56 and consequently was in a looser condition. 
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3.3.9.6 Initial shear modulus 
Figure 3.45 depicts the evolution of the shear modulus, GBE, with the increase of the mean stress for all 
tests performed. The plot obtained is similar to the shear wave velocity in Figure 3.44, since the equation 
2.2 to calculate the shear modulus depends directly on the velocity value and on the unit weight, which 
are similar for all tests (Table 3.13). For the range of stresses expected at the Ivens shaft site the shear 
modulus determined varied between 50 MPa near the surface up to 150 MPa in the AE formation and, 
considering a conservative value, around 220 MPa in the AP formation. In the limestone layer the 
calculated shear modulus was approximately 370 MPa. However, the values obtained for all the 
formations from the bender elements are small when compared with the results derived from the field 
tests, with the former being approximately 50 % of the latter. 
Similar discrepancies between in-situ and laboratory results have been reported by several authors 
(Kokusho, 1987; Ishihara, 1996; Ng & Wang, 2001), who suggest that the principal factor for the disparity 
is associated with the loss of cementation caused by the sampling process. The published data also 
shows that the differences tend to increase with the age of the soils deposits (Ishihara, 1996). In recent 
deposits, hence with small shear modulus, the results showed an agreement between the field and 
laboratory tests, while for old formations the discrepancies increased significantly (Yokota & Konno, 
1985). 
 
Figure 3.45 – Shear modulus determined from the bender elements tests 
The time dependency of the shear modulus in cohesive materials was also investigated by Afifi and 
Richart (1973) and Anderson and Woods (1975), who observed a continuous increase of stiffness under 
constant stress after the termination of primary consolidation. Anderson and Woods (1975) also verified 
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that if the sample was confined over a significant period of time the stiffness obtained tended to recover 
to values similar to those obtained in the field. Based on these results Anderson and Stokoe (1977) 
proposed equation 3.15 to relate the field (G0,field) and laboratory (G0,lab) shear modulus to account for 
the long-term effect: 
 𝐺0,𝑓𝑖𝑒𝑙𝑑 = 𝐺0,𝑙𝑎𝑏 + 𝑁𝐺 ∙ 𝐹𝐴 3.15 
where FA is the estimated ageing factor for the analysed site and NG is a normalised coefficient, 
proposed by Afifi and Richart (1973), that represents the increase in stiffness (G0) over a period of 
time normalised by the shear modulus measured after 1000 minutes of application of constant 
confining stress following primary consolidation (equation 3.16). 
 𝑁𝐺 =
1
𝐺1000
∙
∆𝐺0
𝑙𝑜𝑔10(𝑡2/𝑡1)
 3.16 
The contribution of the second part of expression 3.15 assumes particular importance when comparing 
both in-situ and laboratory stiffness and appears to be very sensitive to the sampling and handling 
conditions, although the work presented by Anderson and Woods (1975) suggests that part of this 
component can be recovered if the sample is maintained confined over a significant period of time. 
Based on the data available in the literature for different types of soils, Kokusho (1987) presented Figure 
3.46 where the relationship between field and laboratory shear modulus is plotted against the stiffness 
determined in-situ. The average curves presented suggest that in soils with G0,field higher than 35 MPa 
the relation is below unity and consequently the laboratory shear modulus measured is probably 
affected by some disturbance. For soils with higher in-situ stiffness the differences tend to increase 
significantly, reaching values of approximately 0.3 for soils with G0,field of about 450 MPa. It is also 
interesting to note that soils with lower stiffness can present relations above unity, which might be 
justified by the eventual compaction of these loose materials when sampling (Ishihara, 1996).  
The values obtained in this study are slightly above the average band defined by Kokusho (1987) since 
ratios of 0.5 were found for an in-situ shear modulus of over 300 MPa, suggesting that some significant 
disturbance occurred, regardless of all the care taken in the sampling and handling of the samples. 
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Figure 3.46 – Comparison of shear modulus from in-situ and laboratory tests (modified from Kokusho (1987)) 
In Figure 3.47 the results obtained in this study with the bender elements are plotted alongside the 
stiffness degradation curves determined for both Miocene formations. From Figure 3.47a) it is possible 
to verify that there is very satisfactory agreement between the shear modulus determined by the 
bender elements and the stiffness degradation curves for the equivalent p’. Only test BE-AE-21.5 
appears to overestimate the initial stiffness plateau for a p’ of 400 kPa. However, if this test is discarded, 
due to the already mentioned difficulty in the interpretation of the arrival time, and considered instead 
the result obtained in test BE-AE-18.3 for a p’ of 400 KPa the relation between the estimated initial shear 
modulus and the stiffness degradation curve improves significantly.  
As mentioned previously the 2 bender element tests performed in the AP formation provided 
considerably different values for the initial shear modulus as can be seen in Figure 3.47b). By 
extrapolating the stiffness degradation curves obtained from the triaxial tests it is possible to observe 
that only test BE-AP-36.2 appears to provide a reasonable estimative of the initial shear modulus. The 
result of test BE-AP-36.5 is significantly higher and does not seem compatible with the trend suggested 
by the stiffness degradation curves although its value can be considered in agreement with the 
degradation curves derived from the self-boring pressuremeter tests. 
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 a) b) 
Figure 3.47 – Comparison of the bender elements shear modulus with the degradation curves obtained from 
the triaxial tests: a) AE formation; b) AP formation 
3.4 SUMMARY AND CONCLUSIONS 
In this chapter were presented and discussed the results of the geotechnical survey conducted at the 
Ivens shaft site. The field work allowed the identification of the relevant formations, for which intact 
and disturbed samples were retrieved at different depths in order to be tested in the laboratory. Despite 
several difficulties that affected the initial plan of works it was still possible to carry out some seismic 
tests. However, these were only conducted down to a depth of 28 m, and consequently the in-situ 
stiffness properties of the AP layer could not be evaluated. 
The disturbed samples retrieved were used to perform classification, identification and mineralogical 
tests, while the intact samples were employed in more advanced laboratory tests such as isotropic 
compression, triaxial and bender elements. All the tests were performed at the facilities of the LG-DEC-
UC. The results of the identification and classification tests enabled a more precise identification of the 
characteristics of each formation. Despite the variability observed throughout the entire depth of the 
boreholes 4 distinct formations were identified. A layer of fill with a thickness of about 5 m was followed 
by the Miocene formations, first the AE formation, which reached a depth of approximately 35 m and 
then the underlying AP formation. A layer of Limestone with about 5 m thickness was intercalated in 
the AE formation at a depth of 13 m. The Miocene formations exhibit similar and almost constant with 
depth physical properties, void ratio’s and moisture content, despite having different particle 
compositions. The AE formation was mainly composed of sand and silt particles while the AP formation 
had a significant percentage of clay with low plasticity. However, the mineralogical tests conducted 
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show that in both formations the predominant mineral was quartz, followed by mica-illite and feldspar. 
The clay fraction of the layers was mainly composed of smectite and mica-illite. The thin sections 
analysed with the polarised light microscope revealed that the Miocene formations presented some 
orientation in the vertical direction, which probably originated during the deposition of sediments, while 
in the other direction no structure was identified. The thin sections in the Limestone also show the 
presence of fossils with considerable dimensions, typical of this type of material. This layer also 
exhibited a significant heterogeneity, which was confirmed by the results of the unconfined compressive 
strength tests performed. All the results obtained were in close agreement with studies performed 
previously in these formations (Moitinho de Almeida, 1991; Guedes, 1997; Marques, 1998; Lopes, 2001; 
Cenorgeo, 2008). 
The compressibility characteristics of the Miocene formations were assessed through the performance 
of oedometer and isotropic compression tests. The 3 oedometer tests, performed only in the AP 
formation, presented OCRs varying from 3.4 to 5.6, medium compressibility and low secondary 
consolidation ratios. However, a clear distinction between the tests was possible to observe based on 
the comparison of the compression curves with the intrinsic compression line (ICL). The sample located 
at 36.5 m depth followed the ICL, behaving like a reconstituted material, while the other samples lie 
above the ICL revealing the influence of structure on its in-situ properties. These results confirm the 
geological framework proposed with the top layer of the AP formation being softer probably due to the 
modification of the depositional environment. The isotropic compression tests were conducted in both 
formations and showed similar results. No plateau was observed in the bulk stiffness degradation 
curves, which had a significantly different behaviour in loading and unloading. However, those 
differences were minimised when the results were normalised by the mean effect stress. 
Subsequently, all procedures followed in the sample preparation and preliminary stages of the triaxial 
tests were briefly described. A total of 21 triaxial tests were carried out in the AE (14) and AP (7) 
formations. The tests were conducted with diverse stress-paths in order to characterise as accurately 
as possible the behaviour of both formations under different scenarios. Overall a dilative behaviour was 
observed in the AE samples tested. The majority of the tests performed in this formation revealed a 
peak-behaviour, both in extension and compression, with a distinct final stress ratio. Some differences 
were also observed in the undrained tests where the pore water pressure generated differed 
significantly. Despite these discrepancies the yielding points in all tests were almost perfectly aligned 
defining a clear failure envelope both in compression and extension. Due to the consistency and 
strength of the AP formation it was only possible to perform compression tests, which revealed a 
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heterogeneous behaviour, with some tests exhibiting ductile strain-hardening while others exhibited 
brittle behaviour. The volumetric behaviour observed in the drained tests and the negative excess pore 
pressures generated in the undrained tests confirmed the over-consolidated nature of this formation. 
The heterogeneity observed in several tests led to the subdivision of this formation into 2 layers: the 
top layer (APT), more heterogeneous and weaker as a result of its geological formation, and the bottom 
layer (APB) which presented a more homogenous behaviour and consistency. 
The small strain stiffness behaviour of both formations was also investigated. The triaxial tests 
conducted in the AE formation indicated a similar shear stiffness degradation curve in compression and 
extension. The results also demonstrated that higher mean effective stress implied an increase of 
stiffness, particularly at the smaller strains. However, and despite the use of internal instrumentation, 
it was not possible to capture the initial plateau of stiffness. Good agreement was observed with the 
results of the laboratory tests performed by Cenorgeo (2008). However, the stiffness curves obtained 
were slightly below the values derived from the SBP tests. The results of the tests performed in the AP 
formation showed a higher scatter in the small strain stiffness data. It was also not possible to establish 
the position of the initial plateau as well as the effect of the mean effective stress for this formation. 
The shear stiffness degradation curves were above those obtained by Marques (1998) but were still 
considerably lower than those derived from the SBP tests suggesting that the intact samples tested 
might have suffered some significant disturbance. 
Finally in the chapter, the results of the bender elements tests were presented and discussed. The 
difficulties in determining the time of arrival were highlighted. Two established methods, first arrival 
and phase delay, were employed and based on the results obtained a methodology combining both 
results was followed, although priority was given to the values derived with the first arrival method. As 
expected, a non-linearity increase of the shear modulus with the mean effective stress was observed in 
both Miocene formations. However, the values obtained were considerably smaller than those 
determined in the field, confirming that despite all the cares taken in the sampling and handling of the 
samples some significant disturbance occurred. 
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CHAPTER 4 
CALIBRATION AND VALIDATION OF THE 
GEOTECHNICAL PARAMETERS 
4.1 INTRODUCTION 
After the presentation and discussion of the results of the field and laboratory tests performed in the 
Miocene formations in the previous chapters, the aim of this chapter is to calibrate and validate the 
advanced constitutive models selected for reproducing numerically the behaviour observed in each 
formation. The structure of the chapter consists of two main parts. Firstly, the description of the 
numerical tools used in the calibration and validation and, secondly, their application to the Ivens shaft 
case study. The first part starts with the description of the optimisation methods used in the calibration, 
focusing, particularly, on the features and limitations of the genetic algorithm program employed, 
NT.CFit v5.0 (Taborda, 2012). Subsequently, a short introduction to the finite element program ICFEP 
(Potts & Zdravković, 1999) used in the numerical analysis is given, detailing its capabilities in modelling 
accurately the boundary conditions and the entire construction sequence adopted. To conclude the first 
part, the advanced constitutive models selected to reproduce the strength and stiffness characteristics 
of all the relevant formations are described in detail. In the second part of the chapter the parameters 
required by the numerical models are derived based, firstly, on the laboratory results presented in the 
previous chapters. The quality of the fitting performed is then assessed against the numerical simulation 
of the triaxial tests conducted and of the self-boring pressuremeter tests published in the literature. A 
third, and more representative, validation performed consisted of the back-analysis study of the 
excavation of the Baixa-Chiado station. Based on the differences obtained between the analysis and the 
monitoring data, a re-evaluation of the stiffness properties of the Miocene formations was conducted 
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in order to include the results of the field tests. Finally, a new methodology for determining the small 
strain stiffness properties is proposed and validated against the Baixa-Chiado excavation boundary value 
problem. 
4.2 OPTIMISATION METHODS 
4.2.1 GENERAL ASPECTS 
The use of optimisation methods in geotechnical engineering has been growing sharply over the last 
decades. With the significant increase of computational resources more complex problems have been 
analysed, leading to the development and employment of new types of optimisation methods, such as 
evolutionary algorithms (EAs) and artificial neural networks (ANNs) (Basudhar, 2008). Regardless of the 
method selected the main goal in optimisation is to minimise (or maximise) a so-called objective 
function, which quantifies the difference between the ideal and the achieved solution. Its definition 
represents the first difficulty of the process since it is usually problem dependent and may even not be 
unique for certain cases (Schwefel, 1995). However, the hardest part, particularly when multiple 
parameters are involved, is frequently the establishment of an adequate optimisation strategy capable 
of determining the optimum solution in the minimum computational time. Noticeably the selection of 
the optimisation method or methods to employ in the strategy is crucial in the performance and in the 
quality of the solution achieved. The choice is usually based on the past experience of similar problems 
(Weise, 2009).  
The optimisation methods are frequently separated in different categories according to, for instance, 
their type of approach (deterministic or probabilistic (Weise, 2009)), or their method of search (direct 
or indirect (Schwefel, 1995)), among others. However, those divisions should be considered flexible and 
only indicative, since there are methods transversal to several categories and there is an increasing 
trend to combine multiple algorithms in order to maximise the efficiency in the search of the optimum 
solution (Renders & Bersini, 1994; Obrzud et al., 2009; Taborda et al., 2011). The deterministic methods, 
such as the simplex, the gradient and Newton algorithms, are often used in more simple problems, with 
a reduced number of variables, and where the objective function is reasonably defined, such as in the 
fitting of constitutive models (Levasseur et al., 2009; Papon et al., 2012). These methods provide as a 
solution an unique set of parameters which is, however, strongly dependent on the initial estimate and 
consequently tend to converge to a local minima rather than to the global solution of the problem. 
However, this limitation can be overcome by performing multiple analyses starting with different sets 
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of parameters (Papon et al., 2012). Other drawbacks of the deterministic methods concern its efficiency, 
which is usually problem dependent, and the requirement, in some algorithms, of an objective function 
that permits differentiation (Basudhar, 2008).  
To overcome some of the limitations of the deterministic algorithms new types of optimisation methods 
emerged. These are mostly based on a probabilistic or neural framework where the goal is usually 
achieved following evolutionary principles. From within these methods it is possible to distinguish 
between those that evolve by learning and creating their own constitutive laws, known as artificial 
neural networks (ANNs), and others that search multiple randomly selected solutions (set of 
parameters) and iteratively progress towards the optimum solution, known as evolutionary algorithms 
(EAs) (Basudhar, 2008). Despite the application of the former to diverse geotechnical engineering 
problems (Obrzud et al., 2009; Hashash et al., 2010; Mahdevari & Torabi, 2012) its full potential remains 
unexplored, particularly in what concerns the development (Shahin et al., 2009) or selection (Javadi et 
al., 2007) of the most suitable constitutive model for a given type of soil. The use of EAs is more spread 
with multiple and different applications being published in recent years. From these methods the hill 
climbing (Taborda & Zdravkovic, 2012) and the particle swarm optimisation (Meier et al., 2008; Yazdi et 
al., 2012) have gained some popularity, although the most employed in optimisation are the genetic 
algorithms (GAs) due to their simplicity, robustness and efficiency (Simpson & Priest, 1993) in dealing 
with multiple parameters and different and complex problems (Pal et al., 1996; Feng et al., 2002; 
Zolfaghari et al., 2005; Levasseur et al., 2008; Pedroso & Williams, 2011). The features and limitations 
of the GAs will be addressed in detail in the next section, since this method was selected in order to 
optimise the calibration of the advanced constitutive models used in this research to the results of the 
field and laboratory tests presented in the previous chapters.  
4.2.2 GENETIC ALGORITHMS (GAs) 
The genetic algorithms were first proposed by Holland (1975) as an optimisation method inspired by 
Darwin’s theory of evolution, where only the fittest solutions survive. The method is a stochastic global 
technique, which only requires the definition of a fitness/objective function, which quantifies the 
proximity between the achieved and the optimum solution, and does not need differentiation, 
simplifying significantly the operations required by other methods (Levasseur et al., 2008). The 
optimisation strategy begins with the random generation of multiple valid solutions (“individuals” or 
“candidates”) which form an initial “population”. The merit (proximity to the optimum solution) of all 
individuals is then evaluated and the poorest solutions are eliminated and replaced by new candidates. 
The process continues iteratively with the evaluation and generation of new populations until a pre-
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established criterion is satisfied (minimum desired fitness, maximum number of iterations, etc). It 
should be noticed that GAs do not guarantee the exact identification of the optimum solution of the 
problem, even if there is an analytical solution, since the method is by definition evolving and improving 
through an unlimited series of generations (Papon et al., 2012). Naturally, the deterministic methods 
can be more efficient if an analytical solution to the problem exists. However, the GAs are recognized 
for their efficiency, particularly when dealing with large and complex problems, since due to their nature 
a vast area is searched allowing the correct identification of the global minima (Simpson & Priest, 1993). 
In order to improve the quality of the individuals from generation to generation several genetic 
operators and procedures should be employed. The first consists of the “reproduction” of the new 
population. Usually, it is composed of 3 distinct groups of individuals, the best ranked candidates 
of the previous iteration, the “offspring” of the best candidates (“parents”) and a new set of 
individuals randomly generated. The relative percentages of these groups can vary significantly 
from program to program, since there is no standard and rigid rule to follow. A second operator, 
“crossing”, is used to establish the properties of the offspring of the best candidates. The new 
individual is a mixture of their ancestors’ characteristics, being the contribution of each “parent” 
probabilistically defined. The last modification includes the introduction of a small random 
“mutation” in the offspring to maintain the diversity of the population and increase the 
competitiveness between the candidates. The influence of each of these operators has been 
investigated in the past (Azeiteiro et al., 2009; Rokonuzzaman & Sakai, 2010), but, although there 
are some indications of their impact, there are no standard rules to follow when coding GAs.  
Other factors can influence the GAs performance, such as the type and the distribution of the input 
data or even the limits of the search area. If only one type of information is provided for the 
calibration, for instance, only undrained triaxial tests, it is possible to obtain multiple solutions with 
the same merit using GAs (Taborda et al., 2008). However, when those set of parameters are used 
to replicate a different test the result may not correspond to the behaviour observed since the 
initial data provided did not reflect the global behaviour of the soil but only a part of it. The use of 
different types of tests, even if in low number, increase significantly the quality of the overall results 
as demonstrated by Taborda et al. (2010). The distribution and spacing between points of the input 
data also affects the solution obtained. If the points are predominantly located in a given area, the 
GAs tend to concentrate the fitting effort in that zone, forgetting the adjustment of the remaining 
data. To overcome this problem a relative function of error can be employed, although the best 
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approach consists of the assignment of different weights to the points, in order to ensure a proper 
fitting in the entire domain. Theoretically, the limits of the search area should not have an impact 
on the quality of the solution due to the evolving nature of the method. However, the use of large 
limits tends to increase the computation time significantly since the search area is larger and cannot 
be reduced significantly from iteration to iteration due to the generation of new random candidates 
in the new populations. Another factor that may have some influence on the solution achieved is 
the initial population generated. This problem may be evaluated and minimised by performing 
multiple analysis and selecting the most frequent set of parameters as representative. However, all 
the factors enunciated are strongly dependent and aggravated by the number and relationship 
between the different parameters of the constitutive model selected to be calibrated. If there is 
excessive interdependency between the parameters, the GAs will tend to reach solutions 
characterised by different sets of parameters which is inconsistent from the point of view of model 
calibration. In contrast, if such interdependency does not exist, the solution obtained is almost 
unique and factors such as the initial conditions and the type and distribution of the data will only 
have a minor impact. 
In the present case study it was decided to use the genetic algorithm program NT.CFit v3.5 (Taborda, 
2012) to fit the results of the laboratory tests performed in the Miocene formations to the selected 
constitutive models. The program follows the evolutionary framework and has implemented multiple 
options in order to control the genetic operators and a vast library of constitutive laws. Since the 
program had been successfully tested in similar conditions (Taborda, 2011) it was decided to employ 
the default values in all analyses performed. A complete description of the reference values and of the 
features of the program can be found in Taborda (2012).  
4.3 IMPERIAL COLLEGE FINITE ELEMENT PROGRAM (ICFEP) 
The principal research tool employed in this research has been the Imperial College Finite Element 
Program, ICFEP (Potts & Zdravković, 1999). This finite element code has been continuously developed 
over the last 30 years by the numerical group of the Geotechnics section of the Imperial College of 
London, led by Prof. D. Potts and Dr. L. Zdravković, and has implemented a vast library of advanced 
constitutive models and boundary conditions, making it suitable for modelling a wide range of 
geotechnical structures (Potts & Zdravković, 2001). ICFEP is able to perform two-dimensional (axi-
symmetric, plane strain and plane stress), three-dimensional and Fourier series aided three-
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dimensional analyses, both in drained and undrained conditions. The software has also coupled the 
generalised Darcy’s law with the mechanical behaviour of soils, allowing the analysis of 
consolidation problems where the effect of time is also incorporated. In this thesis, drained and 
undrained axi-symmetric analyses were performed for the simulation of the laboratory and field 
tests, whereas for the modelling of the excavation of the Baixa-Chiado station 2D coupled 
consolidation analyses in plane strain conditions were conducted. For the complex modelling of the 
excavation of the Ivens shaft 3D analyses were performed. 
The main characteristics of ICFEP and the basic concepts of the finite element method applied to 
the geotechnical field are described in detail by Potts and Zdravković (1999). Consequently, they 
are not presented in this work, as they are comprehensively described in the abovementioned text 
and are nowadays widespread in the literature. More recently other capabilities were developed 
and implemented in ICFEP that are not described in Potts and Zdravković (1999) and are omitted 
from this thesis, as they are beyond the scope of this work. Those developments include the 
implementation and validation of state-of-the-art advanced constitutive models and boundary 
conditions for modelling partially saturated soils (Georgiadis, 2003; Nyambayo, 2003; Smith, 2003; 
Tsiampousi, 2011), shotcrete (Schutz, 2010), kinematic hardening plasticity (Grammatikopoulou, 
2004) and time-depended (Bodas Freitas, 2008; Giannopoulos, 2011) and dynamic soil behaviour 
(Hardy, 2003; Kontoe, 2006; Taborda, 2011). The influence of the presence of piles and buildings 
located in the proximity of tunnels was also assessed in detail (Schroeder et al., 2002; Franzius, 
2003). 
4.4 ADVANCED NUMERICAL MODELS 
4.4.1 GENERAL ASPECTS 
The selection of the most adequate constitutive model to represent accurately the real behaviour of 
soils is a difficult task, due to the numerous and different models published in the literature, but mainly 
because all of them are a simplification of the reality and, consequently, have a limited range of validity 
which is necessary to identify (Muir Wood, 2000). Therefore, the selection usually depends on the 
problem being analysed, on the data available for its validation and obviously on the models 
implemented in the software employed. However, when making a decision it is useful to take into 
consideration the citation attributed to Albert Einstein – “Everything (constitutive models) should be 
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made as simple as possible, but no simpler” (Kolymbas, 2000). Simple models have the advantage of 
requiring a limited number of parameters, which are easy to calibrate since they usually have a physical 
meaning. As a drawback, those models tend to poorly describe the soil behaviour, particularly the 
generation of pore pressures in undrained analysis, and ideally should only be used in simple cases. In 
contrast, some of the most advanced constitutive models can describe accurately most of the stress-
strain paths observed in soils and, as a result, are appropriate for employing in complex problems where 
the detail of the analysis is paramount. However, their use in practice is very limited for several reasons 
(Herle, 2002). First, the access to these models is restricted, since they are only implemented in a few, 
mostly non-commercial, numerical codes. Secondly, when the models are available to use their 
formulation and implementation is, to a certain degree, hidden and consequently the user is not fully 
aware of their pitfalls. Furthermore, the advanced models often require a large number of parameters, 
some without any physical meaning, and do not present a calibration procedure which would clearly 
demonstrate how to determine the necessary parameters (Kolymbas, 2000).  
Considering the results of the performed geotechnical characterisation and the complexity of the 
problem in this study it was decided in this work to employ a Nonlinear Mohr-Coulomb failure criterion 
for defining the yielding surface of the Miocene formations, with the exception of the AP formation. 
This model, based on the failure condition proposed by Maksimovic (1989), is an extension of the basic 
Mohr-Coulomb failure criterion and includes the effect of the mean effective stress in the definition of 
the strength of the soil. For the stiffness of the Miocene formations, apart from the limestone layer, the 
model selected was the Imperial College generalised small strain model, which was recently developed 
and implemented in ICFEP, and assumes a nonlinear relationship of the tangent stiffness of the soil with 
the deformation level. The main characteristics of these numerical models are described in detail in the 
following sections. 
4.4.2 NONLINEAR MOHR-COULOMB FAILURE CRITERION 
The classical Mohr-Coulomb failure criterion has been widely used in Geotechnics for describing the 
strength of soils. Its success is mainly due to its simplicity and physical meaning of its two parameters, 
cohesion (c’) and angle of shear resistance (’). However, the experimental evidence shows that the 
assumption of the linear failure envelope implied by the classical Mohr-Coulomb model is only valid 
within a limited range of stresses, and particularly for higher values, for most soils (Bishop et al., 1965; 
Ponce & Bell, 1971; Maksimovic, 1996). At small stress levels the shear strength usually tends to zero 
and the failure envelope becomes nonlinear. As a consequence, the selection of the Mohr-Coulomb 
parameters should also reflect the relevant stress levels, implying that these parameters are not unique 
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for a single soil. To overcome this limitation of the classical Mohr-Coulomb model several authors have 
proposed bilinear or curved failure envelopes, where the shear strength varies with the confining 
pressure (Maksimovic, 1996; Baker, 2004).  
In ICFEP a generalised nonlinear Mohr-Coulomb constitutive model has been developed, adopting the 
hyperbolic function of Maksimovic (1989) for the nonlinear variation of 𝜙′ with mean effective stress 
p’. The nonlinear yield function of this model (equation 4.1) required two additional parameter 
compared to the linear Mohr-Coulomb model described in Potts and Zdravković (1999). These 
parameters are (with reference to Figure 4.1): the amplitude of the variation of the angle of shear 
resistance, ∆𝜙′, and the value of the mean effective stress at which the angle of shear resistance is 
equal to 𝜙′𝑏 + ∆𝜙
′/2, p’N. As can be seen in Figure 4.1 the nonlinear envelope is a function of the angle 
of shear resistance, which varies from its maximum value (𝜙𝑏 + ∆𝜙
′) at p’ equal to zero to a minimum 
value of 𝜙′𝑏 which represents the value of 𝜙
′ at high stress levels. This new model can collapse into the 
linear Mohr-Coulomb model, if ∆𝜙′ is equal to zero. 
 
𝐹 =
𝐽
(
𝑐′
tan𝜙′
− 𝑝′) ∙ 𝑔(𝜃)
 
4.1 
where, 
 
𝑔(𝜃) =
sin𝜙′
cos 𝜃 −
sin 𝜃 ∙ sin 𝜙′
√3
 
4.2 
 
𝜙′ = 𝜙′𝑏 +
∆𝜙′
1 +
𝑝′
𝑝′𝑁
 
4.3 
Finally, it should be mentioned that the flow rule implemented adopts a form similar to the yield 
function and it is controlled by an additional parameter, the dilation angle (). Depending of its value 
the plasticity can be associated, 𝜓 = 𝜙′, or non-associated, where the dilation angle can vary from 0 to 
𝜙′. 
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Figure 4.1 – Nonlinear Mohr-Coulomb envelope 
4.4.3 IMPERIAL COLLEGE GENERALISED SMALL STRAIN STIFFNESS MODEL 
The importance of characterising adequately the small strain stiffness behaviour of soils has already 
been highlighted by several researchers (Jardine et al., 1986; Burland, 1989; Atkinson, 2000; Clayton, 
2011) as mentioned in the previous chapters. The first constitutive laws that aimed to reproduce that 
behaviour date from the late 1970’s and since then several small strain stiffness models have been 
proposed (Benz, 2006). Although those models have the same general purpose they differ essentially in 
their approach to the problem, as part of them were developed for modelling the cyclic behaviour of 
soils (Finn et al., 1977; Puzrin & Shiran, 2000) while others focused more on the monotonic conditions 
(Jardine et al., 1986; Simpson, 1992; Puzrin & Burland, 1998; Benz, 2006). As a result, the cyclic models 
usually tend to focus on the reproduction of the hysteretic behaviour while in the monotonic models 
the main aim is to model the stiffness degradation and the volumetric behaviour. 
In order to capture and merge the capabilities of both of these types of models a new numerical model 
was developed and implemented into ICFEP, the Imperial College Generalised Small Strain Stiffness 
(ICGSSS) model. This new model assumes an elastic and isotropic behaviour and that there is a nonlinear 
relationship between the stiffness of the material and the deformation level. The stiffness is defined 
based on two distinct components, the tangent shear and bulk moduli. Their variation with the 
deviatoric and volumetric strain, respectively, follows identical but independent expressions. Moreover, 
the dependency of the bulk stiffness can be replaced by a more simple approach by assuming a constant 
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value for the Poisson’s ratio. In order to account for the unloading/reloading behaviour the model allows 
the selection of 3 distinct approaches regarding the strain path: as current strain level, where the 
stiffness decreases or increases depending on whether the value of current strain increases or 
decreases, respectively; as continuous deformation level, where the stiffness continuously decrease 
since it is based on the accumulated value of every strain step, regardless of its direction; and finally as 
in cyclic mode, where the maximum stiffness of the soil is reactivated when a strain reversal is detected 
and the stiffness degradation is only resumed in the following step. Although each approach has its 
merits and drawbacks it was decided to employ the cyclic mode in the present work, since it replicates 
a behaviour which is more in agreement with what is observed in laboratory and field tests. Other 
features, such as the inclusion of stress-induced anisotropy, are also implemented in the new model 
but, as they were not employed in the analyses, they will not be described in detail.  
In the model, the calculation of the shear stiffness involves two stages, the determination of the 
maximum tangent shear modulus, 𝐺𝑚𝑎𝑥, and the evaluation of the degradation based on deviatoric 
strain history. An equivalent procedure is adopted for the determination of the tangent bulk stiffness, 
𝐾𝑚𝑎𝑥. The maximum tangent shear modulus is calculated using equation 4.4, which is based on the 
power law equation originally proposed by Hardin and Black (1968). In the present case 𝐺𝑚𝑎𝑥  is defined 
as being a function of the void ratio, 𝑓(𝑒), and of the mean effective stress, 𝑝′. The 𝐺0 and 𝑚𝐺  in the 
equation are constants to determine from the data, while 𝑝′𝑟𝑒𝑓 is a reference pressure. Other factors 
have been considered in the literature as having some influence on the maximum tangent shear 
modulus (Benz, 2006), such as OCR and plasticity, but since their impact is difficult to quantify and in 
most cases problem dependent, it was decided not to include them in the formulation. To quantify the 
influence of the void ratio 4 different options were implemented based on a literature survey carried 
out by Taborda (2011). The first consists of disregarding the void ratio effect (equation 4.6) while the 
remaining options depend on its value, which can be either updated during the analysis or set to remain 
equal to its initial value. In the last 2 options (equations 4.8 and 4.9) an additional parameter, 𝑓𝑒,𝑘, is 
required. As mentioned, the evaluation of the 𝐾𝑚𝑎𝑥 is performed using an identical equation (4.5). 
However, in this case only the constants 𝐾0 and 𝑚𝐾 need to be calibrated since the remaining 
parameters have to be set equal to those defined for the maximum shear stiffness. 
 𝐺𝑚𝑎𝑥 = 𝐺0 ∙ 𝑓(𝑒) ∙ (
𝑝′
𝑝′𝑟𝑒𝑓
)
𝑚𝐺
 4.4 
 𝐾𝑚𝑎𝑥 = 𝐾0 ∙ 𝑓(𝑒) ∙ (
𝑝′
𝑝′𝑟𝑒𝑓
)
𝑚𝐾
 4.5 
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𝑓(𝑒) = 1 4.6 
 
𝑓(𝑒) =
1
0.3 + 0.7 ∙ 𝑒2
 4.7 
 
𝑓(𝑒) =
𝑓𝑒,𝑘 − 𝑒
2
1 + 𝑒
 4.8 
 
𝑓(𝑒) = 𝑒−𝑓𝑒,𝑘  4.9 
The expressions employed to determine the tangent shear and bulk stiffness degradation curves 
are identical and based on the modified-hyperbolic equation proposed by Matasovic and Vucetic 
(1993) (equations 4.10 and 4.11). For the definition of the curves at least 6 additional parameters, 
3 for each curve, have to be set. The 𝑅𝐺,𝑚𝑖𝑛 and 𝑅𝐾,𝑚𝑖𝑛 that control the position of the lower plateau 
of the curve, i. e., the percentage of the maximum degradation possible in comparison with the 
maximum value of Gmax and Kmax. The pairs of parameters a, r and b, s allow the translation and rotation 
of the degradation curves, respectively. In addition, it is possible to include in the model the effect of 
the mean stress on the degradation as proposed by Darendeli (2001). In this case the parameters a, r 
are defined by equations 4.12 and 4.13 and 3 pairs of additional parameters have to be established, a0, 
r0, a1, r1 and a2, r2, as the reference pressure, 𝑝′𝑟𝑒𝑓, has to be set equal to that defined for the maximum 
stiffness values. Lastly, and in order to avoid potential numerical instabilities a minimum value for the 
shear, 𝐺𝑚𝑖𝑛, and bulk, 𝐾𝑚𝑖𝑛, moduli need to be set, as well as a minimum deformation level, below 
which no strain reversals are detected. 
 
𝐺𝑡𝑎𝑛 = 𝐺𝑚𝑎𝑥 ∙ (𝑅𝐺,𝑚𝑖𝑛 +
(1 − 𝑅𝐺,𝑚𝑖𝑛)
1 + (
𝐸𝑑
𝑎 )
𝑏 ) ≥ 𝐺𝑚𝑖𝑛 4.10 
 
𝐾𝑡𝑎𝑛 = 𝐾𝑚𝑎𝑥 ∙ (𝑅𝐾,𝑚𝑖𝑛 +
(1 − 𝑅𝐾,𝑚𝑖𝑛)
1 + (
𝐸𝑑
𝑟 )
𝑠 ) ≥ 𝐾𝑚𝑖𝑛 4.11 
 𝑎 = 𝑎0 + 𝑎1 ∙ (
𝑝′
𝑝′𝑟𝑒𝑓
)
𝑎2
 4.12 
 𝑟 = 𝑟0 + 𝑟1 ∙ (
𝑝′
𝑝′𝑟𝑒𝑓
)
𝑟2
 4.13 
CALIBRATION AND VALIDATION OF THE GEOTECHNICAL PARAMETERS 4 
 
 
 184 
 
4.5 CALIBRATION OF THE GEOTECHNICAL PARAMETERS BASED ON THE 
LABORATORY DATA 
4.5.1 GENERAL ASPECTS 
In order to employ adequately any given constitutive model it is essential to understand its 
characteristics and limitations. In addition, it is necessary to perform a suitable calibration of its 
parameters so that the desired aspects of soil behaviour can be appropriately modelled. As mentioned 
previously the definition of a calibration strategy is in that case paramount, particularly when the fitting 
is performed based on a trial and error procedure and there are multiple parameters to estimate. 
Another additional difficulty in the process concerns the fact that several parameters usually lack 
physical meaning and, consequently, cannot be directly estimated based on laboratory or field data. In 
this case the utilisation of optimisation techniques can improve significantly the fitting and, 
simultaneously, minimise the time spent on the calibration process. However, the use of optimisation 
techniques operating as “black boxes” can produce misleading and unrealistic results when other 
aspects of the soil behaviour are simulated, as demonstrated by Taborda et al. (2008). As a consequence 
several researchers employ instead a hierarchical approach, where each parameter is estimated 
sequentially, and the order is set by its physical relevance and also by its independency from other 
values (Loukidis & Salgado, 2009; Gallipoli et al., 2010).  
In the present work a mixture of both strategies was adopted when estimating the set of parameters 
required for each formation. Primarily, a first hierarchical order was established for different 
components that characterise the soil behaviour, starting with the strength properties, the stiffness 
parameters and finally the permeability coefficients. Inside each component a second hierarchical order 
was defined so that the parameters with physical meaning were defined first, directly or through the 
least square method, followed by the mathematical constants that were determined using genetic 
algorithms. Lastly, some parameters were estimated based on a trial and error procedure, in which the 
results from the numerical analysis were compared with those measured in the laboratory and field 
tests. It should be noted that in the absence of appropriate data, particularly for the layer of fill, some 
of the parameters were estimated based on empirical correlations and on works published in the 
literature for formations with similar characteristics. 
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4.5.2 STRENGTH PARAMETERS 
4.5.2.1 Failure criterion 
(a) Fill 
There are not many results in the literature of tests performed on the fill layer, essentially because this 
material is often removed at the beginning of the works and, consequently, is not usually considered 
for design purposes. The only available results were obtained from the geological survey conducted by 
Cenorgeo (2008), where 4 SPTs were carried out. The obtained values varied from 28 to 60 blows, with 
a characteristic value of 35, confirming the heterogeneous nature of this layer. Without any other results 
available it was decided to adopt a simple Mohr-Coulomb failure criterion for this layer, with the 
parameters being defined based on empirical correlations and charts proposed in the literature. Due to 
its sandy nature a cohesion of zero was adopted, while the angle of shearing resistance was estimated, 
according to Bowles (1996), to be 35º, which was also the value assumed by Cenorgeo (2008) for the 
design of the Ivens shaft. 
(b) “Areolas da Estefânia” formation (AE) 
The Nonlinear Mohr-Coulomb failure criterion was selected to define the yielding surface of the 
“Areolas da Estefânia” formation. Its employment was considered the most appropriate since the 
yielding results of the triaxial tests performed in this layer were distributed over a significant range of 
stresses and, consequently, any existent dependency of the shear strength on the stress level could be 
to be captured. In order to calibrate the 4 parameters required by this model the genetic algorithm 
program NT.CFit v3.5 was employed. In total 23 data points were used in the fitting, corresponding to 
the 14 triaxial tests performed by the author and the 9 executed by Cenorgeo (2008). These points were 
selected assuming that failure occurred when the highest ratio between the maximum and the 
minimum principal stress ((’1/’3)max) was achieved during the triaxial tests.  
The parameters obtained in the calibration are displayed in Table 4.1 and their fitting to the triaxial data 
can be visualised in Figure 5.8. As it can be seen there is a good agreement between the model and the 
data, and the parameters estimated can reproduced accurately the soil yielding both in compression 
and extension. No cohesion was estimated for the AE formation, while the basic angle of shear 
resistance, 𝜙′𝑏, was 35.3º. A total variation of 14.7º was determined for the angle of shear resistance 
while the reference pressure estimated was 160 kPa. 
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Table 4.1 – Nonlinear Mohr-Coulomb failure criterion parameters for the AE formation 
Formation c’ (kPa) 'b (º) ’ (º) p’N (kPa) 
“Areolas da Estefânia” (AE) 0.0 35.3 14.7 160.0 
 
 
Figure 4.2 – Fitting of the Nonlinear Mohr-Coulomb failure criterion to the AE formation data 
(c) Limestone layer 
The limestone layer, due to its rocky nature, was analysed separately from the AE formation, as an 
individual material. Nevertheless, the model selected to define the yielding surface of the layer was still 
the Nonlinear Mohr-Coulomb since the Hoek-Brown failure criterion (Hoek et al., 2002), more 
frequently used to describe the yielding of rocks, is not currently implemented in ICFEP. However, 
despite the differences between the two models, they are actually similar since in both the failure 
envelope is nonlinear and dependent of the confining pressure. Consequently, the calibration strategy 
for defining the failure envelope of the limestone layer consisted of two steps: (1) estimating the 
parameters for the Hoek-Brown failure criterion and (2) fitting the Nonlinear Mohr-Coulomb model to 
the curved envelope previously defined using the genetic algorithm program. 
In order to describe the yielding behaviour observed in rock masses Hoek and Brown (1980) proposed 
a generalised failure criterion in the form of a power law equation expressed in terms of the maximum 
and minimum principal effective stresses (equation 4.14). The expression is also dependent on the 
uniaxial compressive strength of the intact rock, 𝜎𝑐𝑖, and on 3 additional parameters, 𝑚𝑏, 𝑠, 𝑎, which 
account for discontinuities in the rock mass. These last constants can be determined using equations 
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4.15 to 4.17, which were modified from the original expressions by Hoek et al. (2002) so that they 
become continuous and differentiable and, consequently, easier to implement in a numerical code. In 
order to solve those equations, 3 extra parameters have to be estimated, meaning that for the definition 
of the Hoek-Brown failure criterion a total of 4 parameters are required: the uniaxial compressive 
strength (𝜎𝑐𝑖) and the constant (𝑚𝑖) of the intact rock, which account for the strength of the rock; the 
geological strength index, 𝐺𝑆𝐼, which classifies the condition of the discontinuities and structure of the 
rock mass; and finally a factor, 𝐷, which depends on the expected degree of disturbance in the rock 
mass caused by the construction sequence. 
 
𝜎′1 = 𝜎′3 + 𝜎𝑐𝑖 ∙ (𝑚𝑏 ∙
𝜎′3
𝜎𝑐𝑖
+ 𝑠)
𝑎
 4.14 
where: 
 
𝑚𝑏 = 𝑚𝑖 ∙ 𝑒𝑥𝑝 (
𝐺𝑆𝐼 − 100
28 − 14 ∙ 𝐷
) 4.15 
 
𝑎 =
1
2
+
1
6
∙ (𝑒−𝐺𝑆𝐼/15 − 𝑒−20/3) 4.16 
 
𝑠 = 𝑒𝑥𝑝 (
𝐺𝑆𝐼 − 100
9 − 3 ∙ 𝐷
) 4.17 
The uniaxial compressive strength of the intact rock was estimated based on the laboratory tests 
performed by the author and by Cenorgeo (2008) and which relevant results were presented in the 
previous chapters. A total of 14 tests were considered and the average value of 6.5 MPa was assumed 
as representative of the limestone layer intact strength. The second parameter, 𝑚𝑖, was estimated 
based on the tables presented by Marinos and Hoek (2000). This constant, which can be determined 
through triaxial tests (Hoek, 2007), depends on the type and texture of the intact rock. For a fine 
limestone a value of 8 is recommended. The third parameter to quantify is the 𝐺𝑆𝐼, which varies from 
0 to 100 depending on the structure of the rock and on the surface conditions of the discontinuities, 
with 0 representing a laminated and sheared rock with very poor surface conditions and 100 an intact 
rock mass. Based on the guidelines provided by Marinos and Hoek (2000) a value of 35 was selected 
since the limestone layer presented a blocky structure, with several fossils and moderately weathered 
discontinuities. Finally, it was assumed that no significant disturbance of the rock mass properties would 
occur due to the excavation since all equipment is mechanical and, consequently, a disturbance factor 
(𝐷) of 0 was adopted.  
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Having defined these 4 parameters it was possible to apply equation 4.14 and determine the Hoek-
Brown failure envelope. However, for the calibration of the Nonlinear Mohr-Coulomb failure envelope 
a further assumption was needed, as the two models are defined in different stress spaces, p’-q for 
Nonlinear Mohr-Coulomb and ’1-’3 for Hoek-Brown. In order to determine the mean effective stress 
from the major and minor principal stresses an earth pressure coefficient equal to 1 was adopted, based 
on the results of the self boring pressuremeter tests. The fitting between the two failure criteria was 
then performed using genetic algorithms. The parameters estimated are displayed in Table 4.2 and the 
corresponding envelopes depicted in Figure 4.3. The resulting agreement between the two models is 
very good, particularly at lower stresses. The cohesion estimated was equal to 0 while the base angle of 
shear resistance was 19.2º. The results also reveal a significant influence of the confining pressure on 
the shear strength, as a total variation of the angle of shear resistance of 55º was estimated. 
Table 4.2 – Nonlinear Mohr-Coulomb failure criterion parameters for the Limestone layer 
Formation 
Hoek et al. (2002)  Nonlinear Mohr-Coulomb 
GSI D ci (MPa) mi  c’ (kPa) ’b (º) ’ (º) p’N (kPa) 
Limestone 35 0 6.5 8  0.0 19.2 55.0 480.0 
 
 
Figure 4.3 – Fitting of the Nonlinear Mohr-Coulomb failure criterion to the Limestone data 
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(d)  “Argilas e Calcários dos Prazeres” formation (AP) 
In the case of the “Argilas e Calcários dos Prazeres” formation the Mohr-Coulomb failure criterion was 
adopted instead of a more advanced model, mainly due to the significant scatter observed within the 
results of the triaxial tests. As mentioned in the previous chapter, those differences led to the 
subdivision of the AP formation in 2 layers. A top layer, APT, in the transition between the Miocene 
strata, which presented a weaker behaviour conditioned by the presence of fossils; and a bottom layer, 
APB, where the clay was more compact, resistant and consolidated. The yielding points of several triaxial 
tests performed in the AP formation by the author, by Marques (1998) and by Cenorgeo (2008) are 
depicted in Figure 4.4. The black squares represent the tests performed on samples retrieved at more 
than 37 m depth in the APB layer, while the blank squares (compression tests) and triangles (extension 
tests) are the results of the tests performed in the APT layer, at lower depths. From this figure it is 
possible to observe that the results from the APT layer show consistently lower shear strength in 
compression and that there is still some scatter within the two layers.  
However, the fitting of a linear strength envelope performed on the two sets of data revealed an 
identical gradient of the envelopes in compression, indicating that the angle of shearing resistance 
should be similar in both layers, with the APB presenting a higher value of cohesion. These results are 
in close agreement with the proposed geological model. The similarity of the angle of shearing 
resistance is most likely related to the identical particle size distribution and mineralogical composition 
that both layers have, as shown in Chapter 3. In contrast, the differences in structure, caused by the 
presence of fossils and weathering, are likely to be responsible for the lower cohesion presented by the 
APT layer. 
The strength parameters for both layers are summarised in Table 4.3. The quality of the fitting in Figure 
4.4, both in compression and in extension, is reasonable, with the coefficient of determination, R2, being 
0.83 or higher. A value of 28.4º was estimated for the angle of shearing resistance of the AP formation, 
which is lower than the 33º proposed by Marques (1998). However, the cohesion obtained by this 
regression is higher, resulting in a similar overall shear strength. 
Table 4.3 – Mohr-Coulomb failure criterion parameters for the AP formation 
Formation c’ (kPa) ’ (º) 
APT 40.0 28.4 
APB 200.0 28.4 
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Figure 4.4 – Fitting of the Mohr-Coulomb failure criterion to the AP formation data 
4.5.2.2 Dilation angle 
The Miocene formations experienced some dilation during triaxial shearing. The importance of dilation 
in the shear strength of soils is widely recognised (Bolton, 1986; Houlsby, 1991) and, consequently, it 
was decided to incorporate its effect in the numerical analysis. The dilatancy is usually expressed as the 
ratio between the volumetric strain rate and the shear strain rate and can be assessed through the 
results of drained triaxial tests, since in such conditions the volumetric strain is recorded during the test. 
The use of the Mohr-Coulomb failure criterion, or of its nonlinear version, makes the assessment of the 
dilation angle, 𝜓, direct since in this model the post-yielding volumetric response is only dependent on 
the value of 𝜓 and is given by equation 4.18. 
 
𝑡𝑎𝑛 (
|∆𝜀𝑎|
∆𝜀𝑣
) =
2 ∙ sin(𝜓)
1 − sin(𝜓)
 4.18 
In order to determine the dilation angle of the AE formation the volumetric response of the 9 drained 
triaxial tests was plotted in Figure 4.5a). In this figure, part of the curves with a constant |∆𝜀𝑎|/∆𝜀𝑣 
gradient is taken for determination of the angle of dilation. For the majority of them this gradient is 
similar, resulting in a 𝜓 of 11.6º, as marked in the figure. An identical procedure was applied to the 3 
drained triaxial tests performed in the AP formation (Figure 4.5b)). In this case, and since the formation 
was divided in two, there was only one test performed in the APT layer to assess the dilation angle and, 
consequently, its value of 4.0º was adopted as representative of the layer. The 2 tests performed in the 
APB layer presented some differences in volumetric behaviour, however, both tests had a similar 
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dilation gradient, resulting in an average value of 14.2º for the dilation angle of this layer. It should be 
noted that the constant volumetric gradient in the latter part of the curves is, most likely, related to the 
formation of shear bands, which cannot be modelled using the Mohr-Coulomb failure criterion. 
For the other formations of the Ivens shaft ground profile, fill and limestone, no tests were available to 
estimate the dilation angle and consequently the values adopted were based on the literature and on 
the experience gained from working with similar materials. For the fill a dilation of 5º was chosen while 
for the limestone layer a 0º dilation angle was adopted due to the brittle nature of this type of material. 
The values selected for all formations are displayed in Table 4.4. 
 
 a) b) 
Figure 4.5 – Estimation of the dilation angle: a) AE formation; b) AP formation 
Table 4.4 – Dilation angles adopted for the different layers 
Formation Fill AE Limestone APT APB 
Dilation angle,  (º) 5.0 11.6 0.0 4.0 14.2 
4.5.3 STIFFNESS PARAMETERS 
4.5.3.1 Fill 
The stiffness of the fill layer was assumed to be perfectly elastic, defined by a Poisson’s ratio and an 
effective Young’s modulus, since the employment of a more advanced stiffness model was not suitable 
due to the lack of any test results. As a consequence the parameters were estimated based on empirical 
correlations and tables presented in the literature (Bowles, 1996) and on the experience gained from 
working with similar materials. For the Poisson’s ratio a value of 0.3 was adopted, in accordance with 
CALIBRATION AND VALIDATION OF THE GEOTECHNICAL PARAMETERS 4 
 
 
 192 
 
the range of values suggested by Bowles (1996) for a medium to dense sandy soil. For the assessment 
of the deformability modulus, several empirical correlations between the effective Young’s modulus 
and the number of SPT blows (Bowles, 1996) were initially employed in order to define a reference 
range. For a characteristic value of 35 blows the available correlations estimate an interval varying from 
10 to nearly 80 MPa. Therefore, and without any other information available, it was decided to adopt 
an effective Young’ modulus of 20 MPa, which was the value assumed in the design and which is inside 
the above range. 
4.5.3.2  “Areolas da Estefânia” formation (AE) 
The model selected for describing the stiffness of the AE formation was the ICGSSS. The calibration of 
this model followed a step-by-step methodology, where the parameters were determined hierarchically 
according to their relevance and independence from other constants. To improve the quality of the 
fitting the least of squares method and genetic algorithms were employed in different stages of the 
calibration. However, for the last stages it was necessary to use a trial and error approach in order to 
select comparatively the parameters that produced the best fitting. In the calibration process only the 
results of the triaxial tests performed by the author were used, since the small strain stiffness data of 
the remaining tests was limited. 
(a) Calibration of the maximum shear stiffness 
The first stage of the calibration consisted of the determination of the parameters that define the 
maximum shear modulus. Those can be directly estimated from the results of the bender element tests 
since these relate the shear modulus to the mean effective stress, as required by equation 4.4. From 
the 3 bender element tests performed on the AE formation only 2 were considered in the calibration, 
as the results of the third test (BE-AE-21.5) were unreliable due to the interpretation difficulties 
mentioned in the previous chapter. By analysing the results of the 2 remaining tests (Figure 3.50) it was 
possible to verify that the influence of the void ratio appeared to be marginal, since both tests presented 
identical results despite having different initial void ratios (Table 3.13). Based on these results the 
influence of the void ratio in the model was not considered (equation 4.6). With this option the 
parameters required to calibrate the maximum shear modulus were reduced to only 3. From these the 
reference pressure could be set independently and so a value of 100 kPa was adopted in the calibration 
for simplicity reasons. The 2 remaining parameters, G0 and mG, were simply estimated using the least 
square method. The obtained values are displayed in Table 4.5 while the good quality of the fitting 
to the bender element data can be visualised in Figure 4.6.  
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Table 4.5 – Parameters for the definition of the maximum shear stiffness of the AE formation 
Formation G0 (kPa) mG p’ref (kPa) 
AE 72450.0 0.509 100.0 
 
Figure 4.6 – Fitting of the maximum shear modulus of the AE formation 
(b) Calibration of the shear stiffness degradation curve 
The next stage in the calibration consisted of the estimation of the parameters of the stiffness 
degradation curve (equation 4.10). In order to reproduce the small strain stiffness behaviour accurately 
all the results of the 14 triaxial tests performed in the AE formation were used in the fitting (Figure 3.34). 
Since the tests were executed at different stress levels it was also possible to calibrate the influence of 
the mean stress in the degradation by using equation 4.12. 
In order to optimise the fitting of the 5 parameters (RG,min, b, a0, a1, and a2) required for the definition 
of the degradation curve the genetic program NT.CFit v3.5 was applied. The parameters corresponding 
to the best fit obtained by the software are presented in Table 4.6. As illustrated in Figure 4.7, a good 
agreement between the triaxial data and the model was achieved for all the different stress levels tested 
and throughout the entire strain range. 
Table 4.6 – Parameters of the shear stiffness degradation curve of the AE formation 
Formation 
Shear stiffness degradation 
a0 a1 a2 b RG,min 
AE 2.80E-8 4.24E-5 1.193 0.690 0.001 
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Figure 4.7 – Fitting of the shear stiffness degradation curve of the AE formation 
(c) Calibration of the bulk stiffness 
As previously introduced the bulk stiffness component of the model is independent of the shear 
behaviour and consequently it is possible to calibrate it separately once the reference pressure and the 
void ratio function have being defined. Since these two parameters have already being established in 
stage one of the calibration, the next step of the process consisted of the estimation of the maximum 
bulk stiffness. However, in this case this component could not be determined directly since the 
relationship between the bulk modulus and the mean effective stress was unknown. To overcome this 
lack of data it was assumed that both shear and bulk moduli increased with the mean stress in a similar 
manner. As a result of this assumption the exponent in equation 4.5 (𝑚𝐾) was considered equal to the 
exponent determined for the shear modulus (𝑚𝐺). The estimation of the second constant (𝐾0) was 
performed simultaneously with the fitting of the bulk stiffness degradation curve (equation 4.11), since 
the genetic algorithm software employed has the ability to consider equations 4.5 and 4.11 together. It 
should be noted that the exponent 𝑚𝐾 could also have been determined using the genetic program. 
However, with the lack of data, it appeared more reasonable to assume its value to be the same as the 
value of 𝑚𝐺  and hence equal to 0.509 (see Table 4.5). The remaining 6 parameters (𝐾0, RK,min, s, r0, r1, 
and r2) were optimised. The results of the 3 isotropic compression tests performed in the AE formation 
were used in the calibration. However, the unloading data (U – unloading and FU – final unloading) was 
weighted by a factor of 2 since this is the expected predominant stress path in the Ivens shaft case study, 
while a factor of 1 was assumed for the loading data (L – loading and R – reloading). The results of the 
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optimisation are presented in Table 4.7. In Figure 4.8 it is possible to verify the good agreement between 
the data from test I-AE-08.5 and the model. Similar results were obtained for the 2 other isotropic 
compression tests, showing that the options adopted, a fixed value of 𝑚𝐾 and predominantly unloading 
path, did not appear to jeopardise the quality of the fitting.  
Table 4.7 – Bulk stiffness parameters of the AE formation 
Formation 
Maximum bulk stiffness  Bulk stiffness degradation 
K0 (kPa) mK  r0 r1 r2 s RK,min 
AE 70604.0 0.509  1.16E-7 2.73E-4 1.684 0.505 0.020 
 
Figure 4.8 – Fitting of the bulk stiffness degradation curve of the AE formation 
(d) Calibration of the minimum values of the bulk and shear moduli 
In the ICGSSS model minimum values of the shear and bulk moduli have to be defined in order to avoid 
potential numerical instabilities that may occur when stiffness degradation approaches small magnitude 
of stiffness at large strains. In order to calibrate the minimum moduli a trial and error approach was 
followed, since their influence cannot be easily described by an equation, making the use of 
optimisation methods more complex. As a consequence the strategy adopted consisted of numerical 
reproduction of several isotropic and triaxial tests using ICFEP, assuming different values for the Kmin 
and Gmin moduli. The obtained numerical results for all tests were then compared with the laboratory 
data and the value that produced the best overall fit was selected as representative. The details of the 
numerical modelling performed will be addressed later. 
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The minimum bulk modulus was initially estimated based on the results of the isotropic compression 
tests. Since in this test there is no coupling between the volumetric and shear behaviour is possible to 
assess the influence of the minimum bulk modulus independently. Values of Kmin ranging from 1000 to 
20000 KPa were tested and the 3 isotropic compression tests were employed in the analysis. The 
obtained results for the extreme values of Kmin tested are presented in Figure 4.9 for 2 of the tests. The 
figure reveals that in both tests the influence of the minimum bulk modulus occurs essentially during 
the unloading path for mean effective stresses smaller than 200 kPa. For the smaller value of Kmin, 
1000 kPa, an unrealistic negative volumetric strain was determined during the unloading, while for the 
highest value of Kmin, 20000 kPa, an unnatural inversion of the concavity was obtained for the same 
path. These results have a significant impact on the value of the irreversible deformation, which in turn 
is reflected in the shift suffered by the isotropic compression line when reloading occurs (Figure 4.9a)). 
The considerable difference observed in the loading path of the test I-AE-21.5 is probably caused by the 
different weight factor used in the calibration of the bulk stiffness degradation curve, since the 
unloading path is reasonably reproduced. Based on these results a minimum bulk modulus of 10000 kPa 
was selected, as a compromise between the above two extreme values, since produced a more realistic 
behaviour, which is illustrated in Appendix F for all the isotropic compression tests. 
 
 a) b) 
Figure 4.9 – Evaluation of the Kmin of the AE formation based on the isotropic compression tests: a) I-AE-18.0; b) 
I-AE-21.5 
After the estimation of the minimum bulk modulus it was possible to apply the same methodology to 
the results of the triaxial tests in order to define the minimum shear modulus for the model. In all the 
analyses a minimum bulk modulus of 10000 kPa was used, while the minimum shear modulus varied 
between 1000 and 10000 kPa. The obtained results for the two extreme values are displayed in Figure 
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4.10 for one test in compression and one in extension. As can be seen, the minimum shear modulus 
affects the stiffness of the stress-strain response (Figure 4.10a)) but, more importantly, also the yielding 
strain (Figure 4.10b)), which varies significantly depending on the value adopted. Based on the 
comparison between the triaxial tests and the numerical simulations performed a value of 5000 kPa was 
selected for the minimum shear modulus. The reproduction of the triaxial tests using this value will be 
presented later in this chapter and can be found in Appendix F for all triaxial tests. 
 
 a) b) 
Figure 4.10 – Evaluation of the Gmin of the AE formation based on the isotropic compression tests: a) stress-
strain curve; b) volumetric behaviour 
(e) Calibration of the minimum strain increment for reversal detection 
One of the advantages of the ICGSSS model is that it can detect a reversal in the stress-strain path and 
hence reproduce the appropriate change in stiffness upon reversal. However, the problem with this 
type of models is to ensure that the detected reversal is real and not a consequence of small numerical 
instabilities of the solution algorithm. For this reason an appropriate increment of strain change has to 
be set in order to detect the reversals more accurately. 
In order to determine the minimum strain increment on reversal, several numerical simulations of the 
self-boring pressuremeter tests were employed. In these tests the horizontal pressure is controlled and 
typically 2 loading-unloading loops are performed at given pressures or cavity strains. Consequently the 
reversals are perfectly identified in the stress-strain path, making this is an ideal test for evaluating the 
minimum strain change required to detect all the known reversals. For simplicity, in the simulation of 
all tests a stress reversal was imposed every 200 increments, varying only the value of the pressure 
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applied per increment in order to reproduce the conditions of the given SBPT. The complete details of 
the modelling of the SBPT will be addressed later in this chapter and only the representative results of 
2 tests will be presented at this stage.  
In Figure 4.11 the development of the tangent shear modulus, Gtan, with the number of increments 
applied in simulations of the 2 SBPT performed in the AE formation is plotted for 3 levels of strain 
change. The results clearly show that for the smallest strain level considered (1E-4 %) multiple reversals 
(peaks of stiffness) were detected that were not originally imposed. The number of these reversals 
tended to increase significantly in the reload and final unload paths and are associated with stages were 
yielding was observed. In both tests in Figure 4.11 and for this smallest strain increment considered, 
more than 30 reversals were detected instead of the 7 and 5 originally imposed for the S9T4 and S10T4 
tests, respectively. A significant improvement in the results was obtained with the strain increment set 
to 1E-2 (%) with only 2 more reversals detected in each test in comparison with those imposed originally. 
In contrast when the highest strain increment (1E0 %) was used only 2 reversals were detected in each 
test through the entire simulation, meaning that this strain level was too high. From the analysis of the 
results of all the simulations performed, a minimum strain increment of 1.5E-2 % was considered to be 
adequate, since with this value in the majority of the cases the number and position of the reversals 
was correctly identified, with a maximum of 2 reversals wrongly detected in a few tests. 
 
 a) b) 
Figure 4.11 – Evolution of the Gtan during the numerical simulation of SBP tests performed on the AE formation: 
a) S9T4; b) S10T4 
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The performance of these simulations highlighted the importance of the choice of the adequate strain 
change. The advantage of this model in detecting the reversals can however be a drawback if this 
parameter is not assessed properly, since the stiffness can be highly over or underestimated. In contrast, 
the more traditional small strain stiffness models usually do not account for reversals and consequently 
the stiffness does not increase during the analyses, which can lead to an overestimation of the 
deformations. 
(f) Estimation of the Poisson’s ratio 
As previously discussed, some of the existing small strain stiffness models specify only the variation of 
the shear modulus and the magnitude of the Poisson’s ratio as model parameter. In such models the 
bulk modulus is calculated directly from the shear modulus and Poisson’s ratio, implying a constant ratio 
between shear and bulk moduli, which may not be realistic. On the other hand, the ICGSSS model allows 
independent input of the shear and bulk moduli (as shown by the calibrations at the beginning of this 
section), hence allowing also a non-constant Poisson’s ratio, i. e. dependent of both the stress and strain 
levels. This section examines the values of the Poisson’s ratio that result from the adopted shear and 
bulk stiffness curves. Equation 4.19 is utilised to calculate the value of 𝜈 from given values of the bulk 
(Ktan) and shear (Gtan) moduli at different values of the mean effective stress. Moreover, Monte Carlo 
simulations were performed with randomly chosen shear and volumetric strains to calculate the 
respective moduli using the performed calibrations. In order to have a representative analysis a total of 
1 million simulations were performed for each of the chosen mean effective stress values (100, 200, 
300, 400 and 500 kPa).  
 
𝜈 =
3 ∙ 𝐾𝑡𝑎𝑛 − 2 ∙ 𝐺𝑡𝑎𝑛
2 ∙ (3 ∙ 𝐾𝑡𝑎𝑛 + 𝐺𝑡𝑎𝑛)
 4.19 
The results of the frequency obtained per Poisson’s ratio interval are depicted in Figure 4.12. From the 
figure it is possible to verify that a peak occurs in the 0.1-0.15 interval for all the mean stresses tested, 
indicating that this is the most representative Poisson’s ratio range for this material. 
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Figure 4.12 – Estimation of the Poisson’s ratio of the AE formation 
4.5.3.3 Limestone layer 
Assessing the stiffness properties of a rock mass is a complex task that is often more based on 
accumulated experience with similar materials than on results of tests. The difficulties in retrieving 
representative samples of the rock mass limit severely the employment of laboratory tests and, 
consequently, these are normally performed in order to evaluate the characteristics of the intact rather 
than jointed rock. As a result the use of field tests to assess the deformability of a rock mass is more 
common and approximate since these usually involve large volumes which include both the intact rock 
and any discontinuities (Pedro, 2007). However, the time required for their performance, the cost and 
the uncertainty of the results are major disadvantages that often lead to their exclusion from the 
geotechnical site investigation. In contrast, indirect methods such as empirical correlations are widely 
employed in practice for assessing the deformability of rock masses (Kayabasi et al., 2003). Various 
empirical expressions can be found in literature, which correlate the effective Young’s modulus with 
different parameters, such as rock mass classifications, degree of weathering, uniaxial compressive 
strength, etc (Pedro, 2007). It should be, however, noted that all these expressions have limitations and 
uncertainties since they were derived for specific conditions and limited data. Consequently, their 
generalised application may lead to an unrealistic and unsafe estimation of the deformability. 
In this study, without having any experimental results on the global rock mass the deformability of the 
limestone layer was estimated from empirical correlations. In particular, a correlation with the effective 
Young’s modulus of the intact rock (Ei), the GSI and the disturbance factor (D), as proposed by Hoek and 
Diederichs (2006) (equation 4.20), was selected, as it is based on a large number of data, including tests 
CALIBRATION AND VALIDATION OF THE GEOTECHNICAL PARAMETERS 4 
 
 
 201 
 
on limestone, and because it requires an estimative of the modulus of the intact rock which can be 
measured with some certainty. Based on the results of 14 uniaxial compression tests on limestone 
samples, performed by the author and by Cenorgeo (2008), an average value of 2250 MPa was obtained 
and adopted as the intact modulus of the limestone (Ei). With this parameter defined, using equation 
4.20 the effective Young’s modulus of the limestone layer (Em) was estimated as being 250 MPa. 
According to the recommendation of Gercek (2007) a value of 0.2 was adopted for Poisson’s ratio of the 
layer. 
 𝐸𝑚 = 𝐸𝑖 ∙ (0.02 +
1 − 𝐷/2
1 + 𝑒(
60+15∙𝐷−𝐺𝑆𝐼
11 )
) 4.20 
4.5.3.4  “Argilas e Calcários dos Prazeres” formation (AP) 
The stiffness of the AP formation was also represented by the Imperial College Generalised Small Strain 
Stiffness (ICGSSS) model. A distinction between the APT and APB layers was considered in the 
calibration, which led to the fitting of distinct shear stiffness degradation curves. However, it was not 
possible to have a similar distinction for the bulk modulus curves since only one isotropic compression 
test was performed in the AP formation. As a result the bulk stiffness was assumed to be equal for both 
layers. Also, the calibration did not consider the influence of the mean stress on the shear stiffness 
degradation curves since the triaxial data from both layers was concentrated on a specific stress level 
(i.e. depth of sampling). Apart from these differences the strategy followed in the calibration process 
was identical to that described for the AE formation.  
(a) Calibration of the maximum shear stiffness 
The calibration of the maximum shear stiffness was also based on the results of bender element tests 
carried out on samples from the AP formation. From the 2 bender element tests performed only the 
test BE-AP-36.2 was considered for calibration, since the results from the other test (BE-AP-36.5) were 
significantly higher compared to all other tests conducted in the Miocene formations. With only the 
results of one test available it was not possible to distinguish between the APT and APB layers, thus, an 
equal maximum shear stiffness was assumed for both layers. For the same reason the effect of the void 
ratio in the calibration was also disregarded. To maintain the consistency with the AE formation the 
reference pressure was set to 100 kPa. The remaining parameters (G0 and mG) were defined by fitting 
equation 4.4 to the bender element data. The calibrated parameters are given in Table 4.8, while the 
quality of the fit can be judged from Figure 4.13. 
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Table 4.8 – Parameters for the definition of the maximum shear stiffness of the AP formation 
Formation G0 (kPa) mG p’ref (kPa) 
AP 66750.0 0.671 100.0 
 
Figure 4.13 – Fitting of the maximum shear modulus of the AP formation 
(b) Calibration of the shear stiffness degradation curve 
A distinction between the APT and the APB layers was considered in the calibration of the shear stiffness 
degradation curve. A total of 6 triaxial tests were used in the fitting of the APB layer, while only one test 
was available for the APT layer (T-AP-DPC-I480). Since the effect of the mean effective stress on the 
degradation was not considered, the number of parameters to calibrate was reduced to only 3 per layer 
(RG,min, b, a). The values of the best fit parameters obtained using the optimisation program NT.CFit are 
given in Table 4.9 whereas Figure 4.14 shows the resulting stiffness degradation curves of both layers 
obtained for a mean stress of 480 kPa. The comparison with stiffness curves from the triaxial tests 
performed at the same stress level indicates reasonable agreement given the scatter in test data. As 
expected, the APB presents a higher stiffness. 
Table 4.9 – Parameters of the shear stiffness degradation curve of the AP formation 
Formation 
Shear stiffness degradation 
a b RG,min 
APT 6.68E-6 0.390 0.001 
APB 3.60E-5 0.438 0.020 
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Figure 4.14 – Fitting of the shear stiffness degradation curve of the AP formation 
(c) Calibration of the bulk stiffness 
As mentioned earlier, since only one isotropic compression test was performed in the AP formation, it 
was not possible to distinguish between APT and APB layers. As a result the bulk stiffness of both layers 
was considered to be the same and only one curve was calibrated. For the same reason the influence of 
the mean stress on the bulk stiffness degradation curve was not considered. Instead, similar to the AE 
formation, it was assumed that the increase of the bulk modulus with the mean effective stress was 
identical to that established for the shear stiffness variation. Therefore, the exponent 𝑚𝐾 was set to 
0.671. The remaining 4 parameters required (𝐾0, RK,min, s, r) were estimated simultaneously using the 
genetic algorithm software. It should be noted that in this case a weight of 2 was also applied to the 
unloading data (FU – final unloading) so that this path would be favoured in the calibration.  
The parameters that produced the best fit are presented in Table 4.10. The comparison between the 
data and the fitted curves in Figure 4.15 shows that a very good agreement was achieved in the 
unloading path. However, for the loading path, the fitting for the smallest volumetric strains is poor 
since the model tends to underestimate the bulk modulus. These differences were probably caused by 
the weighting factor applied and were potentially aggravated by the disregard of the influence of the 
mean stress in the degradation since the flexibility of the model was reduced. However, these 
discrepancies should not affect significantly the numerical simulations since mainly unloading 
conditions are expected. 
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Table 4.10 – Bulk stiffness parameters of the AP formation 
Formation 
Maximum bulk stiffness  Bulk stiffness degradation 
K0 (kPa) mK  r s RK,min 
AE 61372.0 0.671  5.29E-4 0.495 0.010 
 
 
Figure 4.15 – Fitting of the bulk stiffness degradation curve of the AP formation 
(d) Calibration of the minimum values of the bulk and shear moduli 
For the calibration of the minimum values of the shear and bulk moduli a procedure similar to that 
described for the AE formation was followed. For the assessment of the minimum bulk modulus the 
isotropic compression test was reproduced numerically using values of Kmin that varied from 1000 to 
20000 KPa. The results obtained are displayed in Figure 4.16 and are similar to those obtained for the 
AE formation. The highest value of Kmin (20000 kPa) produces an unexpected diversion of the unloading 
path for stresses smaller than 200 kPa. On the other hand, for the smallest value of Kmin (1000 kPa) no 
irreversible deformation is reproduced on unloading. Based on these results a compromise value of 
10000 kPa was selected for the AP formation. The reproduction of the test using the adopted value can 
be found in Appendix F. 
The estimation of the minimum shear modulus was performed by numerically reproducing the triaxial 
tests performed in this layer. Values of Gmin varying between 1000 and 10000 kPa were tested and the 
results obtained for these extremes cases are depicted in Figure 4.17 for the test where the maximum 
impact of the minimum shear modulus was observed. The figure verifies that this parameter has a minor 
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influence on the results of the AP formation. Consequently, it was decided to adopt a value of 5000 kPa, 
equal to that defined for the AE formation.  
The analysis of the discrepancies observed between the simulation and the results of the triaxial tests 
will be discussed in detail later in this chapter. 
 
Figure 4.16 – Evaluation of the Kmin of the AP formation based on the isotropic compression test performed 
 
 a) b) 
Figure 4.17 – Evaluation of the Gmin of the AP formation based on the isotropic compression tests: a) stress-
strain curve; b) volumetric behaviour 
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(e) Calibration of the minimum strain increment for reversal detection 
The assessment of the minimum strain increment for reversal detection was performed similar to that 
described for the AE formation. A total of 13 SBPT performed in the AP formation were numerically 
reproduced and the evolution of the tangent shear modulus throughout the simulation was analysed. 
Also in this case a stress reversal was imposed at every 200 increments.  
The plots of Gtan versus the number of increments are presented in Figure 4.18 for 2 tests, which can be 
considered as representative of the overall behaviour observed in this formation. As seen before for the 
AE formation the minimum strain increment level has an impact on the results. The smallest strain level 
tested (1E-4 %) results in a detection of a significantly larger number of reversals than imposed, while 
for the highest value considered (1E0 %) almost no reversal is detected. For the intermediate strain level 
of 1E-2 % a good agreement was achieved between the imposed and detected number of reversals in 
the majority of the tests. For simplicity a value of 1.5E-2 % is adopted in the AP formation, which is the 
same as for the AE formation. The results of the numerical simulation of the SBPT with this value will be 
presented later in this chapter and can also be found in Appendix F. 
 
 a) b) 
Figure 4.18 – Evolution of the Gtan during the numerical simulation of SBP tests performed on the AP formation: 
a) S4T4; b) S10T6 
(f) Estimation of the Poisson’s ratio 
The Poisson’s ratio of the AP formation was estimated using a methodology similar to that described 
for the AE formation, but a distinction was made between the APT and APB layers since they are 
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characterised by two different shear stiffness degradation curves. The results obtained for the 1 million 
simulations carried out for each of the two layers are shown in Figure 4.19.  
 
Figure 4.19 – Estimation of the Poisson’s ratio of the AP formation: a) APT; b) APB 
The figure indicates that the adopted bulk and shear moduli curves reproduce realistic values of the 
Poisson’s ratio, without any significant influence of the stress level. As for the AE formation it is clear 
that the assumption of a constant Poisson’s ratio would not be appropriate for the AP formation either. 
4.5.4 PERMEABILITY PARAMETERS 
In order to account for the effect of the fluid flow and time in the numerical simulations a coupled 
consolidation analysis has to be performed. A fundamental parameter in this type of analysis is the 
coefficient of permeability of the soil. This parameter is usually estimated from field or laboratory tests, 
although empirical expressions can also be employed in the absence of the former. Since it was not 
possible to perform the initially planned field tests in this study the estimation of the coefficient of 
permeability of the Miocene formations was based on empirical correlations for the AE formation, and 
on the results of oedometer tests for the AP formation. It was not necessary to estimate the 
permeability of the remaining layers, since these are located above the ground water table and 
consequently were modelled as drained in numerical analyses. 
To assess the coefficient of permeability of the AE formation two equations published in the literature 
were employed. Hazen (1911) proposed a relationship for sandy materials between the permeability, 
𝑘, and the 𝐷10 (particle size for which 10% of the soil is finer) of a soil (equation 4.21). These were 
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related by a constant, 𝐶𝐻. According to the literature this constant can vary significantly (Carrier, 2003), 
although is usually assumed to be equal to 100. In order to have a better perception of the impact of 
this constant the characteristic values of 81 and 117, suggested by Taylor (1948), were adopted in the 
evaluation. The value of 𝐷10 was assessed based on the results of the particle size distribution analyses 
performed in the AE formation. However, only analyses performed on samples below 23 m depth were 
considered, since this was the highest position measured of the phreatic level. 
 
𝑘 = 𝐶𝐻 ∙ 𝐷10
2              (𝑐𝑚/𝑠) 4.21 
The second empirical expression employed was based on the so-called Kozeny-Carman formula which 
relates the permeability to the specific surface area of the particles and to the void ratio. The original 
expression was adapted by Carrier (2003) so that the specific surface area could be determined using 
the particle size distribution data, making its use easier. The modified equation (4.22) also includes a 
shape factor, 𝑆𝐹, in order to account for angularity of the particles. This factor was set to 7.5 following 
the proposal of Loudon (1952) and assuming that the particles of the AE formation had medium 
angularity. Since the void ratio, e, is not measured in the particle size distribution analysis, two extreme 
values determined for the AE formation below 23 m depth, 0.47 and 0.70 (see Figure 3.14), were used 
in the calculations. 
The minimum (kmin), average (kaver) and maximum (kmax) permeability values determined by each 
equation are presented in Table 4.11. The discrepancies between the values obtained by both 
expressions reveal the difficulty in establishing an appropriate and representative value of the 
permeability of the AE formation based on those empirical proposals, with the Hazen (1911) expression 
estimating a higher range of values. Based on these results a caution estimative of 2.0E-5 m/s was 
adopted as the coefficient of permeability of the AE formation. 
 𝑘 = 1.99 ∙ 10
4 ∙
(
 
 100
(∑(
𝑓𝑖
𝐷𝑙,𝑖
0.404 ∙ 𝐷𝑠,𝑖
0.595))
2
)
 
 
∙
1
𝑆𝐹2
∙
𝑒3
1 + 𝑒
             (𝑐𝑚/𝑠) 4.22 
where: 
𝑓𝑖 – fraction of particles between two sieves (in percentage); 
𝐷𝑙,𝑖 – dimension of the larger sieve (in cm); 
𝐷𝑠,𝑖 – dimension of the smaller sieve (in cm); 
𝑆𝐹 – shape factor; 
𝑒 – void ratio. 
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Table 4.11 – Permeability of the AE formation 
Formation 
Hazen (1911)  Kozeny-Carman (Carrier, 2003) 
kmin (m/s) Kaver (m/s) kmax (m/s)  kmin (m/s) Kaver (m/s) kmax (m/s) 
AE 8.5E-8 1.6E-5 6.6E-5  1.4E-6 2.3E-5 1.2E-4 
 
In the case of the AP formation the permeability was estimated based on the results of the oedometer 
tests performed. From the analysis of Figure 3.17b) a value of 2.0E-10 m/s was selected based on the 
relevant stress levels expected during the excavation. 
4.6 VALIDATION OF THE GEOTECHNICAL PARAMETERS THROUGH 
FINITE ELEMENT MODELS 
4.6.1 GENERAL ASPECTS 
Some of the parameters estimated in the previous section were based on several assumptions, thus 
bringing a degree of uncertainty in the adopted values. Considering that this can affect significantly the 
reproduction of the overall behaviour of the formations, a validation analysis is performed. In order to 
assess the suitability of the performed calibration three numerical studies were carried out and are 
presented in the following sections. The first study was the numerical simulation of all triaxial tests 
performed by the author. The comparison with the results measured in the laboratory allowed the 
assessment of the quality of the calibration under this loading regime. In the second analysis the SBP 
tests were simulated and compared against the field results in order to evaluate if the calibration 
performed could represent the in-situ conditions, particularly in terms of the strain-pressure response. 
Finally, since these 2 studies were performed under specific experimental stress paths a third analysis 
was carried out on a problem involving more general stress states. This last study consisted of the back-
analysis of the excavation of the Baixa-Chiado station on the side of the Ivens shaft. By comparing the 
monitoring results with the numerical predictions it was possible to assess the quality of the calibration 
and verify the validity of the adopted assumptions. All three studies are performed using ICFEP. 
4.6.2 SIMULATION OF THE TRIAXIAL TESTS 
A 2D axi-symmetric analysis with a single finite element was employed for this study (Figure 4.20). The 
applied boundary conditions include zero horizontal and vertical displacements along the bottom 
boundary of the element; zero horizontal displacement and zero forces along the left-hand-side vertical 
boundary which is an axis of symmetry; increments of stress or displacement along the remainder two 
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boundaries, appropriate for the simulated stress path of each test. Additionally, analyses were either 
drained or undrained, depending on the real conditions of each test. The latter condition was simulated 
by prescribing a high compressibility of the pore fluid compared to that of the soil skeleton. 
 
Figure 4.20 – Numerical model adopted for simulating the triaxial tests 
The principal results obtained for 3 tests performed in the AE formation under different conditions are 
depicted in Figure 4.21, while the remaining simulations can be found in Appendix F. The plots presented 
in the figure can be considered representative of the behaviour observed for each of the tests 
performed under similar conditions. The results from drained tests simulations (T-AE-DPC-I300 and T-
AE-DPE-I300) show that a good agreement was globally achieved both in compression and extension 
tests. The stress-strain curves present a good reproduction of the peak strength, but the Nonlinear 
Mohr-Coulomb model is not suitable for reproducing the post-peak behaviour. The volumetric response 
is also reasonably defined, particularly considering the simplicity of the constitutive model employed. 
Globally the stiffness degradation curves show an excellent agreement for the entire interval of strains. 
The plateau observed in the plots for large strains is caused by the minimum shear modulus imposed in 
the small strain stiffness model.  
The last set of results presented in Figure 4.21 (for test T-AE-UCD-I300) is typical of undrained triaxial 
tests. The limitations of models like the Nonlinear Mohr-Coulomb in reproducing the behaviour of 
volumetrically constrained problems, such as an undrained triaxial test, and in particular with a non-
zero dilation have been demonstrated and explained by Potts and Zdravković (2001). The plots show 
that, after yielding occurs, the deviatoric stress continues to rise indicating a continuously increasing 
strength of the soil. This is clearly unrealistic and is a consequence of the Nonlinear Mohr-Coulomb 
model. However, in the analysis of boundary value problems at serviceability limit states, it is expected 
that the problem is governed by the small strain behaviour before gross yield and that therefore 
unrealistically high soil strength predicted by the plastic part of the model will never be mobilised. The 
stiffness degradation curve is well reproduced like in drained triaxial tests.  
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 a) b) c) d) 
Figure 4.21 – Results of the numerical simulation of the triaxial tests performed in the AE formation: a) stress 
path; b) stress-strain curve; c) evolution of the volumetric strains/pore water pressures; d) stiffness degradation 
curves 
The results obtained for the AP formation are displayed in Figure 4.22 for 2 triaxial tests, which can be 
considered representative of the overall behaviour observed in all other tests. The results of the 
simulation of the remaining tests can be found in Appendix F. A reasonable agreement was observed 
between numerical predictions and the results of a drained test T-AP-DPC-K480. Again the brittle 
behaviour, associated to the breakdown of the structure, of the stress-strain curve could not be 
reproduced with the Mohr-Coulomb model. In contrast, the stiffness degradation curve shows good 
agreement, which was also seen in the majority of the tests. The undrained test revealed similar 
problems to those described for the AE formation, with an unlimited increase of strength caused by a 
non-zero dilation angle. Also for this formation this was not considered to be a major limitation due to 
the nature of the problem to be simulated. 
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 a) b) c) d) 
Figure 4.22 – Results of the numerical simulation of the triaxial tests performed in the AP formation: a) stress 
path; b) stress-strain curve; c) evolution of the volumetric strains/pore water pressures; d) stiffness degradation 
curves 
Overall the agreement obtained numerically can be considered very reasonable for both formations 
when compared with that measured in the laboratory results. The simulations also validate the 
constitutive models employed in the analyses, particularly the ICGSSS model which reproduced 
accurately the stiffness behaviour measured in both formations. 
4.6.3 SIMULATION OF THE SELF-BORING PRESSUREMETER TESTS 
Drained axi-symmetric analyses were performed to reproduce the SBP tests. A disc of soil was simulated 
by a row of 80 elements as shown in Figure 4.23 with unit height and with progressively increasing 
length, in order to determine more accurately the deformations near the application of the pressure. 
The entire length of the model was 50 m, a dimension which was considered to be sufficient to avoid 
any boundary effects. Along the horizontal boundaries the vertical movements were restrained and a 
load simulating the pressure was applied on the boundary near the axis of symmetry, as displayed in 
Figure 4.23. The pressure prescribed varied for each test but it was always applied in stages of 200 
increments, e. g. a test with 2 load-unload loops and final unloading had a total of 1200 increments (3 
loading and 3 unloading stages). This option was only adopted to facilitate the interpretation of the 
results and had no impact in the analysis. The initial stress conditions set for each test corresponded to 
those estimated in the field and no installation effects were considered in the analyses. 
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Figure 4.23 – Numerical model adopted for simulating the SBPT 
The stress-strain curves obtained for 3 of the tests performed in the AE formation are presented in 
Figure 4.24. These can be considered representative of the remaining simulations, summarised in 
Appendix F. Although the qualitative behaviour can be considered as reasonably well reproduced in all 
simulations the predicted strains exceeded the field measurements. In most of the cases the differences 
obtained were more than twice and, consequently, could not be justified only by the heterogeneity of 
the AE formation. The obtained results show that the stiffness calibrated based on the laboratory data 
does not reflect the results observed in the field tests and should probably be re-evaluated.  
Similar results were obtained from numerical simulations of pressuremeter tests performed in the AP 
formation, as showed in Figure 4.25 for 3 of the tests. The differences observed were considerable, on 
average more than twice, even if it was assumed that all tests were carried out in the stiffer layer, APB. 
Qualitatively, the fitting obtained in some tests can be considered as reasonably satisfactory (e. g. S4T4). 
 
 a) b) c) 
Figure 4.24 – Results of the numerical simulation of the SBPT performed in the AE formation: a) S3T4; b) S9T4; 
c) S10T4 
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 a) b) c) 
Figure 4.25 – Results of the numerical simulation of the SBPT performed in the AP formation: a) S3T6; b) S4T4; 
c) S10T6 
4.6.4 BACK-ANALYSIS OF THE EXCAVATION OF THE BAIXA-CHIADO STATION 
4.6.4.1 Model geometry and boundary conditions 
As indicated previously a back-analysis study of the Baixa-Chiado station was carried out in order to 
assess the quality of the calibration and to verify the validity of various assumptions made. The 
description of the Baixa-Chiado station was presented in detail in Chapter 2 and therefore in this section 
only the characteristics and limitations of the numerical model adopted will be discussed. In order to 
simulate as accurately as possible the construction sequence adopted in the excavation of the station, 
a 2D plane strain coupled consolidation analysis was performed using ICFEP. The section selected for 
establishing the geometry of the numerical model was the P36 alignment, located in Garrett Street (see 
Figure 2.9), since the only monitoring results available in the literature were measured at this site 
(Kuwajima et al., 2004). The numerical model adopted in the analysis is displayed in Figure 4.26. The 
ground profile considered was identical to that identified at the Ivens shaft site, which is located about 
100 m away from the section. For simplicity a horizontal stratification was assumed in the model and 
also a level ground surface. The water table was considered located at 23 m depth, since this was the 
highest position recorded in the different surveys conducted. For simplicity of interpretation the AE 
formation was divided in 3 layers, one above the limestone (AE Top), another immediately below (AE 
Middle) and finally one below the water table (AE Bottom). However, all three AE layers have exactly 
the same mechanical and hydraulic properties. The model also considered the presence of a 2 m thick 
APT layer. 
The twin galleries of the station were located in the centre of the model, which is 160 m long and 55 m 
deep. These dimensions were adopted to avoid any boundary effects. The model was discretised with 
a total of 1492 8-noded quadrilateral finite elements. No horizontal displacements were allowed along 
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the vertical and bottom boundaries, in addition to zero vertical displacements at the bottom boundary 
of the model. Below the water table a constant hydrostatic pore pressure profile was assumed in the 
vertical boundaries throughout the analysis. 
The initial stresses in the modelled profile are the best estimate of greenfield conditions on site. The 
vertical stresses, based on the results presented in Chapter 3, are calculated from estimated bulk unit 
weights for each layer, 18 kN/m3 for the fill and 20 kN/m3 for the Miocene formations. The estimation 
of the horizontal stresses is more complex since they depend of many different factors (Jaky, 1944; 
Alpan, 1967; Mayne & Kulhawy, 1982). Based on the results of the SBPT performed in the Miocene 
formations the adopted K0 profile is presented in Figure 4.26. A constant value of 0.5 was selected for 
the fill, while for the AE Top and limestone layers a constant K0 of 1.0 was defined. This value was then 
linearly reduced with depth until 0.7 at the bottom of the AE formation. In the AP formation a constant 
value of 0.7 was assumed. 
 
Figure 4.26 – Numerical model used in the 2D analysis of the Baixa-Chiado station and K0 profile adopted 
The detailed construction sequence of the excavation of the two galleries was simulated in order to 
achieve the most realistic prediction of ground deformation. As mentioned in Chapter 2, the East gallery 
was excavated first, followed by the West gallery with a different construction sequence. The opening 
of the East gallery was performed in 5 excavation stages which are represented in Figure 4.27. The 
excavation of the Western gallery was more complex, due to the passage of the TBM, and required a 
total of 7 excavation stages (Figure 4.27). 
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Figure 4.27 – Construction sequence adopted for each gallery of the Baixa-Chiado station 
A numerical simulation of tunnel excavation in 2D analysis requires application of numerical measures 
to (1) include the three-dimensional effects of tunnel face excavation; (2) take into account the delay in 
the construction of the lining (Almeida e Sousa, 1998). Different measures were proposed in the 
literature (Mair & Taylor, 1997; Karakus, 2007) to account for these effects, with the stress relief 
method, or often termed “convergence-confinement method”, initially introduced by Panet and Guenot 
(1982), being probably the most applied in practice. In this approach the proportion of excavation 
unloading () of the initial ground stresses is prescribed. When tunnel excavation is completed to this 
percentage, the lining is constructed and excavation then continued until 100 % completion. This further 
ground stress reduction of magnitude (1-) induces the lining stress. The percentage of unloading or 
stress relief is usually estimated based on experience and on 2D and 3D back-analysis studies performed 
on similar problems. Typical values usually employed in an analysis vary from 0.3 to 0.7, i. e. 30 to 70 % 
(Moller, 2006). In the present case a value of 0.5 was adopted for all excavation stages. Consequently, 
every excavation stage (odd numbers in Figure 4.27) was performed over 10 analysis increments and 
the lining with a thickness of 40 cm (even numbers in Figure 4.27) was constructed in the fifth increment. 
However, a fully hardened lining is active from the sixth increment onwards, thus taking on the 
remaining 50 % of ground unloading (increment 6 to 10). After the excavation of each gallery the final 
support, i. e. secondary lining, with 60 cm thick was installed, by constructing the layer of finite elements 
adjacent to the primary lining located around the perimeter of the excavation. Both the primary and 
secondary lining were simulated assuming a material with linear elastic behaviour, with a Poisson’s ratio 
of 0.25 and a Young’s moduli of 8 and 20 GPa, respectively.  
Since a coupled consolidation analysis was performed it was also necessary to define both the time step 
of each increment and the appropriate hydraulic boundary conditions around the perimeter of the 
excavation. Without any information available regarding the construction times per each stage, it was 
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assumed that the period of 3 years between the beginning and conclusion of the works (Salgueiro 
Amaral, 2006) was divided equally between all the excavation stages of both galleries. As for the 
boundary conditions it was considered that either a zero flow or a zero pore water pressure occurred 
around the perimeter of each excavation stage. This dual boundary condition was removed after the 
installation of the final support since this was considered to be impermeable.  
Finally it should be mentioned that the compensation grouting and the forepoles installed around the 
perimeter of the Western gallery were not simulated in this analysis. 
4.6.4.2 Comparison of the settlement trough with the monitoring data 
The only monitoring results available in the literature that were related with the excavation of the Baixa-
Chiado station were the settlement troughs measured at P36 alignment in the Garrett Street (Kuwajima 
et al., 2004). Consequently, the assessment of the numerical analysis could only be performed by 
comparing the displacements at surface for different construction stages of both galleries. Figure 4.28a) 
shows the results obtained at the end of the excavation of the Eastern gallery (E.G.) while Figure 4.28b) 
presents the final settlements measured at the completion of the construction of both galleries. After 
the construction of the Eastern gallery (E.G.) the maximum deformation determined numerically was 
significantly higher, around twice, than the value measured in the field (Figure 4.28a)). The predicted 
area affected by the excavation was also much larger in the numerical analysis, although generally both 
settlement troughs presented a similar shape centred in the axis of the gallery. Similar results were also 
obtained at the end of the construction (Figure 4.28b)), although in this case the discrepancies were 
proportionately smaller. A final settlement of 110 mm was calculated against the 86 mm measured in-
situ. It is interesting to note that with the excavation of the Western gallery (W.G.) the maximum 
displacement determined shifted towards the second excavation, in agreement with the monitoring 
results.  
The discrepancies observed appear to confirm the results obtained in the SBP tests. The numerical 
model tended to systematically over predict the deformations indicating that the assumptions and/or 
properties adopted in the models may have been inadequate. One of the most influent parameters is 
the stress relief factor, but, as will be shown later in the chapter, the value chosen, 0.5, is in this case 
appropriate to the conditions observed at the site. After considering the influence of all factors it was 
decided that the discrepancies observed in the analyses may have been caused by underestimating the 
properties of the formations, particularly in terms of their stiffness. Based on that assumption a re-
evaluation of the initial calibration was performed, which is presented in the following section. 
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 a) b) 
Figure 4.28 – Settlement trough of the numerical simulation of the excavation of the Baixa-Chiado station: a) 
Eastern gallery; b) end of the construction 
4.7 RE-EVALUATION OF THE STIFFNESS PARAMETERS BASED ON THE 
LABORATORY AND FIELD DATA  
4.7.1 GENERAL ASPECTS 
As shown in the previous section, the results obtained in the validation studies revealed discrepancies, 
with the numerical analysis predicting higher displacements than measured in the field. These 
differences may have been in part originated by the simplifications and limitations of the numerical and 
constitutive models adopted, but are also probably related to the properties estimated. These were 
derived based only on the laboratory data which was severely affected by disturbance factors, as 
pointed out in Chapter 3. Those factors influence essentially the stiffness at small strains, reducing its 
value considerably. Since the yielding of the soil occurs at higher strains, it is usually not significantly 
affected by disturbance factors, particularly when intact samples are tested, which was the case here. 
As a result it was decided to perform a re-evaluation of the stiffness properties of the Miocene 
formations in order to include the results of the field tests.  
The issue of the differences in stiffness between field and laboratory tests was already discussed in 
Chapter 3. Although there are no standard methodologies to follow, Tatsuoka and Shibuya (1991) 
proposed an approach that combines both results to achieve a more realistic stiffness degradation 
curve. This approach involves the following steps: (1) estimate the initial shear modulus, G0, based on 
seismic tests; (2) determine the disturbance factor as a ratio between the G0 measured in the seismic 
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tests and that measured in the laboratory tests (e. g. bender elements); (3) correct the stiffness 
degradation curves determined in triaxial tests by multiplying them with a disturbance factor. Tatsuoka 
and Shibuya (1991) also suggested that the disturbance factor could vary with strain, although they did 
not propose any particular relationship for such variation. 
In the new calibration the methodology proposed by Tatsuoka and Shibuya (1991) was followed with 
minor adjustments, since some new assumptions had to be adopted in order to bridge the gap between 
the field and the laboratory results. 
4.7.2 “AREOLAS DA ESTEFÂNIA” FORMATION (AE) 
Although seismic and field tests were performed in the AE formation, this data was not initially 
employed in the calibration of stiffness since the results of the down-hole test were limited to only 28 m 
depth due to the problems discussed in Chapter 3. The in-situ shear degradation curves derived from 
the SBPT also presented some limitations, as they were based on several assumptions and on a semi-
empirical approach, as described in Chapter 2. Despite those limitations the results of both tests were 
employed in the new calibration. In accordance with Tatsuoka & Shibuya's (1991) approach, the seismic 
data was used to derive the maximum shear modulus of the formation, while the SBPT served as a 
reference for estimating the shear degradation curve. As no in-situ data was available to characterise 
the bulk stiffness, new assumptions had to be introduced so that this component of stiffness would 
became compatible with the shear stiffness. 
4.7.2.1 Calibration of the maximum shear and bulk stiffness 
As presented and discussed in Chapter 3 the initial shear modulus obtained with the seismic tests was 
significantly higher than that measured by bender elements, probably due to the loss of cementation in 
the AE formation caused by the sampling and handling processes. In Figure 4.29 the shear modulus 
obtained in both tests is plotted against the mean stress normalised by the reference pressure, which 
was taken as 100 kPa. In order to derive the parameters to define the maximum shear modulus of the 
formation (equation 4.4) based on the results of the down-hole test, a few assumptions had to be 
adopted. Since the down-hole test was performed at every 1 m depth it was necessary to discard from 
the calibration the results measured in the fill and influenced by the limestone layer. As a result the only 
data considered in the new calibration is identified in Figure 4.29 by the black filled circles. In order to 
establish some parallelism between the field and laboratory results it was assumed that the influence 
of the mean effective stress on the shear modulus was not affected by the disturbance factors. 
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Consequently, the exponent 𝑚𝐺  of expression 4.4 was maintained equal to the initially defined from 
the bender elements, 0.509, implying that the disturbance in the shear modulus value was only reflected 
in the 𝐺0 parameter. It should be mentioned that, in similarity with the previous calibration, it was 
considered that the void ratio had no impact on the stiffness of the formation.  
Based on these assumptions the results of the down-hole test were fitted to equation 4.4 using the least 
square method in order to determine the new constant 𝐺0. The adjustment obtained is depicted in 
Figure 4.29 as a dashed line and can be considered reasonable, particularly with respect to the scatter 
observed in the input data. The value obtained for 𝐺0 is presented in Table 4.12 and is 4.3 times higher 
than the value initially calibrated from bender element tests. The implication is that the laboratory 
measured shear modulus is approximately 23 % of that measured in the field, which indicates a high 
sample disturbance according to Figure 3.46 proposed by Kokusho (1987). 
 
Figure 4.29 – Fitting of the maximum shear modulus of the AE formation for the laboratory and field data 
Table 4.12 – Parameters for the definition of the Gmax and Kmax of the AE formation derived considering the field 
data 
Formation G0 (kPa) K0 (kPa) mG mK p’ref (kPa) 
AE 311535.0 303597.0 0.509 0.509 100.0 
 
The estimation of the maximum bulk modulus (equation 4.5) required some more assumptions since 
there was no data available from the field tests. Similar to the previous calibration it was assumed that 
the shear and bulk stiffness components were affected equally by the mean stress and, consequently, 
the exponent 𝑚𝐾 was equal to 𝑚𝐺 . For the definition of the constant 𝐾0 it was considered that both 
CALIBRATION AND VALIDATION OF THE GEOTECHNICAL PARAMETERS 4 
 
 
 221 
 
shear and bulk stiffnesses were affected by the same disturbance factor. As a result the constant 𝐾0 was 
estimated by multiplying the initial value (Table 4.7) by the disturbance factor previously estimated as 
4.3. The parameters required for defining both the maximum shear and bulk moduli are presented in 
Table 4.12. 
4.7.2.2 Calibration of the shear stiffness degradation curve 
The calibration of the shear stiffness degradation curve (equation 4.10) was performed based on the 
methodology proposed by Tatsuoka and Shibuya (1991). The proposal suggests that the stiffness curves 
obtained from the triaxial tests should be multiplied by a disturbance factor as determined in the 
previous section. They also suggest that this factor may depend on the strain level mobilised during 
stiffness degradation, however, they do not define the relationship between the disturbance factor and 
the evolution of strain. Consequently, 5 different scenarios were analysed in this case, as depicted in 
Figure 4.30. Two extreme cases were considered in scenarios IS-A1 and IS-A2. In the former the 
disturbance factor defined in the previous section is only applied to the maximum shear modulus and 
no correction is performed to the triaxial results, whereas in the latter the complete triaxial stiffness 
curve is multiplied by the maximum disturbance factor of 4.3. These 2 cases are probably unrealistic, 
since it is expected that the disturbance factor decreases gradually with the increase of deviatoric strain 
level. In order to investigate a more realistic case 3 additional scenarios were considered. In those the 
disturbance factor varied linearly with the logarithm of strain from 4.3 for small strains (lower than 
0.001 %) to 1.0 for strains of 0.01 % (IS-A3), 0.1 % (IS-A4) and 1.0 % (IS-A5). These scenarios were defined 
to take into account the extreme and average disturbance factors determined for the SBPT results 
(Figure 4.30). 
 
Figure 4.30 – Proposals for the evolution of the disturbance factor with the increase of the strain 
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The parameters required for the definition of shear stiffness degradation curves were then estimated 
using the genetic algorithm program NT.CFit v3.5. The values obtained for each of the scenarios 
analysed are presented in Table 4.13. The fitting obtained in all cases was very reasonable for the 
different stress levels, as illustrated in Figure 4.31 for the IS-A2 and IS-A4 scenarios. The adjustments 
obtained for the remaining 3 variations of the disturbance factor can be found in Appendix F.  
Table 4.13 – Parameters of the shear stiffness degradation curve of the AE formation derived using the 5 
scenarios proposed 
Formation Scenario 
Shear stiffness degradation 
a0 a1 a2 b RG,min 
AE 
IS-A1 7.30E-10 7.38E-7 1.151 0.497 0.001 
IS-A2 2.42E-8 4.35E-5 1.200 0.666 0.001 
IS-A3 1.54E-9 1.41E-6 0.899 0.532 0.001 
IS-A4 2.43E-8 1.30E-5 0.746 0.778 0.001 
IS-A5 2.37E-8 1.78E-5 0.855 0.733 0.001 
 
 
 a) b) 
Figure 4.31 – Fitting of the shear stiffness degradation curve of the AE formation using the a) IS-A2 and b) IS-A4 
scenarios 
4.7.2.3 Calibration of the bulk stiffness degradation curve 
Without any other information for calibrating the bulk stiffness degradation curve of the AE formation 
it was decided to apply the same 5 scenarios proposed in the previous section to the results of the 
isotropic compression tests. The same disturbance factor of 4.3 was adopted and a weighting of 2 for 
the unloading data was applied, similar to the initial calibration. 
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The values of the bulk stiffness degradation parameters fitted using the genetic algorithm program are 
presented in Table 4.14 for all 5 scenarios analysed. Figure 4.32 presents the adjustments obtained with 
IS-A2 and IS-A4 for the test I-AE-08.5 showing a good agreement between the adjusted bulk stiffness 
data and fitted model curves for all different stress paths. It is however interesting to note that the 
unloading paths in the two scenarios present different curvatures. In the IS-A2 scenario the decay is 
initially gradual, becoming sharp at higher strains (i.e. > 0.04 %). In contrast the IS-A4 scenario results in 
a more gradual decay of the bulk stiffness similar to that observed along the load paths. 
Table 4.14 – Parameters of the bulk stiffness degradation curve of the AE formation derived using the 5 scenarios 
proposed 
Formation Scenario 
Bulk stiffness degradation 
r0 r1 r2 s RK,min 
AE 
IS-A1 4.48E-13 4.95E-9 1.951 0.198 0.001 
IS-A2 1.01E-8 2.62E-4 1.699 0.487 0.020 
IS-A3 9.43E-10 3.23E-6 0.812 0.471 0.020 
IS-A4 5.77E-9 2.15E-5 0.736 0.679 0.020 
IS-A5 8.73E-9 3.29E-5 0.960 0.603 0.020 
 
 
 a) b) 
Figure 4.32 – Fitting of the bulk stiffness degradation curve of the AE formation using the a) IS-A2 and b) IS-A4 
scenarios 
4.7.2.4 Calibration of the minimum values of the bulk and shear moduli 
The modifications performed on both bulk and shear stiffness components affected principally the 
values at small strains and did not have much impact at higher strains, since in this range the correction 
factor in most scenarios was equal to 1.0. As a result the influence of the minimum values of the bulk 
and shear moduli on newly calibrated curves was similar to that observed in the initial calibration. Only 
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in the IS-A2 scenario the effect of the minimum stiffness values was slightly different since the maximum 
disturbance factor was applied to all strain levels. Nevertheless, and based on the overall results, it was 
decided to maintain the same minimum values of the bulk and shear moduli as those established in the 
initial calibration. 
5.1.1.1 Calibration of the minimum strain increment for reversal detection 
The assessment of the minimum strain increment for reversal detection of the AE formation was 
performed in a similar manner to that described in the initial calibration. The SBPT were simulated using 
the 5 scenarios proposed for the variation of disturbance factor with strains and the evolution of the 
tangent shear modulus with the number of analysis increments was analysed in order to verify whether 
the imposed reversals, one at each 200 increments, were correctly identified by the small strain stiffness 
model. The results obtained for the reference value of the minimum strain increment of 1.5E-2 % are 
displayed in Figure 4.33 for 2 of the SBPT simulated. The plots show that in the majority of the proposed 
scenarios the number and location of the reversals are correctly identified. Only for approaches IS-A2 
and IS-A5, where higher disturbance factors were employed, some discrepancies occur. However, based 
on all results obtained it was decided to maintain the minimum strain increment of 1.5E-2 % as a 
reference for detection of strain reversals.  
 
 a) b) 
Figure 4.33 – Evolution of the Gtan during the numerical simulation of SBP tests performed on the AE formation 
using the different disturbance scenarios proposed: a) S9T4; b) S10T4 
From the results in Figure 4.33 it was also interesting to note the differences in the evolution of the 
tangent shear modulus between the different scenarios. As expected, the shear stiffness determined in 
the numerical simulations decreases from IS-A2 to IS-A1 scenario in accordance with the disturbance 
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factor relationship proposed in Figure 4.30. The IS-A2 scenario presents the highest stiffness values and 
the slowest degradation for all stages of the tests, while the IS-A1 and IS-A3 scenarios result in the 
lowest stiffness values and sharpest degradation. The impact of these differences on deformations will 
be discussed later in this chapter. 
4.7.2.5 Estimation of the Poisson’s ratio 
The Poisson’s ratio for the different correction factor scenarios was determined using the same 
approach described for the initial calibration. The results of the 1 million Monte Carlo simulations for a 
representative mean stress of 200 kPa are depicted in Figure 4.34. The plot shows that the 5 different 
variations of the correction factor have identical distributions, with the highest frequencies for the 
Poisson’s ratio observed for intervals above 0.40. The peak observed previously for the 0.10-0.15 
interval is still visible in some of the scenarios but has a considerably lower frequency, apart from the 
IS-A2 scenario. Possibly the most representative value of the AE formation is again within the 0.10-0.15 
interval, although the definition of a unique value in a numerical analysis would still not be appropriate. 
 
Figure 4.34 – Estimation of the Poisson’s ratio of the AE formation for the different disturbance scenarios 
proposed 
4.7.3  “ARGILAS E CALCÁRIOS DOS PRAZERES” FORMATION (AP) 
Due to the problems discussed in Chapter 3 it was not possible to perform any seismic tests in the AP 
formation. Consequently, the only field results available in this formation were SBPT, which were not 
executed at the Ivens shaft site. However, since the seismic results available in the literature for the 
Miocene deposit show identical characteristics (see Figure 2.23) it was assumed that the values 
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obtained for the AE formation could be generalised for the AP formation. Therefore, the same 
methodology to that described previously was applied for establishing the small strain stiffness 
parameters of both APT and APB layers. 
4.7.3.1 Calibration of the maximum shear and bulk stiffness 
Similar to the initial calibration no distinction between the APT and APB layers was considered in terms 
of maximum shear and bulk moduli. It was also assumed that the influence of the mean effective stress 
on the shear and bulk moduli was not affected by the disturbance factors and, consequently, the 
exponents 𝑚𝐺  and 𝑚𝑘  were considered to be equal to 0.671, the value initially defined based on the 
bender element data. Furthermore, with lack of seismic tests it was assumed that the disturbance factor 
determined for the AE formation could be also applied for the adjustment of the maximum shear and 
bulk moduli of the AP formation. Consequently, the constants 𝐺0 and 𝐾0 were determined by simply 
multiplying the initial values (Table 4.8 and Table 4.10) by the disturbance factor of 4.3. The values 
obtained based on these assumptions are presented in Table 4.15. 
Table 4.15 – Parameters for the definition of the Gmax and Kmax of the AP formation derived considering the 
field data 
Formation G0 (kPa) K0 (kPa) mG mK p’ref (kPa) 
AP 287025.0 263900.0 0.671 0.671 100.0 
4.7.3.2 Calibration of the shear stiffness degradation curve 
The methodology adopted in the calibration of the shear stiffness degradation curves of the APT and of 
the APB layers was the same as that employed in the AE formation. The same 5 different scenarios 
proposed for the evolution of the disturbance factor with the shear and volumetric strain were adopted 
(Figure 4.30) in the calibration. In the fitting the effect of the void ratio and of the mean stress on the 
degradation was also disregarded, similar to the initial calibration.  
Based on these assumptions the equation 4.10 was fitted to the modified triaxial data using the genetic 
algorithm program. The set of parameters corresponding to the best fit for each scenario is presented 
in Table 4.16. As expected, the results in Figure 4.35 show that the stiffness degradation curve decays 
more smoothly for the IS-A2 scenario. In the other case, IS-A4 scenario, a sharper reduction of the shear 
modulus is observed due to the decrease of the disturbance factors with increasing strain. However, the 
adjustment verified in all approaches could be considered reasonable, as shown in Figure 4.35 and in 
Appendix F for the other scenarios analysed. 
CALIBRATION AND VALIDATION OF THE GEOTECHNICAL PARAMETERS 4 
 
 
 227 
 
Table 4.16 – Parameters of the shear stiffness degradation curve of the AP formation derived using the 5 
scenarios proposed 
Formation Scenario 
Shear stiffness degradation 
a b RG,min 
APT 
IS-A1 2.83E-8 0.341 0.001 
IS-A2 6.68E-6 0.390 0.001 
IS-A3 2.48E-7 0.427 0.001 
IS-A4 2.15E-6 0.530 0.001 
IS-A5 3.08E-6 0.496 0.001 
APB 
IS-A1 7.08E-7 0.484 0.017 
IS-A2 3.60E-5 0.438 0.020 
IS-A3 2.10E-6 0.600 0.020 
IS-A4 1.83E-5 0.851 0.020 
IS-A5 1.88E-5 0.649 0.011 
 
 
 a) b) 
Figure 4.35 – Fitting of the shear stiffness degradation curve of the AP formation using the a) IS-A2 and b) IS-A4 
scenarios 
4.7.3.3 Calibration of the bulk stiffness degradation curve 
The calibration of the bulk stiffness degradation curve of the AP formation was based on the same 
principles defined for the AE formation. In the absence of field data it was assumed that the disturbance 
factor affected equally both shear and bulk moduli. Consequently the same 5 scenarios proposed for 
the evolution of the disturbance factor with the volumetric strain (Figure 4.30) were applied to the 
isotropic compression data. As explained previously, since only one isotropic compression test was 
performed a distinction between the APT and APB was not considered. For the same reason the effect 
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of the mean effective stress on the degradation was also disregarded as in the initial calibration. Also in 
this case a weighting of 2 was adopted for the data in the unload path. 
The parameters estimated for each scenario are displayed in Table 4.17. The fitting obtained in all cases 
can be considered good for the unloading paths, but some discrepancies were detected in the loading 
paths in some of the cases and particularly for smallest volumetric strains (Figure 4.36). These 
differences were probably a result of the additional weighting factor applied, which favoured the 
adjustment of the unloading data. In similarity with the AE formation, it was also verified that the best 
fits in the unload path had different curvatures. For instance the IS-A2 scenario presented a sharp decay 
of the bulk stiffness while in the IS-A4 scenario a more gradual reduction was observed. The fitting of 
the data obtained for the remaining scenarios analysed also presented similar effects and can be found 
in Appendix F. 
Table 4.17 – Parameters of the bulk stiffness degradation curve of the AP formation derived using the 5 
scenarios proposed 
Formation Scenario 
Bulk stiffness degradation 
r s RK,min 
AP 
IS-A1 1.06E-6 0.329 0.001 
IS-A2 5.29E-4 0.495 0.010 
IS-A3 1.87E-6 0.374 0.009 
IS-A4 4.71E-5 0.757 0.020 
IS-A5 8.14E-5 0.655 0.012 
 
 
 a) b) 
Figure 4.36 – Fitting of the bulk stiffness degradation curve of the AP formation using the a) IS-A2 and b) IS-A4 
scenarios 
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4.7.3.4 Calibration of the minimum values of the bulk and shear moduli 
The values of the minimum bulk and shear moduli adopted remained unchanged in the new calibration 
since the modifications introduced in the bulk and shear stiffness had a negligible impact on the results.  
5.1.1.2 Calibration of the minimum strain increment for reversal detection 
A similar approach to that described for the AE formation was used to assess the influence of the 
minimum strain increment for reversal detection in the AP formation. The results of the evolution in the 
analysis of the tangent shear modulus for the 5 different scenarios proposed previously are depicted in 
Figure 4.37 for 2 of the 13 SBPT simulated. The plots are representative of the behaviour observed in all 
tests and were determined considering a reference value of the minimum deformation level of 1.5E-
2 %, equal to the defined in the initial calibration. In the majority of the cases analysed the right number 
of reversals was detected, although in a few of them their identification was delayed at some stages. 
The overall behaviour, however, was acceptable and consequently the minimum strain increment of 
1.5E-2 % was adopted as reference for all scenarios. The plots also show significant variations in the 
shear stiffness resulting from each scenario. The impact of these will be discussed later in this chapter. 
 
 a) b) 
Figure 4.37 – Evolution of the Gtan during the numerical simulation of SBP tests performed on the AP formation 
using the different disturbance scenarios proposed: a) S4T4; b) S10T6 
4.7.3.5 Estimation of the Poisson’s ratio 
The Poisson’s ratio was determined for both APT and APB layers using the same methodology described 
previously. In this case all the simulations performed assumed a representative mean effective stress 
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equal to 550 kPa. The Poisson’s ratio frequencies obtained for the 5 different scenarios considered for 
stiffness correction are presented in Figure 4.38. The plots show that in both layers the frequencies tend 
to increase for the highest Poisson’s ratio intervals in all scenarios analysed. In the APT formation a slight 
peak can be observed for the 0.10-0.15 interval, particularly for the IS-A2 scenario, but overall the 
results are inconclusive and, consequently, the adoption of a unique value of the Poisson’s ratio in a 
numerical analysis would not be appropriate. 
 
Figure 4.38 – Estimation of the Poisson’s ratio of the AP formation for the different disturbance scenarios 
proposed: a) APT; b) APB 
4.8 VALIDATION USING THE NEW SETS OF PARAMETERS 
4.8.1 GENERAL ASPECTS 
In order to assess the new assumptions adopted in the calculation and to distinguish which of the 
scenarios for stiffness correction was the most appropriate, a validation of the new calibration was 
performed. The 3 studies presented previously were reanalysed using the new sets of model 
parameters. The back-analysis of the Baixa-Chiado station was carried out first. Since this is the most 
significant validation study and the one where the highest discrepancies were observed between field 
measurements and numerical predictions it was used to test the 5 different stiffness correction 
scenarios proposed. Based on the obtained results one approach was selected as adequate to represent 
CALIBRATION AND VALIDATION OF THE GEOTECHNICAL PARAMETERS 4 
 
 
 231 
 
the behaviour of the Miocene formations. Finally, the triaxial and SBP tests were again simulated in 
order to assess and validate the new set of model parameters. 
4.8.2 BACK-ANALYSIS OF THE EXCAVATION OF THE BAIXA-CHIADO STATION 
The numerical model previously described of the Baixa-Chiado station was again employed in this study. 
All the boundary conditions and construction sequence remained unchanged, the only difference being 
the substitution of the parameters of the small strain stiffness of the AE and AP formations. Five analyses 
were performed, on for each of the 5 different scenarios for the stiffness correction factor evolution 
with strain level. The influence on the settlement trough of each set of parameters was then compared 
with the previous numerical results and with the monitoring data in order to select one that is the most 
appropriate. 
4.8.2.1 Comparison of the different scenarios proposed 
The surface settlement troughs obtained at the end of the excavation of the East gallery and at the end 
of the construction of the station, i. e. both galleries excavated, are depicted in Figure 4.39 for the 5 
different analyses, as explained above. The figure also shows the settlement trough from the initial 
analysis, in which the stiffness was based solely on the laboratory data (Triax), and the measured 
settlement trough (black dash line). The results show a clear difference between the analyses, with 
values of the maximum settlement varying more than 5 times. As expected, the smallest settlements 
were predicted by the IS-A2 approach where a maximum stiffness correction factor of 4.3 is applied at 
all strain levels. The comparison of these results with the monitoring data clearly shows that the stiffness 
is significantly overestimated and, consequently, the constant disturbance factor approach (IS-A2) does 
not appear to be appropriate. In contrast, the IS-A1 scenario estimates almost the same settlements as 
those predicted with the initial model calibration. The modification performed in this case, applied 
directly only on the maximum shear modulus, does not improve the adjustment significantly, with the 
stiffness being significantly underestimated. Despite the poor results obtained with these two scenarios 
they are indicative of the extremes effects of the disturbance factor for this boundary value problem. 
As expected, the 3 remaining scenarios predicted settlements that tended to increase with the 
reduction of the disturbance factor. The IS-A5 scenario, where the disturbance affected strains up to 
1.0 % (Figure 4.30), underestimated the settlements measured in both galleries. In contrast, the IS-A3 
approach (disturbance factor up to strains of 0.01 %) underestimated the stiffness and the predicted 
displacements were close to those predicted by the extreme approach IS-A1, particularly for the end of 
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the construction (Figure 4.39b)). Finally, the IS-A4 approach provided the best prediction of the 
monitoring results, with the settlements slightly overestimated in the Eastern gallery, 41 against 36 mm 
for the maximum settlement, and almost identical in the end of construction, 83 against 86 mm for the 
maximum settlement.  
Although the surface settlement trough obtained with the IS-A4 approach is wider than measured this 
approach clearly provided the best prediction and consequently was selected as the most appropriate 
for reproducing the conditions observed at the Baixa-Chiado site. This set of parameters has also the 
merit of including adequately the data provided by the SBPT as shown in Figure 4.30. However, it should 
be noted that clearly other relationships for the disturbance factor could be employed, however a more 
detailed investigation of this issue was beyond the scope of this study. Although the approach suggested 
by Tatsuoka and Shibuya (1991), appears to work well for this boundary value problem its application 
to a different problem should be investigated and validated in a similar manner as shown here. 
 
 a) b) 
Figure 4.39 – Settlement trough of the numerical simulation of the excavation of the Baixa-Chiado station 
determined using the different disturbance scenarios proposed: a) Eastern gallery; b) Western gallery 
4.8.2.2 Results obtained with IS-A4 scenario 
In this section the results of the Baixa-Chiado back-analysis obtained with the IS-A4 scenario are 
presented and discussed in more detail. In Figure 4.40 the predicted surface settlement troughs for 
different construction stages of the Eastern gallery are compared with the monitoring data from the 
same stages (solid lines with filled symbols). The results show that the maximum settlements predicted 
until the excavation of the 1st bench are identical to those measured and from this stage onwards tend 
to be higher than the measured. The maximum settlements measured and determined numerically are 
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in the centreline of the Eastern gallery for all construction stages, with the exception of the pilot tunnel 
which presented a strange asymmetry in the field results. The predicted settlement troughs are wider, 
indicating a significantly larger affected area than observed. 
 
Figure 4.40 – Results of the settlement trough obtained for the different excavation stages of the Eastern gallery 
of the Baixa-Chiado station 
The settlement troughs obtained for different construction stages of the Western gallery (W. G.) are 
displayed in Figure 4.41. The plot shows good agreement between measurements and predictions at all 
stages. It is interesting to note that although two independent galleries have been excavated the final 
shape of the settlement trough measured and predicted numerically is typical of a single tunnel. This 
result is due to the proximity of the two galleries, which are only spaced 7 m apart, and is in agreement 
with the centrifuge tests performed by Divall et al. (2012) that showed similar settlement troughs for 
twin tunnels with a centreline distance smaller than 1.5 ∙ 𝐷. The model is also capable of reproducing 
the shift of the maximum displacement from the Eastern gallery towards the Western gallery that occurs 
during the excavation of the latter. Furthermore, just like for the Eastern gallery, the numerical model 
can capture the sudden increase of displacements that occurs when the top heading of the Western 
gallery is excavated. 
The settlement troughs obtained were again wider leading to an overestimation of the area affected by 
the excavation. In contrast, the agreement achieved on the maximum settlements was excellent, with 
the highest difference between measurements and predictions being less than 5 %. However, it should 
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be noted that in this analysis the effect of the forepoles installed around the perimeter of the excavation 
and the compensation grouting were not simulated and, consequently, the discrepancies between the 
model and the field are probably higher. The impact of both these factors will be assessed later in this 
chapter with the performance of a parametric study. 
 
Figure 4.41 – Results of the settlement trough obtained for the different excavation stages of the Western 
gallery of the Baixa-Chiado station 
In order to further assess the discrepancies observed the volume loss from the analysis was determined 
and plotted against that measured in the field (Figure 4.42). The results show that in all construction 
stages the volume loss estimated was higher than the observed by an average of 32 %. However, the 
results obtained using IS-A4 scenario are considerable better than those using the initial calibration 
(Triax), where an average difference of 59 % was determined. The measured volume loss was for all 
stages lower than 1 %, averaging 0.68 %. Based on the reference values published by O'Reilly and New 
(1982) and Mair and Taylor (1997) this value is considered small, although a direct comparison is difficult 
to perform since the dimensions of the galleries and the particular construction sequence adopted in 
this case were not covered in the original databases.  
The parameters obtained by fitting a Gauss curve to the monitoring data are presented in Figure 4.43. 
This curve, proposed by Peck (1969), is widely employed to describe the settlement trough from tunnels 
due to its shape and physical meaning of its 2 parameters. The first is simply the maximum displacement 
while the second is the trough width parameter, which represents the distance of the centreline to the 
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inflexion point of the settlement trough and is a direct measure of the area affected by the excavation. 
From Figure 4.43a) it is possible to confirm the excellent agreement in all excavation stages for the 
maximum displacement using the IS-A4 scenario. However, the analysis of the trough width parameter 
shows significant discrepancies for almost all stages, with the numerical model estimating values on 
average 28 % higher (Figure 4.43b). It is also possible to observe that the new calibration only improved 
marginally the results. 
The failure to capture the width of the settlement trough is a common problem in numerical simulation 
of tunnels excavated in stiff formations (Addenbrooke et al., 1997; Almeida e Sousa, 1998). The 
constitutive models adopted usually tend to overestimate the area affected by the excavation leading 
to the underestimation of the distortions at surface and, consequently, to a deficient and potentially 
unsafe analysis of the damage that buildings may suffer due to tunnel excavation. Despite several 
attempts performed using different approaches and constitutive models (Addenbrooke et al., 1997; 
Franzius et al., 2005; Grammatikopoulou et al., 2008) this problem is still not fully understood and more 
research is ongoing on this topic. 
 
Figure 4.42 – Comparison of the volume loss for the different excavation stages of the Baixa-Chiado station 
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Figure 4.43 – Comparison of the a) maximum displacement and of the b) trough width parameter for the 
different excavation stages of the Baixa-Chiado station 
4.8.2.3 Parametric studies using IS-A4 scenario 
Despite the quality of the adjustment achieved with the IS-A4 scenario some other assumptions in the 
numerical analysis needed further assessment due to their eventual impact on the results. A total of 3 
parametric studies were performed using the previous numerical analysis as a reference. In the first 
study the influence of the stiffness of the limestone layer was evaluated. Then, the stress relief factor 
was modified and its impact on the settlements analysed. Finally, 2 additional analyses were performed 
in order to assess the effect of modelling forepoles and compensation grouting on the displacements. 
(a) Influence of the stiffness of the Limestone layer 
Since the deformability of the limestone layer was estimated based on an empirical expression, which 
in turn depends on other assumptions, it was decided to carry out a parametric study in order to 
evaluate the influence of this parameter on the results. Three additional analyses were performed with 
moduli of 100, 500 and 1000 MPa. The deformability of the limestone was the only parameter modified 
compared to the reference analysis. The settlement troughs obtained at the end of the excavation of 
the Eastern and at the end of the construction are plotted in Figure 4.44. The results show a minimum 
impact of the Limestone layer stiffness on the predicted settlement troughs above both galleries. This 
behaviour is probably caused by the location of the limestone layer, 14 m above the crown of the 
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galleries, and by its small thickness, only 5 m, compared to gallery depth and diameter. The excavation 
of the galleries originates significant deformations in the soil located immediately above the crown and 
the limestone layer and acts as a flexible slab that deforms in conjunction with the soil beneath. 
However, this slight influence of the Limestone layer under these conditions may change considerably 
during the excavation of the Ivens shaft since the limestone layer will then be crossed. To assess the 
eventual modifications in the Limestone modelling a new study will be carried out later in this thesis, 
when the construction of the Ivens shaft itself is considered. 
 
 a) b) 
Figure 4.44 – Influence of the deformability of the limestone layer on the settlement trough of the Baixa-Chiado 
station: a) Eastern gallery; b) end of construction 
(b) Influence of the stress relief factor 
The method employed to account for various tunnelling effects on a 2D analysis of tunnel excavation 
specifies the stress relief factor. In the reference analysis this factor was set at 0.5, meaning that 50 % 
of the ground unloading due to the tunnel excavation was applied without lining support and the 
remaining 50 % was applied after lining installation. However, this parameter can vary significantly from 
case to case since it depends greatly on the properties of the soil, on the construction sequence adopted 
and on the timing of all operations. In order to evaluate its influence 2 additional analyses were 
performed, where the value of the stress relief factor was the only modification made compared to the 
reference analysis. Based on the values published by Moller (2006) for conditions similar to those 
observed in the Baixa-Chiado excavation, 2 extreme cases of a stress relief factor of 0.3 and 0.7 were 
considered. In the former the lining is installed after only 30 % of ground unloading while in the latter 
this percentage increases to 70 %. 
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Figure 4.45 shows the settlement troughs obtained at the end of the excavation of the Eastern and at 
the end of the construction, i. e. after the excavation of both galleries. The plots show that the 
magnitude of the stress relief factor has a significant influence on the results in both galleries. As 
expected, an increase in this parameter corresponds to an amplification of deformations. For a factor 
of 0.3 a maximum settlement of 60 mm at the end of the excavation of both galleries is estimated, while 
for a factor of 0.7 this nearly doubles to 112 mm. Based on the monitoring results and if all other 
parameters of the model were correctly defined a factor around of 0.4 for the Eastern gallery and of 
approximately 0.55 for the Western gallery would be appropriate. However, these values are 
contradictory since according to the available information the excavation of the Western gallery was 
more careful with a shorter delay in the installation of the lining and with smaller excavation steps, in 
addition to the support from the forepoles and compensation grouting. All these factors combined 
should result in a smaller stress relief factor in the Western gallery in comparison to the Eastern gallery. 
Consequently, based on these results and considering all the limitations and factors that affect the 
definition of this parameter, the value of 0.5 initially adopted can be considered a reasonable and 
balanced choice. 
 
 a) b) 
Figure 4.45 – Influence of the stress relief factor on the settlement trough of the Baixa-Chiado station: a) Eastern 
gallery; b) end of the construction 
(c) Influence of the simulation of the forepoles and compensation grouting 
As discussed previously, after the excavation of the Eastern gallery and due to the high distortions 
observed, the designers adopted several measures before excavating the Western gallery in order to 
reduce the differential settlements. Forepoles were installed around the top perimeter of the 
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excavation and compensation grouting was applied in a vast area (Figure 2.13) and at different depths 
inside the AE Top layer. Since both these measures were not considered in the reference model it was 
decided to perform 2 additional analyses to assess their influence on the excavation. In the first only 
the forepoles were modelled while in the second the compensation grouting was also added. The 
numerical modelling of compensation grouting is complex and usually performed by advanced 
constitutive models where volumetric expansion can be defined (Nicolini & Nova, 2000; Schweiger et 
al., 2004), or by introducing pressure along an internal boundary of the model (Wisser et al., 2005; 
Franzius et al., 2007). However, both these approaches are elaborate and require information that was 
not available for the Baixa-Chiado excavation. For this reason a simpler and less accurate methodology 
was employed. This approach consisted simply of changing the original properties of the soil to a new 
material with appropriate characteristics to simulate the modifications in soil behaviour due to 
forepolling and compensation grouting, while maintaining the same stress state in the ground.  
These 2 effects were introduced in the model after the excavation of the Eastern gallery and 
consequently the settlements determined in the reference analysis remained unchanged up until this 
stage (Figure 4.46a)). In the “Forepoles” analysis the changing of the properties of the soil occurred 
always prior to any excavation stage of the Western gallery (up to the 1st bench (Figure 4.27)), in order 
to simulate the previous installation of forepoles. This modification only affected the first layer of 
elements located in the extrados of the excavation boundary. In the following increments the 
excavation and construction of the lining (with a stress relief factor of 0.5) were performed without any 
further modifications. In the second analysis the forepoles were identically simulated. The only 
difference was the additional simulation of the compensation grouting, which was modelled by 
changing the material properties of the AE Top layer to properties of grout immediately after the 
excavation of the Eastern gallery. To describe the behaviour of the grouted soil layer an elastic perfectly 
plastic model, with the properties defined according to Candeias et al. (2007) was assumed. An effective 
Young’s modulus of 800 MPa and a Poisson’s ratio of 0.2 were adopted as elastic parameters while the 
yielding was defined by the Mohr-Coulomb failure criterion with cohesion of 700 kPa and an angle of 
shearing resistance equal to 40º. 
The settlement troughs obtained at the end of the construction of the station are depicted in Figure 
4.46b). From the plot is possible to verify that the simulation of the forepoles reduces the maximum 
settlement by about 10 mm and shifts its position towards the Eastern gallery, thus deteriorating the 
agreement with measured data initially achieved. The impact of the grouting was small and did not 
change significantly the results of the analysis with the forepoles. This apparent inefficiency of the 
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grouting is probably due to the modelling adopted in the numerical simulation, which appears to be 
inadequate. However, the lack of information, such as the grouting pressures, the exact location of the 
pipes in the alignment P36, among others factors, strongly discouraged the use of more complex 
methodologies since those would require the adoption of more unreliable assumptions. Overall, given 
the complexity of the numerical model and the assumptions adopted in the calibration the results 
obtained can be considered acceptable and the parameters representative of the geotechnical 
conditions observed at the Ivens shaft site. 
 
 a) b) 
Figure 4.46 – Influence of the forepoles and of the compensation grouting on the settlement trough of the Baixa-
Chiado station: a) Eastern gallery; b) end of construction 
4.8.3 SIMULATION OF THE TRIAXIAL TESTS USING IS-A4 SCENARIO 
In this section the results of the numerical simulation of the triaxial tests performed using the set of 
parameters defined by the IS-A4 scenario are presented. The plots obtained for simulations of all triaxial 
tests, including AE and AP formations, can be found in Appendix F. Figure 4.47 shows the results 
obtained for 4 tests which can be considered representative of the behaviour of both formations. 
Generally, the new set of parameters increased the stiffness at small strains. However in comparison 
with the previous calibration, it did not have much impact on the stress-strain curves, on the volumetric 
behaviour and on the generation of pore water pressures. The new stiffness curves converge to the 
previous ones for strains higher than 0.1 %, which is in agreement with the IS-A4 approach, as depicted 
in Figure 4.30. Overall, the new set of parameters does not compromise significantly the quality of the 
calibration and the agreement of the simulations with the general behaviour of the Miocene formations. 
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 a) b) c) d) 
Figure 4.47 – Comparison of the results of the numerical simulation of the triaxial tests performed: a) stress 
path; b) stress-strain curve; c) evolution of the volumetric strains/pore water pressures; d) stiffness degradation 
curves 
4.8.4 SIMULATION OF THE SBP TESTS USING IS-A4 SCENARIO 
The stress-strain curves of 6 SBP tests predicted using the new set of parameters defined in the IS-A4 
scenario are presented in Figure 4.48 and Figure 4.49, for the AE and AP formations, respectively. The 
curves obtained for the remaining tests can be found in Appendix F and present similar results. The new 
set of parameters improved significantly the agreement with field results in practically all tests, although 
the majority of the curves continued to present higher deformations. In some tests, such as S3T4 in 
Figure 4.48a), the results agreed almost perfectly with the field data, but there were also a few cases 
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(S10T4 in Figure 4.48c)) where the numerical model estimated lower deformations. Despite this, it is 
likely that a better agreement would probably be difficult to achieve given the heterogeneity observed 
in the SBPT. Consequently, this set of parameters can be considered adequate for simulating the 
behaviour observed in the SBPT tests. 
 
 a) b) c) 
Figure 4.48 – Comparison of the numerical simulation of the SBPT performed in the AE formation using the 
triaxial and the IS-A4 methodologies: a) S3T4; b) S9T4; c) S10T4 
 
 a) b) c) 
Figure 4.49 – Comparison of the numerical simulation of the SBPT performed in the AP formation using the 
triaxial and the IS-A4 methodologies: a) S3T6; b) S4T4; c) S10T6 
 
4.9 SUMMARY AND CONCLUSIONS 
In the first part of this chapter the numerical tools employed in the calibration and validation of the 
geotechnical parameters of the Miocene formations at the Ivens shaft site were presented. The 
advantages and limitations of using optimisation methods to estimate parameters were discussed. 
Particular attention was given to the use of these techniques as “black-boxes”, since this can produce 
misleading results (Taborda et al., 2008). From the diverse optimisation techniques available, the 
genetic algorithms (GAs) were selected due to their simplicity, robustness and efficiency. The 
evolutionary principles of the natural selection which represent the concept of the GAs were described 
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in detail alongside with the software employed in the optimisation, NT.CFit v3.5 (Taborda, 2012). 
Subsequently to this, the principal numerical tool used in this thesis, the finite element program ICFEP, 
was introduced. The capabilities of this code in simulating the excavation of the Ivens shaft using 
appropriate constitutive soil models and boundary conditions were highlighted, although the main 
characteristics and basic concepts of ICFEP were not discussed in detail as they are beyond the scope of 
this thesis and are comprehensively presented in Potts and Zdravković (1999). 
Subsequently, the importance of selecting an adequate constitutive model was discussed and the 
models chosen to reproduce the behaviour of the Miocene formations presented. The Nonlinear Mohr-
Coulomb model was employed to describe the yielding of some of the Miocene formations, as it 
considers the effect of the confining stress on the material strength. Particular focus was given to the 
Imperial College Generalised Small Strain Stiffness model since this model combines the capabilities of 
both the cyclic and monotonic models usually employed to characterise the small strain stiffness of soils. 
The flexibility of this model in considering different factors affecting the stiffness and the possibility of 
simulating a more realistic behaviour of the soil during unloading and reloading paths were highlighted.  
The second part of the chapter began with the calibration of the chosen constitutive models. This 
calibration was performed using the results of the laboratory tests presented in the previous chapters. 
A hierarchical order was employed so that each parameter was estimated sequentially in accordance 
with its physical relevance and with its independency from other values. First the parameters were 
determined directly from the results of laboratory tests. Subsequently, the mathematical constants 
were estimated using optimisation methods in the form of genetic algorithms. Lastly, a trial and error 
procedure was used to evaluate parameters that affected several aspects of soil behaviour. The majority 
of the parameters for the fill and for the limestone were determined based on empirical expressions 
and from other works published in the literature for formations with similar characteristics. In the 
calibration of the Miocene formations a few assumptions were adopted in order to derive some of the 
parameters. These did not compromise significantly the calibration and a good adjustment of the 
constitutive models to the laboratory data was generally achieved.  
In order to assess the assumptions adopted under different conditions 3 validation studies were carried 
out. A good agreement was achieved in the first study which consisted of the simulation of the triaxial 
tests performed by the author. In contrast, the results of the numerical modelling of the SBPT revealed 
poor agreement with measurements, with the deformations being generally overestimated. The third 
study was the back-analysis of tunnel excavations at the Baixa-Chiado station. The comparison of the 
predicted settlement troughs with those obtained from the monitoring data confirmed the results of 
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the SBPT simulations, with the stiffness of the soil underestimated in the analysis, probably due to the 
high sample disturbance that affected the results of the laboratory tests. 
Based on these results a re-evaluation of the stiffness of the Miocene formations was conducted in 
order to include the scarce data obtained from the field tests. A new calibration was performed 
following the same principles defined previously. The interaction between field and laboratory tests was 
based on the methodology proposed by Tatsuoka and Shibuya (1991), which suggests that the stiffness 
curves obtained from the triaxial tests should be multiplied by a disturbance factor. However, since the 
proposal does not define a relation of the disturbance factor with the strain level 5 different scenarios 
were adopted and calibrated. 
Finally, the new sets of parameters were assessed by performing the previous 3 validation studies. From 
the results of the Baixa-Chiado back-analysis it was possible to select the most adequate scenario to 
represent the small strain stiffness behaviour of the Miocene formations. This approach also revealed a 
reasonable agreement with the triaxial tests and improved considerably the predictions of the SBPT. 
The final set of parameters defined for all the formations is presented in Table 4.18. 
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Table 4.18 – Summary of the parameters considered in the numerical analysis 
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CHAPTER 5 
NUMERICAL ANALYSIS OF THE CONSTRUCTION OF 
THE IVENS SHAFT 
5.1 INTRODUCTION 
The following chapter presents the principal results of the numerical simulation of the excavation of the 
Ivens shaft. Firstly, the geometry, the boundary conditions and parameters adopted in the 3D model 
are presented. Particular relevance is given to the description of the complex construction sequence 
designed for the shaft. The simplifications and limitations of the 3D numerical model are also discussed 
in the first part of the chapter. Subsequently, the factors affecting the definition of the initial stress 
conditions of the model are presented. The buildings adjacent to the shaft and in particular the Baixa-
Chiado station are considered in the analysis since their presence disturbs considerably the traditional 
greenfield stress profile. The results of the modelling adopted are presented and compared with those 
obtained with the 2D model employed in the previous chapter.  
In the last section of this chapter the results obtained from the reference analysis are presented and 
discussed in detail. The movements and stress modifications caused by the excavation are shown for 
different stages of shaft construction. The development of the deformations of, and forces acting on, 
the shaft lining are presented and their relation with the excavation shape and sequence investigated. 
The impact of the construction of the Ivens shaft on the Baixa-Chiado station is also addressed by 
plotting the evolution of the deformations and the increase of the forces acting on the support 
structures of the station with shaft construction. The displacements and strains predicted at foundation 
level of the adjacent buildings are also used to perform a risk assessment of the damage inflicted by the 
shaft construction based on the methodology proposed by Boscardin and Cording (1989) and Burland 
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(1995). Finally, and since the excavation occurs under undrained conditions, the overall behaviour of 
the construction of the Ivens shaft is evaluated in the long-term. 
5.2 3D NUMERICAL MODEL 
5.2.1 GEOMETRY OF THE PROBLEM 
As mentioned previously the Ivens shaft is situated in the Chiado quarter adjacent to downtown Lisbon. 
More precisely, the construction site is located in a backyard surrounded by old buildings and access is 
through the Quintão building (number 8 in Figure 5.1). Due to the complex geometry of the shaft (see 
Figure 2.14 and 2.15) the analysis cannot be simplified and a full 3D model is required in order to capture 
the three-dimensional effects of the excavation. The asymmetric distribution and different 
characteristics of the buildings at ground surface and the location of the Baixa-Chiado station in the 
vicinity of the shaft reinforce the three-dimensional nature of the problem, and cannot be disregarded 
in the analysis since their presence can substantially affect the overall behaviour of the excavation. The 
geometry of the model also enables the reproduction of the complex construction sequence established 
for the shaft and includes all the associated support features, such as the shotcrete with different 
thicknesses and the jet-grouting columns (see Figures 2.15, 2.16 and 2.17). A further aspect that was 
considered in the model was the simulation of the opening of the tunnel that connects the shaft and 
the Baixa-Chiado station. In addition, and in order to represent adequately the geotechnical conditions 
observed on site, the model also includes all the layers previously identified in the ground profile. 
The inclusion of all these aspects in a single finite element model increases significantly its complexity 
and consequently its generation usually involves some simplifications in the details of some elements. 
Another limitation is the computational resources available for running such a complex analysis. Despite 
the progress in recent years in this field these resources are not unlimited and even with adequate 
conditions the amount of time required for each analysis can jeopardise the investigation. Therefore, it 
is of crucial importance to optimise the numerical model design in order to achieve a reasonable 
compromise between a good accuracy in the results and the computational costs. 
Considering the above the boundaries of the model were defined as illustrated in Figure 5.1. A square, 
in plan, of 80 m side was considered with the shaft located at its centre. The depth of model and its 
stratigraphy were assumed to be the same as that adopted in the 2D model employed in the back-
analysis study of the Baixa-Chiado station (Figure 4.26). The importance of the distance to the 
boundaries of the section under study has been highlighted by Vermeer et al. (2002) and Franzius (2003) 
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for tunnel excavations. They showed that steady-state tunnel construction conditions were only 
achieved for dimensions larger than that adopted in this model. However, since the main objective of 
this study was associated with the opening of the Ivens shaft and not in the excavation of the Baixa-
Chiado station the dimensions were considered to be adequate (see Figure 2.15). It should also be noted 
that the values selected are within the limits observed in centrifuge tests for the area affected by the 
excavation of shafts (see Figure 1.2b)). 
 
Figure 5.1 – Geometry in plant adopted for the 3D numerical model 
In order to minimise the computational resources required it was decided to model only half of the 
Baixa-Chiado station, the Western gallery. As consequence the vertical East boundary of the model 
become a symmetry plane. The complex construction sequence adopted in the excavation of the 
Western gallery (see Figure 4.27) was also disregarded and a simplified approach was considered. The 
implications of these assumptions will be discussed at a later stage in this chapter. A further 
simplification was adopted when modelling the buildings. These were considered as equivalent blocks 
with homogenised properties, since a more detailed discretisation, similar to that performed by 
Bloodworth (2002), would increase dramatically the computational time required and was beyond the 
scope of this study. A total of 14 buildings were totally or partially modelled as depicted in Figure 5.1. It 
was also assumed, based on a survey carried out among residents, that the foundations of the buildings 
were located 1 m below street level. The sheds located in the backyard were not considered in the 
model due to their small stiffness and absence of regular foundations. It should also be noted that the 
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backyard was considered to be elevated 5 m above the streets level. The methodology employed to 
derive the parameters of each building will be addressed later in this chapter. 
5.2.2 MESH GENERATION 
After the definition of the geometry of the problem the domain was subdivided into 8589 hexahedra 
solid finite elements with each 20 nodes, giving a total of 38098 nodal points, using the pre-processor 
of the software package GID v7.0 (2012). These elements include those used to model the lining of the 
shaft and of the station which were assigned appropriate thicknesses. In these elements curved 
boundaries were employed, using the mid-side nodes, in order to reproduce more accurately their real 
shape. The jet-grouting columns were also modelled as solid elements and continuity was assumed 
between the two pairs of columns, producing a solid shell of about 1 m thickness located at the extrados 
of the excavation in the transition zone (see Figure 2.16 and 2.17). Perfect contact was assumed 
between all elements and consequently no interface or joints were considered between the soil and the 
structural elements and buildings. This assumption is believed to be conservative since the presence of 
joints would reduce the horizontal strains in the foundations of the buildings and consequently the 
damage predicted. Front and back views of the 3D model generated and used in all analysis is displayed 
in Figure 5.2. From the figure is possible to identify the 7 different layers of soil previously defined as 
well as 3 different types of buildings which will be discussed at a later stage in this chapter.  
 
Figure 5.2 – Mesh and geotechnical ground profile considered in the 3D model 
The details of all the structures and infrastructures hidden inside the mesh are presented in Figure 5.3. 
The complexity of the mesh generated is clearly visibly in some of those elements, particularly in the 
shaft and connection tunnel. The model also includes the connections between the Western and 
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Eastern galleries of the Baixa-Chiado station as well as part of the connection tunnel to the Ivens shaft, 
which was built during the construction of the station. The retaining wall and the top and bottom slabs 
of the shaft were also modelled. After generation by GID v7.0 the mesh was imported into ICFEP through 
an interface specifically developed for this purpose. 
            
 
Figure 5.3 – Details of the structures and infrastructures considered in the 3D model 
5.2.3 BOUNDARY CONDITIONS 
The displacement boundary conditions chosen for the model were considered to be standard for 3D 
analysis, i.e. no horizontal movement was allowed normal to the vertical boundary planes and no 
movements, in any direction, were permitted on the base of the model. The top surface had no 
restrictions and consequently the deformations could occur in any direction. 
Due to the presence of water in the model and the nature of the “Argilas e Calcários dos Prazeres” 
formation a coupled consolidation analysis was performed and consequently hydraulic boundary 
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conditions had to be established in order to control the movement of the water. The soil formations 
located below the water table were considered consolidating materials and appropriate seepage 
properties were adopted for these elements (Table 4.18). A constant hydrostatic profile with a ground 
water table at a depth of 23 m was assumed on the West boundary of model throughout all increments 
of the analysis. This condition assured that a permanent and constant flow of water was introduced into 
the model. From the increment of the analysis where the excavation reached the phreatic level onwards 
a zero pore water pressure condition was imposed on the exposed surfaces of the excavation (bottom 
and lateral sides) to simulate the drained conditions that are expected. Identical boundary conditions 
were established for the excavation of the connection tunnel. All the linings were assumed to be 
impermeable and consequently after the construction of the bottom slab of the shaft no water could 
flow into the excavation. Other hydraulic conditions were defined for the Western gallery of the station 
which will be presented later in this chapter. 
The time step considered for each increment of the analysis was 1 day, which implied that the total 
construction of the shaft should take about 1 year. After the conclusion of the excavation a total of 50 
years of consolidation were simulated in order to evaluate the long-term response. 
5.2.4 CONSTRUCTION SEQUENCE OF THE EXCAVATION OF THE SHAFT 
5.2.4.1 General aspects 
As mentioned previously the construction sequence designed for the excavation of the Ivens shaft is 
complex and can be divided into 3 different stages. In the first stage the retaining wall is constructed in 
the backyard of the Quintão building. The excavation of the shaft itself begins in cycles of 1 m depth 
until a total depth of 36.5 m is reached. During this process 3 distinct sections can clearly be identified, 
the elliptical zone, the transition zone and finally the circular section. Finally, the second stage of the 
excavation is concluded with the construction of the bottom slab. In the final stage the connection 
tunnel is opened and the shaft is connected to the Baixa-Chiado station. The simulation of each of these 
stages will be addressed in more detail in the following sections. 
5.2.4.2 Construction of the retaining wall 
The proposed construction of the retaining wall is very complex and includes propping and excavation 
and construction steps that can vary based on the heterogeneous ground conditions at the site. To avoid 
this complexity and variability a simplified approach was considered. The approach consisted in applying 
the stress relief method (Panet & Guenot, 1982) already employed in the 2D simulations of the 
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excavation of the Baixa-Chiado station. The construction of the retaining wall was then performed in 
two stages. Initially a box of soil, with approximately 17 m length, 10 m width and 5 m depth, was 
excavated but only 33.3 % ( = 0.333) of the unloading was allowed (Figure 5.4a)). In the following stage 
the support, with a 40 cm thickness, and the top slab, with 60 cm thickness, were installed and the 
remaining unloading forces applied (Figure 5.4b)). Although this approach is clearly a simplification of 
the construction it is expected that it does not influence significantly the overall behaviour of the 
excavation of the shaft. The stress relief factor adopted was based on the conservative measures that 
were defined for the excavation in the design project. 
   
Figure 5.4 – Details of the excavation of the retaining wall: a) excavation of the soil; b) construction of the 
retaining wall and of the top slab 
5.2.4.3 Excavation of Ivens shaft 
The excavation of the Ivens shaft is only considered to begin after the construction of the retaining wall 
and therefore at an elevation of 0 m, i.e., at street level. The envisaged construction sequence involves 
the execution of 6 stages per each cycle of 1 m depth of excavation. These stages are shown graphically 
in Figure 5.5. The idea behind this design was mainly to ensure that at any stage of the excavation two 
simultaneous teams could be working, so that the time required for the construction could be 
significantly reduced. This scheme, where 1 central core and 6 lateral bits of soil are excavated in an 
anticlockwise direction alternating with the construction of the sprayed shotcrete, was adopted in each 
cycle until a final depth of 36.5 m was reached, regardless of the shape of the shaft. However, the 
thickness of the lining was increased from an initial 30 cm for the elliptical section, to 45 cm in the 
transition zone and finally 60 cm in the circular section. At a depth of 19 m (measured from street level), 
coinciding with the end of the elliptical section of the shaft, the jet-grouting columns were installed. In 
the model this stage was simulated simply by changing the material properties of the soil elements to 
jet-grouting characteristics. Figure 5.6a) depicts the increment corresponding to the “installation” of 
the jet-grouting columns. In the subsequent increments the excavation of the shaft restarts following 
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the general scheme until the conclusion of the shaft. In the final increment of the excavation in addition 
to the installation of the last pieces of shotcrete, a bottom slab of 60 cm thickness is constructed 
isolating the shaft from the soil and ensuring its water tightness. A view of this last increment is depicted 
in Figure 5.6b) where it is possible to visualise the insertion of the shaft into the ground profile and its 
proximity to the Western gallery of the Baixa-Chiado station. 
       
              
Figure 5.5 – Details of the excavation of each 1 m step of the Ivens shaft: a) excavation and construction scheme; 
b) stage 1; c) stage 2; d) stage 3; e) stage 4; f) stage 5; g) stage 6) 
     
Figure 5.6 – View of the model a) after the construction of the jet-grouting columns b) at the end of the 
excavation of the Ivens shaft 
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5.2.4.4 Excavation of the connection tunnel 
The last stage of the works consists of the excavation of the connection tunnel between the shaft and 
the station. As mentioned previously nearly half of this 10 m long tunnel is already constructed and 
consequently it is only required to excavate the last 5 m. The width and height of the tunnel are 
approximately 6 m and the shape is approximately a horseshoe as can be seen in Figure 5.7a). The first 
increment of the simulation consists of the removal of part of the lining of the shaft. This is followed by 
excavation of the tunnel in steps of 1 m length. Each step is performed over two increments. In the first 
increment excavation is simulated whereas in the second increment the 40 cm thick lining is 
constructed. Consequently, the unsupported length of tunnel is just 1 m. The last increment of the 
analysis corresponds to the excavation of the closing concrete wall of the existent tunnel in the side of 
the station, so that the connection is complete. A view of the final stage of the works focusing on the 
tunnel is illustrated in Figure 5.7b). 
                     
Figure 5.7 – a) Scheme adopted for the excavation of the connection tunnel b) view of the connection tunnel 
after its completion 
5.2.5 PARAMETERS ADOPTED 
5.2.5.1 Soils 
The soil formations identified in the previous chapters are all represented in the 3D model. The 
geotechnical characteristics adopted were derived and validated in the previous chapter and are 
summarised in Table 4.18. As with the 2D model the AE formation was divided into 3 layers, one above 
the limestone (AE Top), another immediately below (AE Middle) and finally one below the water table 
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(AE Bottom) (Figure 5.2). The properties of all these 3 layers are exactly the same. The water table was 
also considered to be located at 23 m depth. 
5.2.5.2 Structural materials 
A total of 6 different structural materials were simulated using solid elements. A linear elastic model 
was adopted for the linings of the station and of the shaft with the elastic parameters being defined by 
a constant Young’s modulus and Poisson’s ratio. A different value of stiffness was considered depending 
on the ageing of the lining, while a Poisson’s ratio of 0.25 was adopted for all linear elastic materials. A 
value of 8 GPa was assumed for the Young’s modulus of the lining of the shaft and of the connection 
tunnel, since these materials consist of sprayed shotcrete and therefore have a low stiffness at earlier 
age. For the support of the retaining wall and of the top and bottom slabs a value of 20 GPa was selected, 
since these are made of cast-in-place concrete which usually presents a higher stiffness when compared 
with shotcrete. Finally, a value of 23 GPa was adopted for the lining of the Baixa-Chiado station since its 
installation occurred in 1998 and therefore the stiffness has reached its maximum value. The 
parameters adopted for all these materials are summarised in Table 5.1. 
An additional material was considered in the model to simulate the jet-grouting columns. Based on a 
design project (Cenorgeo, 2008) and on the results of laboratory tests presented by Candeias et al. 
(2007) on similar materials an elastic perfectly plastic model, with the yielding defined by the Mohr-
Coulomb failure criterion, was adopted. The parameters assumed for the jet-grouting columns are also 
presented in Table 5.1. 
Table 5.1 – Parameters of the linings 
Designation Material Model 
Yielding properties  Elastic parameters 
c’ (kPa) ’ (º)  E (GPa)  
Shaft lining Shotcrete Linear elastic – –  8.0 0.25 
Retaining wall Concrete Linear elastic – –  20.0 0.25 
Bottom /Top slabs Concrete Linear elastic – –  20.0 0.25 
Connection tunnel Shotcrete Linear elastic – –  8.0 0.25 
Station lining Concrete Linear elastic – –  23.0 0.25 
Jet-Grouting Grouting Mohr-Coulomb 700 40  0.8 0.20 
 
5.2.5.3 Buildings 
As mentioned the buildings were modelled as equivalent blocks and their properties were determined 
following the methodology presented by Franzius (2003) (Figure 5.8). In order to perform the conversion 
it is first required to determine the bending ((𝐸𝐼)𝑠𝑡𝑟𝑢𝑐𝑡) and axial ((𝐸𝐴)𝑠𝑡𝑟𝑢𝑐𝑡) stiffness of the real 
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structure. These can be calculated by employing equations 5.1 and 5.2, assuming that the connection 
between walls and slabs is perfect and that there is continuity in the structure, which is often not the 
case, particularly in old buildings. As consequence this method tends to overestimate the real stiffness 
of the buildings and should by employed carefully. 
The bending stiffness (equation 5.1) is determined considering the inertia of each of the slabs – number 
of storeys (𝑚) plus one – and their relative distance to the neutral axis of the structure (ℎ𝑚), which was 
assumed to be located at the mid-height of the building. The inertia of each slab can be simply calculated 
using equation 5.3 where 𝑡𝑠𝑙𝑎𝑏 is the corresponding thickness and 𝐿 is the out-of-plane dimension. The 
axial stiffness of the structure (equation 5.2) is simply the sum of the axial stiffness of each slab which 
is given by equation 5.4. The Young’s modulus of each slab (𝐸𝑠𝑙𝑎𝑏) should be set accordingly to the 
nature of the material from which it is constructed. 
 
Figure 5.8 – Conversion of the stiffness of the structure of a building in an equivalent block 
 
(𝐸𝐼)𝑠𝑡𝑟𝑢𝑐𝑡 = 𝐸𝑠𝑙𝑎𝑏 ∙ ∑(𝐼𝑠𝑙𝑎𝑏 + 𝐴𝑠𝑙𝑎𝑏 ∙ ℎ𝑚
2 )
𝑚+1
𝑖
 5.1 
 (𝐸𝐴)𝑠𝑡𝑟𝑢𝑐𝑡 = 𝐸𝑠𝑙𝑎𝑏 ∙ 𝐴𝑠𝑙𝑎𝑏 ∙ (𝑚 + 1) 5.2 
 
𝐼𝑠𝑙𝑎𝑏 =
𝑡𝑠𝑙𝑎𝑏
3 ∙ 𝐿
12
 5.3 
 𝐴𝑠𝑙𝑎𝑏 = 𝑡𝑠𝑙𝑎𝑏 ∙ 𝐿 5.4 
In order to reproduce the characteristics of the building the stiffness properties of the equivalent block 
must be determined. This implies that equations 5.5and 5.6 must be satisfied. By rearranging these 
expressions it is possible to calculate the equivalent parameters of the block, 𝐻𝑒𝑞𝑢𝑖𝑣 and 𝐸𝑒𝑞𝑢𝑖𝑣, using 
equations 5.7 and 5.8, respectively. 
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(𝐸𝐼)𝑠𝑡𝑟𝑢𝑐𝑡 = 𝐸𝑒𝑞𝑢𝑖𝑣 ∙
𝐻𝑒𝑞𝑢𝑖𝑣
3 ∙ 𝐿
12
 
5.5 
 (𝐸𝐴)𝑠𝑡𝑟𝑢𝑐𝑡 = 𝐸𝑒𝑞𝑢𝑖𝑣 ∙ 𝐻𝑒𝑞𝑢𝑖𝑣 ∙ 𝐿 5.6 
 
𝐻𝑒𝑞𝑢𝑖𝑣 = √
12 ∙ (𝐸𝐼)𝑠𝑡𝑟𝑢𝑐𝑡
(𝐸𝐴)𝑠𝑡𝑟𝑢𝑐𝑡
 5.7 
 
𝐸𝑒𝑞𝑢𝑖𝑣 =
(𝐸𝐴)𝑠𝑡𝑟𝑢𝑐𝑡
𝐻𝑒𝑞𝑢𝑖𝑣
 5.8 
This methodology was applied to determine the equivalent properties of each of the 14 buildings 
considered in the 3D model. Despite the efforts it was not possible to conduct a complete 
characterisation survey of the buildings and consequently it was assumed, for simplicity, that they could 
be grouped according with their general nature. The more recent buildings (number 4 and 10) have a 
reinforced concrete frame structure and hence a Young’s modulus of 23 GPa and a slab thickness of 
15 cm was conservatively assumed in the analysis. The oldest buildings have mainly a brickwork or 
masonry load bearing wall structure with most of the slabs being constructed with pine or oak timber 
(Miranda, 2011). An additional division was considered for these buildings dependent on their current 
condition. A slab stiffness, 𝐸𝑠𝑙𝑎𝑏, of just 7.5 GPa was adopted for the buildings with the poorest 
conditions (number 1, 7, 8, 9) while a value of 12 GPa was assumed for the remainder. These values 
were defined conservatively based on the lowest and average stiffness presented in the literature for 
pine or oak of timber (Machado, 2006; USA Department of Agriculture, 2010). The thickness of the 
timber slabs was assumed as being 20 cm. The equivalent parameters obtained for each building are 
presented in Table 5.2.  
The height considered in the model for each building was determined for the equivalent block, 𝐻𝑒𝑞𝑢𝑖𝑣. 
However, since the equivalent stiffness of each block was different for each building it was decided to 
group them into 3 types in order to simplify the model. For each of the groups a slightly more 
conservative and round value of stiffness was adopted as showed in Table 5.2. The weight of the 
buildings was also considered in the analysis with a surcharge load of 10 kPa being applied per storey.  
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Table 5.2 – Equivalent parameters of the buildings 
Number H (m) Storeys Slabs 
Slab 
material 
Eslab 
(GPa) 
tslab 
(m) 
Structure  Equivalent block  FE model 
(EI)struct 
(GN.m) 
(EA)struct 
(GN/m) 
 Hequiv 
(m) 
Eequiv 
(MPa) 
 
Type 
EFE 
(MPa) 
1 12 4 5 Timber 1 7.5 0.20 135 8  14.7 510  Type 1 500 
2 9 3 4 Timber 2 12.0 0.20 108 10  11.6 826  Type 2 800 
3 15 5 6 Timber 2 12.0 0.20 378 14  17.7 811  Type 2 800 
4 15 5 6 Concrete 23.0 0.15 543 21  17.7 1166  Type 3 1150 
5 12 4 5 Timber 2 12.0 0.20 216 12  14.7 816  Type 2 800 
6 3 1 2 Timber 2 12.0 0.20 11 5  5.2 923  Type 2 800 
7 18 6 7 Timber 1 7.5 0.20 378 11  20.8 505  Type 1 500 
8 15 5 6 Timber 1 7.5 0.20 236 9  17.7 507  Type 1 500 
9 15 5 6 Timber 1 7.5 0.20 236 9  17.7 507  Type 1 500 
10 15 5 6 Concrete 23.0 0.15 543 21  17.7 1166  Type 3 1150 
11 12 4 5 Timber 2 12.0 0.20 216 12  14.7 816  Type 2 800 
12 9 3 4 Timber 2 12.0 0.20 108 10  14.6 826  Type 2 800 
13 12 4 5 Timber 2 12.0 0.20 216 12  14.7 816  Type 2 800 
14 6 2 3 Timber 2 12.0 0.20 43 7  8.5 848  Type 2 800 
5.3 MODELLING THE INITIAL GROUND CONDITIONS 
5.3.1 GENERAL ASPECTS 
The establishment of the appropriate initial stress conditions is of paramount importance in 
geotechnical problems, particularly in those involving excavations, since all the movements determined 
are strongly related to the magnitude of the forces released by the excavation. In the case of the 
construction of the Ivens shaft a simple ground stress profile based on gravity and K0 value cannot be 
assumed due to the presence of the Baixa-Chiado station and due to the asymmetric loading at the 
ground surface (buildings and fill in the backyard). The ideal solution would be to reproduce numerically 
all the phenomena that has occurred at the site since the deposition of the soil layers in order to define 
the appropriate stress conditions. However, such task is of extreme complexity because most of those 
phenomena are not known in detail and therefore several assumptions would have to be adopted. 
Another limitation is the restricted domain of the problem which is not refined enough even to simulate 
the entire construction sequence adopted in the excavation of the Baixa-Chiado station.  
To overcome these difficulties a four stage approach was followed in order to obtain a reasonable and 
reliable stress profile. Firstly, an initial stress field was generated assuming greenfield conditions similar 
to that performed for the 2D model employed in Chapter 4. Then, the excavation of the Baixa-Chiado 
station was simulated and the construction sequence adopted in the 3D model was selected in order to 
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reproduce the results obtained with the 2D model, which have already been validated against the 
instrumentation data. The third stage consisted in the construction at ground surface of the buildings 
and of the fill located in the backyard. The connections and the existing part of the connection tunnel 
in the Baixa-Chiado station were also constructed at this stage. Clearly the chronological sequence is 
not followed at this stage because most of the buildings and the fill in the backyard were already in 
place before the construction of the station. However, since it was not possible to perform a validation 
against the 2D model with the presence of the buildings, it was decided that the importance of 
reproducing the excavation of the station was more relevant, and consequently the chronological 
sequence was inverted. The impact of this assumption in the stress field is expected to be marginal due 
to the depth of the station and due to the reduced load applied by the buildings. Finally, the last stage 
consisted in a consolidation stage in order to simulate the time elapsed between the construction of 
the station (1998) and the current year (2013). In the following sections the methodology and results of 
each of these stages are described and presented in detail. 
5.3.2 PRESENCE OF THE BAIXA-CHIADO STATION 
The initial stress field adopted in the 3D model was similar to that defined for the 2D model. The 
thickness, unit weight and K0 profile established in the 2D model (see Figure 4.26 and Table 4.18) were 
equally reproduced in the 3D model in order to minimise the differences between the 2 analyses. 
However, it is not possible to simulate the complete construction sequence of the excavation of the 
station using the 3D model since only the Western gallery was modelled. This limitation is, however, 
slightly overcome due to the plane of symmetry in the model. Its presence implies that the excavation 
of the Western gallery is in reality mirrored and consequently corresponds to the simultaneous opening 
of two twin galleries in the 3D model. Nevertheless, the fact that both galleries were excavated at 
different times and with different construction sequences cannot be reproduced by the 3D model. 
Another aspect that cannot be simulated is the real construction sequence adopted in the Western 
gallery since only a course mesh was generated.  
To minimise all these limitations and at the same time to reproduce as accurately as possible the effects 
of the construction of the station it was decided to adopt the construction sequence illustrated in Figure 
5.9. The excavation of the Western gallery was performed in two phases, top heading and bench, and 
the lining, with 1 m thickness, was installed after each of the excavation phases. Despite being a 3D 
model the stress relief method (Panet & Guenot, 1982) was once again employed in order to allow a 
direct comparison with the results of the 2D model. A stress relief factor of 0.5 was adopted in both 
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excavation phases. To ensure plane strain conditions the excavation was also performed over the whole 
length of the mesh. 
 
Figure 5.9 – Construction sequence adopted for the excavation of the Baixa-Chiado station in the 3D model 
In addition to the hydrostatic pore water pressure profile imposed on the West boundary of the model, 
it was necessary to define a suitable hydraulic boundary condition around the inside of the station 
tunnel in order to control the flow of water into the station. However, it was not possible to employ the 
dual condition, zero flow or zero water pressure, used in the 2D model since this option is not yet 
available for 3D models. Consequently, a zero pore water pressure condition was imposed around the 
tunnel periphery during and immediately after excavation. After the installation of the lining this 
boundary was considered to be impermeable and no water could flow into the station. The time step 
used in the coupled consolidation analysis was similar to that employed in the 2D model, a period of 3 
years for the total excavation and construction of the lining. 
The final settlement troughs obtained for the front (X=80 m) and back (X=0 m) boundaries of the 3D 
model (see Figure 5.2) are presented in Figure 5.10. The results determined with the 2D model and the 
monitoring data are also shown in the figure for comparison. As expected, the 3D curves, front and back, 
give identical settlements confirming the plane strain condition imposed. From this figure it is also 
possible to observe that there is good agreement between the 3D curves and the remaining results. The 
3D model slightly overpredicts the maximum settlement in comparison with the 2D value, although it is 
in close agreement with the instrumentation data. The shift of the maximum settlement observed in 
the 2D model and in the monitoring data towards the Western gallery cannot be captured by the 3D 
model due to the already mentioned limitations of the mesh. Nevertheless, and in spite of these 
discrepancies, it is possible to conclude that the construction sequence adopted in the 3D model for the 
excavation of the station reproduces successfully the displacements measured at the ground surface. 
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Figure 5.10 – Comparison of the settlement troughs of the Baixa-Chiado station obtained with the 3D model 
In order to compare the results of the 2D and 3D models the contours of the mean effective stress, 
stress level and pore water pressures are plotted in Figure 5.11, Figure 5.12 and Figure 5.13, 
respectively, for both models. It should be noted that in the figures only half of the 2D model is depicted 
to facilitate the comparison. In addition, in ICFEP the convention for stresses is that negative values 
represent compression and positive values imply tension. The figures reveal a very reasonable 
agreement between the 2 models. The differences in the mean effective stress can be considered 
minimal and are essentially localised around the station (Figure 5.11). The stress ratio also presents 
some discrepancies that are probably related with the construction sequence adopted (Figure 5.12). 
The high number of excavation stages in the 2D model introduces a higher concentration of stresses 
around the corners of the openings leading to an increase of the stress ratio in these areas which is not 
observed in the 3D model. However, these differences do not significantly compromise the good quality 
of the agreement between the 2 models. It should be noted that the stress level contours with values 
above 1 are a consequence of the numerical interpolations performed by the output program and 
should be read as 1, implying that yielding occurred in that area. Finally, the highest divergence occurs 
in the pore water pressures with the 2D model generating suctions below the bottom of the station 
which are not reproduced by the 3D model (Figure 5.13). However, those differences are justified by 
the hydraulic boundaries conditions employed in both models. The absence of the dual condition in the 
3D model led to the observed discrepancies. However, since a stage of consolidation will be simulated 
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at the end of the station construction the differences in the pore water pressure distribution should 
became almost inexistent.  
From these results it is possible to conclude that the simulation of the station construction performed 
using the 3D model presents good agreement with the 2D model. These results should also represent 
reasonably the real stress conditions verified around the station at the conclusion of its construction 
and consequently should not compromise significantly the results of the Ivens shaft excavation. 
 
Figure 5.11 – Mean effective stress after the excavation of the Baixa-Chiado station: a) 2D model; b) 3D model 
 
Figure 5.12 – Stress level after the excavation of the Baixa-Chiado station: a) 2D model; b) 3D model 
 
Figure 5.13 – Pore water pressure after the excavation of the Baixa-Chiado station: a) 2D model; b) 3D model 
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5.3.3 CONSTRUCTION OF BUILDINGS, CONNECTIONS AND FILL IN THE BACKYARD 
The third stage of the generation of the initial stress conditions consisted in the construction, at the 
ground surface, of the buildings and of the fill and also of the connection galleries of the Baixa-Chiado 
station. The construction of all these components was assumed to take 1 year. In a similar manner to 
the excavation of the station the construction of the connections was performed in two stages using a 
stress relief factor of 0.5 during the excavation stage. A zero pore water pressure boundary condition 
was also imposed around the inside of the connections during both stages. The lining was assumed to 
be impermeable after its installation in the second stage. 
The contours of the mean effective stress for the final increment of this stage are presented in Figure 
5.14a). The construction of the buildings and fill at ground surface only produced minor increases in the 
mean effective stress at the surface. With the opening of the connections the plane strain condition is 
no longer valid with stress modifications occurring in the Z direction near the vicinity of the excavations. 
The contours of the pore water pressure also highlight these differences (Figure 5.14b)). It is also 
interesting to note that at this stage, after 1 year of consolidation, the distribution of the pore water 
pressures is steadily returning to the initial hydrostatic profile, meaning that the excess pore pressures 
generated by the excavation of the Baixa-Chiado station are quickly being dissipated (Figure 5.14b)). 
Figure 5.15 shows the stress level in a perspective view and on two horizontal cross sections located at 
depths of 13 and 23 m for the final increment of this stage of the analysis. From the figures it is possible 
to observe that the fill at the ground surface yields due to the construction of the buildings. The 
horizontal planes show the impact of the excavation of the Baixa-Chiado station with a stress 
concentration along its alignment. It is also of interesting to note in the cross section at 23 m depth the 
higher stress levels right above the construction of the connection tunnel.  
         
Figure 5.14 – a) Effective mean stress and b) pore water pressure distribution after the construction of the 
buildings, connections and fill in the backyard 
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Figure 5.15 – Stress level in the soil after the construction of the buildings, connections and fill in the backyard: 
a) 3D perspective; b) horizontal cross section at 13 m depth; c) horizontal cross section at 23 m depth 
As expected, the inversion in the chronological sequence performed at this stage of the analysis appears 
to have minimal influence in the stress conditions and consequently should not compromise the 
initiation of the appropriate initial stress conditions for the excavation of the shaft. 
5.3.4 ESTIMATION OF THE CURRENT STRESS CONDITIONS 
Since 15 years have passed since the construction of the Baixa-Chiado station, in 1998, it is necessary to 
simulate this period of time, since modifications in the stress conditions have occurred due to the 
dissipation of the excess pore water pressures generated by the previous excavations and constructions. 
In order to estimate these changes a consolidation analysis was performed simulating a total period of 
15 years. During this time the lining of the station was considered to be impermeable. The results 
achieved in terms of mean effective stress, pore water pressures and stress level are displayed in Figure 
5.16 and Figure 5.17, respectively. By comparing these contours with the results at the end of the 
previous stages modelled (Figure 5.14 and Figure 5.15) it is possible to verify that differences occurring 
in the mean effective stress and stress level are small. However, the pore water pressure contours 
indicate significant differences, with the complete dissipation of the excess pore water pressure 
generated by the previous excavations. A hydrostatic profile has been reached by 2013, which is in 
agreement with the observations performed at site. Despite the limitations of the model and 
assumptions adopted throughout these stages it is considered that the simulation performed to obtain 
the current stress conditions at Ivens shaft site provided a reasonable and reliable starting point for the 
excavation of the shaft. 
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Figure 5.16 – a) Effective mean stress and b) pore water pressure distribution estimated for the year of 2013 
        
Figure 5.17 – Stress level in the soil estimated for the year of 2013: a) 3D perspective; b) horizontal cross section 
at 13 m depth; c) horizontal cross section at 23 m depth 
5.4 RESULTS OF THE REFERENCE ANALYSIS 
5.4.1 GENERAL ASPECTS 
In the following sections the results obtained for the reference analysis of the excavation of the Ivens 
shaft will be presented and discussed in detail. Focus will be given to the overall behaviour of the shaft 
and on the influence of its excavation on the Baixa-Chiado station and the adjacent buildings. The 
behaviour of the shaft and adjacent structures in the long-term is also investigated. In order to isolate 
the effects of the shaft construction all displacements resulting from the generation of the initial stress 
conditions were reset to zero. Additionally, the stiffness degradation occurring during the generation of 
the initial stress field was ignored and the original stiffness value restored in an attempt to simulate the 
ageing process of the materials. This also resulted in stiffness values at the beginning of the shaft 
construction that are in agreement with those obtained from the laboratory and in-situ tests performed 
by the author for the current field conditions at the site. 
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5.4.2 DEFORMATIONS CAUSED BY THE EXCAVATION 
5.4.2.1 Surface deformations 
Contours of the vertical displacements at the soil surface (excluding the buildings) obtained for 3 
different excavation depths of the shaft are plotted in Figure 5.18. At a shaft depth of 19 m, which 
corresponds to the end of the elliptical section, the area affected by the excavation is limited and mainly 
located around the excavation. The area increases significantly with the excavation of the transition 
zone (29 m depth) and reaches its maximum at the last increment of the analysis, when the connection 
tunnel is excavated. The shape of the affected area appears not to be related to the geometry of the 
shaft but it seems to be conditioned by the presence of the buildings, particularly for the last stage of 
the excavation. The maximum displacements occur in the backyard near to the retaining wall structure 
and reach a value of approximately 25 mm. However, these movements are most likely caused by the 
construction of the retaining wall since their magnitude is approximately the same throughout all of the 
excavation sequence of the shaft. Furthermore, those displacements are localised in a small area of the 
fill and tend to decrease sharply with distance away from the wall. The settlements around the shaft do 
not surpass 20 mm and tend to decrease more gradually with distance away from the shaft. It is also 
interesting to note that despite the limited dimensions of the model the area affected by the excavation 
appears to be almost totally inside the modelled domain and consequently the boundary effects should 
be minimal. 
 
Figure 5.18 – Development of vertical deformation at ground surface with the excavation depth of the shaft 
(excluding the buildings) 
The horizontal displacements at the soil surface in the X direction are presented in Figure 5.19 for 3 
different stages of shaft excavation. The contours show that the area affected by the excavation is small 
and localised around the retaining wall. The maximum values do not exceed 20 mm and are directed 
towards the shaft. However, due to the magnitude of the movements around the retaining wall the 
scale adopted disguises the real effect of the shaft excavation. To clarify this interaction a horizontal 
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cross section at the street level (not including the fill in the backyard) of the same movements is 
displayed in Figure 5.20. From the figure it is possible to verify that the horizontal movements occur 
mainly on the West side towards the shaft, from left to right, and tend to increase with the depth of the 
shaft excavation. After the excavation reached the transition zone the magnitude of the movements 
tend to increase significantly. It is interesting to note that on the right hand side of the shaft (East side) 
the movements, although with a small magnitude, are also towards the station (right to left), probably 
due to the shape of the shaft and also due to the presence of the connection tunnel. However, the 
overall magnitude of the movements at or near to the ground surface in the X direction can be 
considered small. 
   
Figure 5.19 – Development of the horizontal deformation (X direction), at the ground surface, with the 
excavation depth of the shaft (excluding the buildings) 
   
Figure 5.20 – Development of the horizontal deformation (X direction) with the excavation depth observed in a 
horizontal cross section at the street level 
The horizontal displacements in the Z direction at the ground surface of the model for the same 3 shaft 
excavation depths are presented in Figure 5.21. Due to the magnitude of the movements around the 
retaining wall is difficult to analyse the influence of the shaft excavation. These displacements, reaching 
about 40 mm, are directed towards the shaft (from North to South) and appear to increase slightly with 
the depth of shaft excavation. They occur in a very limited area and decrease sharply to much smaller 
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values within just a 2 m distance from the shaft. A cross section at the street level showing the same 
movements is shown in Figure 5.22 in order to clarify the influence of the shaft excavation. This figure 
shows that the majority of the horizontal movements occur in the backyard, probably due to the 
presence of the buildings on the other side of the shaft. The area affected by the excavation increases 
significantly with the shaft excavation depth. However, the magnitude of the movements is small with 
a maximum value of approximately 5 mm. Beneath the buildings the horizontal displacements are 
nearly zero and only increase slightly (up to 3 mm) at the Capelo street (see Figure 5.1), reinforcing the 
idea that the stiffness of the buildings has an active role in controlling deformations. 
    
Figure 5.21 – Development of the horizontal deformation (Z direction), at the ground surface, with the 
excavation depth of the shaft (excluding the buildings) 
    
Figure 5.22 – Development of the horizontal deformation (Z direction) with the excavation depth observed in a 
horizontal cross section at the street level 
The settlement profiles obtained at the foundation level (elevation 0.0 m) in two cross-sections through 
the principal axes of the shaft are plotted in Figure 5.23. As expected, the maximum deformations are 
located near the shaft, in a distance of about 4 m, and do not surpass 13 mm. From the figure is also 
possible to confirm that the settlements are restrained by the buildings, which mostly tend to tilt instead 
of bending. 
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 a) b) 
Figure 5.23 – Settlement profile at the foundation level: a) cross-section A-A’; b) cross-section B-B’ 
5.4.2.2 Sub-surface deformations 
The contours of the vertical displacements obtained in the last increment of shaft excavation at 3 
horizontal cross sections located at different depths are shown in Figure 5.24. The results show that the 
area of influence of the shaft excavation is within the domain of the problem and consequently the 
excavation appears not to be affected by boundary constraints. The shape of the area at 3 m depth is 
almost circular illustrating that the contours obtained at the ground surface (Figure 5.18) are strongly 
affected by the presence of the buildings. The zone of influence of the excavation decreases with depth 
and tends to move towards the station (East of the shaft). The maximum vertical displacements are 
mainly located immediately adjacent to the shaft, and particularly in the area parallel to the major axis. 
However, at a depth of 23 m the influence of the excavation of the connection tunnel is clearly visible 
with the highest vertical displacements (up to 20 mm) observed over the top of the tunnel. 
   
Figure 5.24 – Contours of vertical deformations observed at the end of the excavation of the connection tunnel 
(increment 267) in horizontal cross sections located at different depths 
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Similar plots but for the horizontal displacements in the X and Z directions are given in Figure 5.25 and 
Figure 5.26, respectively. The contours in the X direction show that the movements are directed towards 
the shaft, i.e., from left to right on the left-hand side of the shaft and vice-versa on the other side, 
showing that there is almost a plane of symmetry in the middle of the shaft with the Z direction. 
However, on each side the distribution is not symmetrical with the area beneath the backyard 
presenting higher movements (dark red colour). These displacements generally tend to increase with 
depth apart from at the depth where the Limestone layer is located (13 m depth) where a slight decrease 
of movements is observed. In the right hand side of the shaft the horizontal movements are almost 
symmetrical for the shallower depths but tend to concentrate in the area of the connection tunnel for 
higher depths. 
 
Figure 5.25 – Contours of horizontal deformations (X direction) observed at the end of the excavation of the 
connection tunnel (increment 267) for 3 horizontal cross sections located at different depths 
  
Figure 5.26 – Contours of horizontal deformations (Z direction) observed at the end of the excavation of the 
connection tunnel (increment 267) for 3 horizontal cross sections located at different depths 
It is also interesting to note that the area affected by the excavation remains almost constant with 
depth. In the Z direction the horizontal displacements also tend to move towards the shaft with the 
ones from the backyard side having higher values. The apparent plane of symmetry is in this case in the 
X direction and also crosses the centre of the shaft. The movements tend to increase continuously with 
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depth, from a value of about 4 mm at 3 m depth to approximately 10 mm at 23 m depth. The area 
affected by the excavation also tends to increases with depth. It is also possible to identify the location 
and shape of the connection tunnel, although its influence is in this case smaller than for the X direction 
displacements. 
In order to illustrate more comprehensibly the behaviour with depth of the final vertical displacement, 
contours for 2 vertical cross sections through the major and minor axis of the shaft are presented in 
Figure 5.27. The cross sections clearly show that the area affected by the excavation tends to decrease 
slightly with depth. As expected, the concentration of movements occurs adjacent to the shaft and in 
particular at the transition zone, between elliptical and circular profiles of the shaft, and in the backyard 
at the ground surface. From the cross section A-A’ (major axis) it is also possible to note that the 
presence of the station only slightly affects the distribution of the vertical displacements. The 
concentration of movements on the right side of the shaft in the cross section B-B’ (minor axis) is due 
to the presence of the connection tunnel. The grey areas in the cross sections represent heave and its 
contours are not displayed since they affected the displacement scale of the cross sections making the 
visualisation of the displacements difficult to interpret. However, the maximum heave was observed 
immediately at the bottom centre of the shaft with a magnitude of approximately 20 mm. Its value 
decreased sharply and 5 m beneath the shaft was already lower than 3 mm. 
 
 
  
Figure 5.27 – Contours of vertical deformations observed at the end of the excavation of the connection tunnel 
in vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section B-B’) of 
the Ivens shaft 
The final horizontal movements predicted for the 2 vertical cross sections crossing the axes of the shaft 
are given in Figure 5.28. For the cross section A-A’ (major axis) contours of the horizontal displacements 
in the X direction, which makes a 15º angle with the alignment of the cross section, are presented. For 
the cross section B-B’ the horizontal deformations in the Z direction, which also makes an angle of 15º 
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with the cross section, are depicted. Despite these differences in orientation it is possible to observe 
from the contours that the horizontal movements in any direction are towards the centre of the shaft. 
In the major axis direction (cross section A-A´) the displacements are concentrated at deeper depths 
and on the side opposite to the station where a maximum value of about 12 mm was predicted. From 
the figure it is also possible to observe that the presence of the station restrains significantly the 
horizontal deformations towards the shaft. In the opposite direction (cross section B-B´) the distribution 
of horizontal displacements is almost symmetric with both sides of the shaft converging towards its 
centre. The maximum displacements are predicted to occur between the bottom end of the elliptical 
section and the top end of the transition zone, reaching a magnitude of approximately 12 mm. It is also 
interesting to note that the presence of the Limestone layer reduces significantly the horizontal 
movements adjacent to the shaft. 
 
 
  
Figure 5.28 – Contours of horizontal deformations observed at the end of the excavation of the connection 
tunnel in vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section 
B-B’) of the Ivens shaft 
5.4.3 MODIFICATION OF THE STRESS CONDITIONS 
The construction of the Ivens shaft also modifies the stress conditions in the ground, particularly in the 
areas around the shaft. Some of those changes are visible in Figure 5.29 where contours of the mean 
effective stress at the end of the excavation are plotted for 2 vertical cross sections crossing the axes of 
the shaft. From this figure it is possible to observe that the stresses around the shaft generally tend to 
decrease with the excavation of the shaft, particularly at the bottom. However, a stress concentration 
can be observed in the transition zone and in particular near to the location of the connection tunnel 
(right-hand side of shaft in cross section B-B’). The area of influence of the shaft can be estimated from 
the cross sections and appears to have a radius of about 20 to 25 m, since after that distance the stress 
contours became horizontal implying that no modifications have occurred.  
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Some modifications are also visible in the contours of the pore water pressure (Figure 5.30). Both cross 
sections show that in the AEB formation, due to its high permeability, the pore water pressure level is 
hydrostatic immediately after the conclusion of the works. In the AP formation due to its low 
permeability the excavation is performed under nearly undrained conditions and excess pore water 
pressure are generated. At the bottom of the excavation suctions can be observed. It is expected that 
after the subsequent consolidation period the pore water pressures will rise and reach steady-state 
conditions. 
 
 
  
Figure 5.29 – Mean effective stress in the soil at the end of the excavation of the connection tunnel observed in 
vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section B-B’) of the 
Ivens shaft 
 
 
  
Figure 5.30 – Pore water pressure in the soil at the end of the excavation of the connection tunnel observed in 
vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section B-B’) of the 
Ivens shaft 
The stress levels at the end of the excavation are depicted in Figure 5.31 and Figure 5.32 for several 
vertical and horizontal cross sections. As expected, the construction of the shaft increased the stress 
level in the surrounding soil (compare with Figure 5.17). A layer of soil, about 1 m thick, around the shaft 
and along its entire depth has yielded. However, in the transition zone the yielding zone is larger, 
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particularly on the side of the station and near to the connection tunnel as can be seen in Figure 5.31 
and Figure 5.32. The influence of the excavation tends to increase with depth, although it remains within 
the boundaries of the model. At the bottom of the shaft, due to the unloading, the stress level decreases 
significantly. The small layer of fill that has failed at the ground surface is located beneath the buildings 
and the increase in stress ratio was not caused by the excavation of the shaft but due to the construction 
of the buildings (see Figure 5.17). In the backyard fill there is also yielding in a localised area near to the 
retaining wall. 
 
 
  
Figure 5.31 – Stress level in the soil at the end of the excavation of the connection tunnel observed in vertical 
cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section B-B’) of the Ivens 
shaft 
          
Figure 5.32 – Stress level in the soil after the excavation of the Ivens shaft and connection tunnel for several 
horizontal cross sections: a) 13 m depth; b) 23 m depth; c) 31 m depth 
5.4.4 ANALYSIS OF THE BEHAVIOUR OF THE SHAFT 
5.4.4.1 Lining displacements 
The vertical displacement of the Ivens shaft lining immediately after its completion and after the last 
increment of the analysis are presented in Figure 5.33. The results show that, in spite of the protection 
provided by the jet-grouting columns, the maximum deformations occur in the transition zone where 
NUMERICAL ANALYSIS OF THE CONSTRUCTION OF THE IVENS SHAFT 5 
 
 
 276 
 
the excavation is more critical. The lining of the shaft undergoes an increasing deformation with depth, 
apart from the last 2 m, where due to the unloading the structure tends to heave. For the stage after 
the completion of the shaft the displacements are almost perfectly symmetrical in relation to the major 
axis. From the Figure 5.33a) it is possible to verify that the shaft bends slightly about the other axis 
towards the direction of the station. This movement is considerably increased after the excavation of 
the connection tunnel (Figure 5.33b)), where the maximum vertical displacements are observed 
immediately above the opening performed in the lining.  
The associated horizontal movements are presented in Figure 5.34. They indicate movements towards 
the centreline of the shaft (radial displacements) for both of the stages mentioned previously. The 
figures show that the behaviour of the shaft is significantly different in the directions of its principal 
axes. Along the minor axis the movements are always towards the centreline of the shaft (positive 
values) and consequently convergence occurs throughout the entire depth of the shaft. However, the 
magnitude of the convergence varies significantly with depth. The elliptical section, most likely due to 
its geometry (higher difference between the lengths of the axes), undergoes the largest movement, 
apart from the depth where the limestone layer is located, where only a small convergence is observed. 
In the direction of the major axis some negative displacement values are predicted, implying that some 
areas diverge. These are mainly located in the elliptical part of the shaft and are once again are caused 
by the shape of this section. In the transition zone and in the circular section only convergence occurs. 
From the figure it is also possible to observe that no significant differences arise due to the presence of 
the opening in the lining. 
 
Figure 5.33 – Contours of vertical displacements observed in the shotcrete lining of the shaft: a) after the 
completion of the excavation of the shaft; b) after the excavation of the connection tunnel 
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Figure 5.34 – Contours of radial displacements observed in the shotcrete lining of the shaft: a) after the 
completion of the excavation of the shaft; b) after the excavation of the connection tunnel 
The development of the vertical displacements at the 4 vertices of the lining of the shaft is shown in 
Figure 5.35 for 3 different depths. The results reveal that for all 4 points there is almost a linear 
relationship between the increase of displacement and the excavation depth. Only at the end of the 
transition zone and beginning of the circular section is a fluctuation observed probably because the 
excavation at this level is performed in the AEB formation, which is located below the water table and 
has high permeability. The movements at all depths practically stabilise after the completion of the shaft 
and only a minor increase is observed during the excavation of the connection tunnel. At 1 m depth the 
points A, C and D exhibit almost the same magnitude (12.5 mm), while the point B, located on the 
backyard side, presents a higher deformation of about 16 mm. However, at 11 m depth this behaviour 
no longer occurs with points B, C, D, presenting the same displacement (14 mm) while point A has only 
a deformation of around 11 mm, which indicates that the shaft is at this stage slightly bending towards 
the station. This pattern of movement is also predicted at 25 m depth. From the graphs is also possible 
to verify that the magnitude of the vertical displacements is similar for the 3 depths shown, in spite of 
the fact that movements at the lowest sections only begin once construction has reached that depth. 
This indicates that the rate of movements tend to increase with depth where the forces released by the 
excavation process are also higher. 
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 a) b) c) 
Figure 5.35 – Vertical displacements of points located on the vertices of shaft at: a) 1 m depth; b) 11 m depth; 
c) 25 m depth 
The associated radial horizontal displacements for the same points and depths are presented in Figure 
5.36. From this figure it is clear that at the end of the shaft excavation process almost all points move 
towards the centre of the shaft. The exception occurs at 11 m depth, where point A exhibits a slight 
divergence. At 1 m, points A and C (located along the major axis) also show some opposite movement 
at the early stages of excavation, which is inverted when the excavation reaches 19 m depth. The 
magnitude of the horizontal displacements differs significantly with depth and from point to point. At 
1 m depth point B has the highest deformation (2.5 mm), similar to the pattern observed for the vertical 
displacements. The movement of all the other points can be considered marginal. A different behaviour 
is observed at 11 m depth where the movement along the minor axis (points B and D) increase sharply 
with the depth of excavation reaching a value of 3 mm at completion of the shaft. The points on the 
major axis at this stage exhibit lower values, with point A showing, as mentioned, an opposite 
movement, which is initiated right from the beginning of excavation and which reaches a maximum 
value of -1 mm when the excavation is at about 20 m depth. At 25 m depth a similar behaviour is 
observed for points B and D with a sharp increase of the radial movements during excavation of the 
transition zone. In the circular section the deformations almost stabilise at values of around 4 and 5 mm, 
respectively. Point C also exhibits a movement of 1.5 mm towards the centre of the shaft while the 
displacement of point A is negligible. With the excavation of the connection tunnel some modifications 
occur at higher depths with point C decreasing its value and the other points showing an increase in the 
radial displacements. These changes are probably related with the opening of the lining of the 
connection tunnel since they occur immediately after its excavation and remain steady throughout the 
construction of the tunnel. 
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 a) b) c) 
Figure 5.36 – Radial displacements of points located on the vertices of shaft at: a) 1 m depth; b) 11 m depth; c) 
25 m depth 
The horizontal circumferential displacements of the same points are depicted in Figure 5.37. The 
rotational movements of the shaft are quite small and tend to increase with depth although the 
maximum value does not surpass 1.7 mm. Due to the magnitude and direction of the displacements it 
is difficult to conclude much about the rotational behaviour of the shaft. However, it is interesting to 
note the impact of the excavation of the opening of the lining, particularly at higher depths. At this stage 
sudden movements occur with all points rotating towards the opening, which is located between points 
C and D. The maximum variations occur precisely at these points with an increase in displacement at 
point C and a decrease at point D.  
 
 a) b) c) 
Figure 5.37 – Circumferential displacements of points located on the vertices of shaft at: a) 1 m depth; b) 11 m 
depth; c) 25 m depth 
Finally, the development of the convergences predicted along the axes of the shaft is presented in Figure 
5.38 for 4 different depths. Figure 5.38b) clearly shows that along the minor axis only convergence 
occurs. This tends to increase sharply reaching almost its maximum value after only about 5 m of further 
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excavation and remain constant after that. The exception occurs at 1 m depth where the convergence 
increases slightly throughout the excavation process reaching a final value of approximately 3 mm. The 
maximum convergence of about 11 mm occurs at a depth of 19 m and is probably related with the 
enlargement of the section which begins immediately after this depth. Overall it appears that the 
convergence along the minor axis tends to increase with depth and that its final value is not influenced 
by the excavation of the connection tunnel. A more complex behaviour is observed along the major axis 
with the predictions for depths located in the elliptical section (1 and 11 m) showing initially divergence 
which is then inverted with further increase of the excavation depth and reaching some convergence 
by the completion of shaft construction. The section located at 19 m exhibits divergence throughout all 
of the excavation process, apart from the initial 2 m of excavation. At 25 m depth a convergence of 
about 1.5 mm is observed before the opening of the lining when it then increases suddenly to 
approximately 2.5 mm. This depth is the only one where a significant movement is visible due to the 
opening of the lining. It is also important to note that the magnitudes of the convergences along the 
major axis are considerably lower than those predicted for the minor axes and this difference is 
observed not just in the elliptical section but throughout the entire depth of the shaft. 
 
 a) b) 
Figure 5.38 – Convergence of the principal axis of the shaft: a) major axis; b) minor axis 
5.4.4.2 Forces and pressures acting in the lining 
Another interesting aspect of the shaft behaviour is the forces predicted to occur in its lining. The 
vertical bending moments determined around the lining for several horizontal cross sections are 
displayed in Figure 5.39 for two different stages of construction, at the completion of the shaft and after 
the excavation of the connection tunnel. Calculation of the bending moment was only possible in the 
regular sections of the shaft and consequently it was not computed for the transition zone where the 
shape of the elements is more complex. The graphs show that the bending moments are quite small in 
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the elliptical section not surpassing 30 kNm/m. In the circular section the values increase slightly 
probably due to the higher horizontal earth pressures. Nevertheless, by the completion of the shaft all 
the values are smaller than 80 kNm/m. The fluctuations observed in all sections are related with the 
construction sequence adopted since the lining is not installed at once (see Figure 5.5). 
 
 a) b) 
Figure 5.39 – Bending moments mobilised in the shotcrete lining: a) after the completion of the excavation of 
the shaft; b) after the excavation of the connection tunnel 
The opening of the lining for the construction of the connection tunnel has little influence on the 
bending moments in the elliptical section. However, in the circular section a significant increase, up to 
220 kNm/m, was determined at a depth of 34 m, which is located immediately below the opening. At 
31 m depth, in the middle of the opening there are no significant modifications in the bending moment 
distribution. 
The axial (hoop) force determined around the lining is plotted in Figure 5.40 and Figure 5.41 for the 
elliptical section and remaining shaft, respectively, for the 2 stages of the analysis mentioned above. 
Note that a compressive force has a negative value while tension is positive according to the ICFEP 
convention. Near the surface, probably due to the presence of the slab of the retaining wall, the areas 
near points A and C (major axis) are in compression while around points B and D tension is predicted. 
Up to a depth of 11 m, which coincides with the middle of the Limestone layer, the axial force is almost 
constant throughout the lining and increases gradually to a value of 750 kN/m. From that depth on a 
different behaviour is observed in the lining of the shaft with the areas around points A and C (minor 
axis) having a higher compressive forces than the areas located in the opposite directions (points B and 
D). The highest difference in the axial force is observed at 19 m depth where point A exhibits 750 kN/m 
while points B and D have about 300 kN/m. From the figure it is also possible to verify that the opening 
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of the lining for the excavation of the connection tunnel has almost no impact in the axial forces of the 
elliptical section.  
 
 a) b) 
Figure 5.40 – Axial force mobilised in the elliptical section of the lining: a) after the completion of the excavation 
of the shaft; b) after the excavation of the connection tunnel 
Inspection of Figure 5.41 reveals that the axial force tends to follow the same pattern observed for the 
lowest part of the elliptical section with the highest values occurring at points A and C and the lowest 
axial forces determined at points B and D. However, the evolution with depth is more complex with the 
axial forces increasing up to a depth of 25 m, where a value of 1500 kN/m is predicted at point C. The 
forces then decrease considerably until a depth of 31 m, where a minimum value of approximately 
700 kN/m is predicted. From this depth on the axial forces tend to rise again and a maximum value of 
about 1800 kN/m is achieved at 34 m depth. These variations can be justified considering the 
geotechnical conditions present at those depths. The decrease from 25 to 31 m depth is caused by the 
excavation of the AEB, which is located below the water table and has high permeability. With the 
opening of the lining the forces in this part of the shaft are strongly affected. The maximum values shift 
towards the middle of the opening, between points C and D, and reach 1750 and 2900 kN/m in the 
sections located immediately above (26 m) and below (34 m) the opening. In the other sections smaller 
differences occurred although it is possible to verify that in the sections 29 and 31 m there is the 
expected decrease to almost zero of the axial force near to the opening. 
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 a) b) 
Figure 5.41 – Axial force mobilised in the transition zone and circular section of the lining: a) after the completion 
of the excavation of the shaft; b) after the excavation of the connection tunnel 
The evolution of the axial (hoop) force observed in 4 different rings of the lining is presented in Figure 
5.42. From this figure it is possible to observe that the 4 rings analysed exhibit similar behaviour. After 
its installation the axial force applied in the rings is relatively small and only exists since the panels are 
not installed at the same stage due to the construction sequence adopted. In the latest panels 
constructed (between 60 and 120º and 240 and 300º) the force is at this stage zero as expected. 
However, after just 1 m of excavation the forces increase significantly reaching about 90 % of their 
maximum value after only 3 m of further excavation. In the ring located at 19 m it is possible to observe 
that the axial force actually reaches its maximum when the excavation is at 22 m and then gradually 
decreases in the majority of the lining. At 25 m depth this behaviour is again observed with the exception 
of the last stage where the opening in the lining is performed and the maximum force shifts towards 
that direction. 
 
 a) b) 
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(Cont.) 
 
 c) d) 
Figure 5.42 – Evolution of the axial force mobilised in the lining: a) 11 m depth; b) 15 m depth; c) 19 m depth; d) 
25 m depth 
The forces mobilised in the lining in the vertical direction are difficult to compute due to the irregular 
geometry of the shaft. However, the behaviour of the shaft in this direction can be investigated by 
analysing the normal pressures acting on the shaft lining. Figure 5.43 shows the normal pressures 
predicted for the vertical alignments of the 4 vertices of the shaft for the last stage of the excavation. In 
Figure 5.43a) the jet-grouting is considered to be part of the support and therefore the graphs plotted 
only correspond to the normal pressures generated by the soil. In contrast, in Figure 5.43b) the results 
presented include the normal pressure of both soil and jet-grouting acting on the lining of the shaft. As 
expected, the figures only differ in the transition zone, between 19 and 32 m depth, where the jet-
grouting was modelled. Both graphs show a distinct behaviour with depth for the points located along 
the major and minor axes of the shaft. In the elliptical section the pressure in the 4 alignments increases 
almost linearly with depth, apart from the zone where the Limestone layer is located, where some 
pressure concentrations occur. However, the points B and D, on the minor axis, present a lower pressure 
which is most likely related with the higher displacements observed along this axis (see Figure 5.34). In 
contrast, points A and C have higher pressures probably caused by the deformation mode of the ellipse. 
This behaviour is radically modified in the transition and circular sections where an inversion occurs. 
However, at this point it is necessary to distinguish between the soil and the jet-grouting pressures. In 
the former the normal pressures in the points B-D continue to increase almost linearly with depth, while 
at the points A and C a gradual decrease is observed until the end of the jet-grouting columns are 
reached. At this depth the pressures are already smaller than those predicted in the opposite direction. 
When the jet-grouting is considered (Figure 5.43b)) the behaviour is considerably different. The normal 
pressures along the minor axis (points B and D) increase significantly while in the opposite direction they 
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tend to decrease to almost zero at the end of the transition zone. For depths larger than 32 m the 
pressures in both graphs are again similar and no significant variations in the normal pressure occurs.  
 
 a) b) 
Figure 5.43 – Normal pressure acting on principal alignments of the shaft: a) soil; b) jet-grouting 
The development of the normal pressure with the excavation depth of the shaft is depicted in Figure 
5.44 for the 4 alignments analysed and considering the case where only the soil generates pressure. It 
can be concluded that there is almost no influence of the excavation depth on the normal pressures, 
implying that the final value is established immediately after the closure of the ring and is probably 
related to the movement of the soil. For a better interpretation of the results predicted is also plotted 
in Figure 5.44 (black solid line) the initial horizontal total stress assumed in the 3D model. In the 
alignments A and C (major axis of the shaft) the normal pressure at the end of the analysis is similar to 
that established initially in the elliptical section. The exception is at the depth of the limestone layer 
where a higher concentration of pressure is predicted. In contrast, in the minor axis alignments (points 
B and D) a decrease of the normal pressure with excavation of the shaft is observed (active condition), 
even at the depth of the limestone layer. Those results are strongly related with the elliptical shape of 
the section, which tends to concentrate the stresses in the soil along the major axis and decompress the 
soil along the minor axis. As expected, those pressures are also in agreement with the displacements 
predicted (see Figure 5.34 and Figure 5.38), higher in the minor axis and nearly zero along the major 
axis. In the transition and circular sections of the shaft the interpretation is more difficult due to the 
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shape of the section and also due to the presence of the jet-grouting columns. However, it can be seen, 
particularly in the circular section, that the distribution of pressures is in this case reversed, with the 
alignments along the major axis presenting lower values than the assumed in the initial conditions and 
the opposite, higher pressures, in the alignments B and D. 
Comparison of the obtained normal pressures with the existing theories presented in Chapter 1 is 
almost impossible to perform due to the complex geometry of the shaft and its construction sequence, 
which differ considerably from the frameworks proposed in these methods and affect significantly the 
distribution of pressures as shown previously. The initial stress conditions are also completely different 
due to the presence of the Baixa-Chiado station. Given the relevance and discrepancy of all these factors 
no attempt was made to predict the earth pressures by employing these theoretical methodologies. 
 
 a) b) c) d) 
Figure 5.44 – Evolution of the normal pressure acting on principal alignments of the shaft: a) alignment A; b) 
alignment B; c) alignment C; d) alignment D 
5.4.5 INFLUENCE OF THE EXCAVATION ON THE BAIXA-CHIADO STATION 
5.4.5.1 Displacements in the station lining 
The influence of the construction of the Ivens shaft on the Baixa-Chiado station is investigated in the 
following sections. Figure 5.45 shows the vertical displacements observed in the Western gallery for 
different stages of the analysis. The first movements in the station are observed for an excavation depth 
larger than 25 m. From this depth onwards the vertical displacements rise steadily and the area affected 
by the excavation increases, although it is mainly localised in the in the vicinity of the shaft and has a 
maximum value of about 2.5 mm. The opening in the shaft for the connection tunnel generates 
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additional vertical displacements in a very limited area and with a final value below 3 mm. Inspection of 
the horizontal displacements in the X direction, given in Figure 5.46, confirms that the influence of the 
excavation on the station only occurs for excavation depths larger than 25 m. The horizontal movements 
occur towards the shaft and also tend to increase with excavation depth. The area of influence is similar 
to that identified for the vertical displacements. The magnitude of the deformations is, however, lower 
with a maximum value of only 2 mm reached after the excavation of the connection tunnel. 
 
Figure 5.45 – Evolution of the vertical displacements in the Western gallery of the Baixa-Chiado station caused 
by the construction of the Ivens shaft: a) excavation at 25 m depth; b) excavation at 29 m depth; c) after the 
excavation of the shaft; d) after the excavation of the connection tunnel 
 
Figure 5.46 – Evolution of the horizontal displacements (X direction) in the Western gallery of the Baixa-Chiado 
station caused by the construction of the Ivens shaft: a) excavation at 25 m depth; b) excavation at 29 m depth; 
c) after the excavation of the shaft; d) after the excavation of the connection tunnel 
5.4.5.2 Forces acting in the station lining 
In order to evaluate the influence of the excavation of the Ivens shaft on the lining of the Western gallery 
the structural forces are plotted in Figure 5.47 in the form of changes in the horizontal bending moment 
and hoop force for 5 different vertical cross sections. These sections are designated with reference to 
their distance to the centreline of the connection tunnel. As expected the impact of the excavation is 
higher in the sections located in the vicinity of the shaft. The section located at 9 m, which approximately 
corresponds to the centre of the shaft, shows the largest changes, with bending moments reaching 
almost 300 kNm/m and axial forces of nearly 600 kN/m. In the sections at -9 m and 22 m the increases 
are about half of these values. In the furthest sections analysed, at -26 and 42 m, the impact of the 
excavation is relatively small, although not negligible. Based on these results the area affected by the 
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excavation should be slightly greater than 35 m, measured from the centre of the shaft for each side. It 
should be noted that the centreline of the connection tunnel is not aligned with that of the shaft as can 
be seen in the insert in Figure 5.47 and consequently the section designated by 42 m only corresponds 
to a distance from the centre of the shaft of approximately 33 m. The greatest variations in the bending 
moment are essentially located on the Ivens shaft side (angles between 180 and 360º) with maximum 
values at about 250º and 340º of identical magnitude but opposite signal. The differences in the axial 
force are distributed throughout the entire length of the lining with the largest increases at 0º and 180º. 
At angles of 90º and 270º a decrease in the axial force is observed with the values reaching nearly 
350 kPa in most of the sections analysed. 
 
 a) b) 
Figure 5.47 – Changes of the structural forces mobilised in the Western gallery of the Baixa-Chiado station for 
the final stage of the excavation: a) bending moments; b) axial force 
The development of these changes in structural forces with the excavation depth of the shaft is plotted 
in Figure 5.48, Figure 5.49 and Figure 5.50 for the horizontal bending moment, axial (hoop) force and 
shear force, respectively, of the vertical cross-sections located at -26 m and 9 m. From the figures it is 
possible to conclude that the effects of the excavation are only visible for depths greater than 20 m, 
although significant values only occur above 25 m. All forces increase gradually with the excavation 
depth and reach a maximum value after the opening of the connection tunnel. However, the changes 
generated by this last stage are small and most of the forces are already applied by the conclusion of 
the excavation of the shaft. The evolution observed in both sections investigated is similar, despite the 
completely different magnitude of the forces.  
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 a) b) 
Figure 5.48 – Evolution of the changes in the bending moment mobilised in the Western gallery of the Baixa-
Chiado station with the excavation depth: a) section at -26 m; b) section at 9 m 
 
 a) b) 
Figure 5.49 – Evolution of the changes in the axial force mobilised in the Western gallery of the Baixa-Chiado 
station with the excavation depth: a) section at -26 m; b) section at 9 m 
 
 a) b) 
Figure 5.50 – Evolution of the changes in the shear force mobilised in the Western gallery of the Baixa-Chiado 
station with the excavation depth: a) section at -26 m; b) section at 9 m 
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5.4.6 INFLUENCE OF THE EXCAVATION ON THE ADJACENT BUILDINGS 
5.4.6.1 Displacements at the foundation level 
The deformations caused by the excavation of the Ivens shaft might affect the buildings in the vicinity 
causing some damage which is necessary to assess. The movements obtained in the foundations of the 
buildings are presented in Figure 5.51 for the last stage of shaft excavation, which in this case 
corresponds to the worst case scenario since the displacements tend to increase with excavation depth. 
The largest vertical displacements are located adjacent to the retaining wall and have a magnitude of 
approximately 13 mm (Figure 5.51a)). The displacements then decrease steadily in an almost elliptical 
shape with the major axis parallel to the minor axis of the shaft. The buildings distant from the shaft 
have minor and constant displacements and consequently should not experience any significant 
damage (see Figure 5.23). The horizontal displacements are plotted in Figure 5.51b) and point towards 
the centre of the shaft (radial displacements). The values computed are very small and do not surpass 
1 mm. As expected, the majority of the movements points toward the centre of the shaft, although in 
parts of the buildings near to the retaining wall the displacements point in the opposite direction (blue 
colour). As observed for the vertical displacements the farthest buildings from the excavation also have 
negligible movements in the horizontal direction. 
 
 a) b) 
Figure 5.51 – Displacements observed at the foundations of the buildings: a) vertical displacement; b) radial 
displacement 
5.4.6.2 Risk assessment for the buildings 
In order to assess the damage to the buildings the methodology proposed by Mair et al. (1996) was 
applied. A preliminary assessment was performed based on the maximum settlements predicted for the 
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buildings. According to Rankin (1988) buildings subjected to settlements of less than 10 mm have a 
negligible risk of damage and consequently can be eliminated from the second stage of the analysis. 
This criterion when applied to the buildings in the model exclude the vast majority of them, since only 
2 have displacements of this magnitude (see Figure 5.51). This preliminary assessment suggests that 
most of the buildings will suffer negligible damage due to the excavation of the Ivens shaft. However, it 
was still decided to continue with the analysis for the buildings in the vicinity of the excavation since 
they had differential settlements. The buildings selected for further analysis are identified by their 
number in Figure 5.52a).  
In the second stage a more detailed assessment is performed based on the movements and strains 
suffered by the buildings. Depending on their position in relation to the excavation sagging, hogging or 
a combination of these two deformation modes can occur. The definition of the parameters required 
for the quantification of the movements for both modes of deformation is illustrated in Figure 5.52b) 
and follows the proposal suggested by Burland and Wroth (1974). The tilt (AB) describes the rotation 
of the rigid body movement of the building with the horizontal, while the relative rotation (), or angular 
distortion, is the rotation of the line joining the two extremities of the settlement curve to the point of 
maximum deflection (max). In the analysis the relative rotation was considered to be the greatest of A 
and B. An additional parameter was defined in order to evaluate the twisting of the building. According 
to Franzius (2003) this parameter () can be determined using equation 5.9, where the order of the 
points follows the scheme presented in Figure 5.53. 
  
 a) b) 
Figure 5.52 – a) Alignments considered for assessing the movements in the buildings; b) definitions of ground 
and foundation movement 
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𝜃 =
𝛿𝐴 − 𝛿𝐵
𝐿𝐴𝐵
−
𝛿𝐶 − 𝛿𝐷
𝐿𝐶𝐷
𝐿𝐶𝐴 + 𝐿𝐵𝐷
2
 5.9 
Figure 5.53 – Scheme and expression for evaluating the twisting of the foundation 
Burland (1995) following the work of Burland and Wroth (1974) and Boscardin and Cording (1989) 
suggests that the cracking and damage of buildings can be assessed based on the concept of “limiting 
tensile strain”. This concept was developed based on the assumption that the building can be 
represented by an elastic beam with height H and length L and is subjected to a central point load which 
causes a deflection (max). For this scenario two extreme strains can be developed and cause cracking, 
(1) the bending strain (𝜀𝑏) at the bottom fibre of the beam and (2) the diagonal strain (𝜀𝑑) caused by 
shearing and developed at 45º in the mid-span. Expressions were initially derived by Burland and Wroth 
(1974) relating the deflection ratio (max/L) of the beam with these strains. However, those formulas did 
not include the effect of the horizontal strains originated by the deformation of the buildings. The 
importance of this factor in the assessment of the damage was highlighted by Geddes (1977) and led to 
the modification of the expressions above by Boscardin and Cording (1989), who superimposed the 
effect of the horizontal strains on the existent formulas. The final expressions (5.10 and 5.11), 
rearranged in order to give 𝜀𝑏𝑡 and 𝜀𝑑𝑡, were employed in this work to evaluate the bending and 
diagonal tensile strains acting in the buildings. The magnitude of these strains depend on the 
geometrical (L and H) and stiffness characteristics (E , G and 𝜈) of the building and on the deformation 
mode, sagging and/or hogging, of the structure (I and t, inertia and furthest distance from the neutral 
axis to the edge of the beam, respectively), besides the deflection ratio (max/L) and horizontal strain 
(𝜀ℎ). 
 
𝜀𝑏𝑡 = 𝜀ℎ +
∆/𝐿
𝐿
12 ∙ 𝑡 +
3 ∙ 𝐼
2 ∙ 𝑡 ∙ 𝐿 ∙ 𝐻 ∙
𝐸
𝐺
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1 − 𝜈
2
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1 + 𝜈
2
)
2
+ (
∆/𝐿
1 +
𝐻 ∙ 𝐿2
18 ∙ 𝐼 ∙
𝐺
𝐸
)
2
 5.11 
Based on the analysis of the damage observed in several buildings Boscardin and Cording (1989) 
proposed limiting the levels of tensile strain and linked them to the categories of damage previously 
presented by Burland et al. (1977). This relation is summarised in Table 5.3 and provides valid 
information for assessing the damage of buildings. 
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This more detailed methodology was applied to the selected buildings located in the vicinity of the Ivens 
shaft. However, due to the three-dimensional modelling of the buildings it was necessary to select 
appropriate alignments for the analysis since the entire methodology was derived for linear facades. 
Based on the movements observed in the foundations (Figure 5.51) the 10 alignments presented in 
Figure 5.52a) were defined. Four of these (A1, A3, A6 and A10) do not correspond to any facade of the 
buildings, however, due to the differential settlements observed they were still analysed since these 
could correspond to a worst case scenario. From the settlements and horizontal strains observed in the 
alignments it was possible to determine the deformation parameters (Figure 5.52b)) and the maximum 
compressive and tensile horizontal strains. The former was employed if the deformation mode of the 
structure was sagging while the latter was used if hogging was observed. All the curves employed in the 
analysis can be found in Appendix G. 
Table 5.3 – Classification of damage on buildings 
Category 
of damage 
Normal degree 
of severity 
Description of typical damage 
(Burland et al., 1977) 
Limiting tensile strain 
– lim (%) 
(Boscardin & 
Cording, 1989) 
0 Negligible Hairline cracks less than about 0.1 mm 0 – 0.05 
1 Very slight Fine cracks which are easily treated during normal decoration. Damage 
generally restricted to internal wall finishes. Close inspection may reveal 
some cracks in external brickwork or masonry. Typical crack widths up to 
1 mm 
0.05 – 0.075 
2 Slight Cracks easily filled. Re-decoration probably required. Recurrent cracks can 
be masked by suitable linings. Cracks may be visible externally and some 
repainting may be required to ensure weather tightness. Doors and 
windows may stick slightly. Typical crack widths up to 5 mm 
0.075 – 0.15 
3 Moderate The cracks require some opening up and can be patch by a mason. 
Repainting of external brickwork and possibly a small amount of brickwork 
to be replaced. Doors and windows sticking. Service pipes may fracture. 
Weather tightness often impaired. Typical crack widths are 5 to 15 mm or 
several greater than 3 mm. 
0.15 – 0.3 
4 Severe Extensive repair work involving breaking-out and replacing sections of 
walls, especially over doors and windows. Windows and door frames 
distorted, floor sloping noticeably. Walls leaning or bulging noticeably, 
some loss of bearing in beams. Service pipes disrupted. Typical crack 
widths are 15 to 25 mm but also depends on the number of cracks. 
> 0.3 
5 Very severe This requires a major repair job involving partial or complete rebuilding. 
Beams lose bearing, walls lean badly and require shoring. Windows broken 
with distortion. Danger and instability. Typical crack widths are greater 
than 25 mm but depends on the number of cracks 
 
The obtained results for all buildings and alignments analysed are summarised in Table 5.4. The twisting 
() determined for each building was minimal with the highest value of 0.0355 in building 8. In brackets 
is the order of the points considered when employing expression 5.9. The results show that generally 
the buildings twist towards the excavation, although no significant damage is expected to occur due to 
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the small magnitude of the values. The analysis of the settlement troughs of the alignments revealed 
that only a single mode of deformation occurred beneath the buildings (see Appendix G). The vast 
majority presented a spandrel type curve (Hsieh & Ou, 1998) with the structure suffering hogging. Only 
in alignment A2 was sagging observed throughout the entire length of the building. The deformation 
parameters determined for all alignments show that the buildings have predominantly a body rigid 
movement with the tilt () being always much higher than the relative rotation (), as already was 
suggested in Figure 5.23. However, both parameters have a small magnitude with the highest tilt and 
relative distortion observed in alignment A8. Based on the latter values and according to Bjerrum (1963) 
the damage of the buildings should be negligible since all relative distortions are much smaller than 
1/750. The maximum deflection, max, was also measured in alignment A8 with a value of 1.46 mm.  
The horizontal strains in the foundations are also small reaching a maximum of 0.0105 % in alignment 
A3. When comparing the results of the bending and diagonal strains with the limiting values presented 
in Table 5.3 it is concluded that negligible damage is expected in all buildings for the 2 stiffness cases of 
the buildings tested. The E/G = 2.6 reflects the usual scenario adopted where the facade is represented 
by an isotropic beam with a Poisson’s ratio of 0.3, while the relation of E/G = 0.5 is suggested by Burland 
et al. (1977) as a limiting scenario for an anisotropic beam relatively weak in bending which is subjected 
to hogging. It is also interesting to note that the higher tensile strain is predominantly the bending strain, 
except in alignments A5 and A7 for the E/G = 2.6 case. 
Table 5.4 – Risk assessment of buildings for the reference analysis 
Building 

(m-1) 
Align. 
L 
(m) 
H 
(m) 
Type   
max 
(mm) 
h 
(%) 
E/G = 2.6  E/G = 0.5 
bt (%) dt (%) Damage  bt (%) dt (%) Damage 
4 -0.0025 A1 26.4 15 Hog. 1/9380 1/41439 0.31 0.0013 0.0026 0.0017 0  0.0053 0.0015 0 
(P2-1-7-6) A2 18.4 15 Sag. 1/5500 1/6992 -0.30 0.0036 0.0058 0.0039 0  0.0089 0.0037 0 
5 -0.0200 A2 18.4 12 Sag. 1/5500 1/6992 -0.30 0.0036 0.0060 0.0038 0  0.0084 0.0037 0 
(P3-2-9-8) A3 21.2 12 Hog. 1/4207 1/7458 1.37 0.0105 0.0178 0.0124 0  0.0329 0.0112 0 
 A4 16.1 12 Hog. 1/2481 1/6040 1.01 0.0021 0.0079 0.0065 0  0.0231 0.0049 0 
6 0.0224 A4 16.1 3 Hog. 1/2481 1/6040 1.01 0.0021 0.0112 0.0033 0  0.0148 0.0022 0 
(P4-3-10-9) A5 16.9 3 Hog. 1/3367 1/7918 0.81 0.0001 0.0070 0.0016 0  0.0094 0.0005 0 
7 -0.0041 A5 16.9 18 Hog. 1/3367 1/7918 0.81 0.0001 0.0034 0.0046 0  0.0140 0.0037 0 
(P5-4-12-10) A6 29.6 18 Hog. 1/3097 1/7694 1.46 0.0006 0.0059 0.0044 0  0.0176 0.0028 0 
 A7 16.8 18 Hog. 1/2981 1/11106 0.62 0.0003 0.0028 0.0036 0  0.0111 0.0030 0 
8 -0.0355 A7 16.8 15 Hog. 1/2981 1/11106 0.62 0.0003 0.0033 0.0036 0  0.0121 0.0027 0 
(P14-12-13-11) A8 17.5 15 Hog. 1/1563 1/3306 1.46 0.0019 0.0087 0.0084 0  0.0286 0.0065 0 
9 0.0209 A8 17.5 15 Hog. 1/1563 1/3306 1.46 0.0019 0.0087 0.0084 0  0.0286 0.0065 0 
(P17-14-15-13) A9 15.9 15 Hog. 1/6243 1/79512 0.08 0.0036 0.0040 0.0037 0  0.0052 0.0037 0 
10 0.0025 A9 15.9 15 Hog. 1/6243 1/79512 0.08 0.0036 0.0040 0.0037 0  0.0052 0.0037 0 
(P19-17-18-16) A10 26.4 15 Hog. 1/6625 1/17097 0.59 0.0021 0.0046 0.0031 0  0.0098 0.0025 0 
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It should be noted that this risk methodology assumes that the building is in perfect condition before 
suffering the deformations imposed by the excavations. However, this is often not the case and it is 
reasonable to assume that for buildings with poor conditions the limiting tensile strains might be lower 
than those proposed by Boscardin and Cording (1989). In order to account for this effect Portugal et al. 
(2004) presented a correction to the limiting tensile strains by introducing a vulnerability index which 
translate the actual conditions of the buildings. The evaluation of the effect of this particular aspect on 
the damage of the buildings in the vicinity of the Ivens shaft excavation is beyond the scope of this thesis 
and therefore will not be investigated further. 
5.4.7 LONG-TERM BEHAVIOUR 
In the following sections the long-term behaviour after completion of the shaft construction will be 
presented. Its impact on the soil deformations and stresses will be discussed as well as its impact on the 
shaft and adjacent structures and services. 
5.4.7.1 Surface settlements 
In Figure 5.54 the development of the settlements at the ground surface for 3 different times, 1, 3 and 
15 years after completion of the Ivens shaft is presented. By comparing these results with those 
obtained at the end of construction (Figure 5.18) it is possible to observe that the area of influence of 
the shaft construction becomes smaller with time and concentrates around the shaft. The magnitude 
of the displacements tends to decrease slightly, probably due to the heave caused by the rise of the 
pore water pressures below the bottom of the shaft. The movements appear to stop after just 3 years 
suggesting that by then the excess pore pressures generated by the excavation have dissipated and the 
water table level has stabilised. 
   
Figure 5.54 – Development of the vertical deformations with time observed at the ground surface (excluding 
the buildings) 
NUMERICAL ANALYSIS OF THE CONSTRUCTION OF THE IVENS SHAFT 5 
 
 
 296 
 
   
Figure 5.55 – Development of the horizontal deformations (X direction) with time observed in a horizontal cross 
section at the street level 
   
Figure 5.56 – Development of the horizontal deformations (Z direction) with time observed in a horizontal cross 
section at the street level 
The horizontal displacements in the X an Z directions are depicted in Figure 5.55 and Figure 5.56, 
respectively, for the same times. The figures show that the changes in the horizontal deformations are 
even smaller than those predicted in the vertical direction. The area affected also tends to decrease and 
seems to stabilise after the same 3 years. 
5.4.7.2 Modifications to the stress conditions 
The distribution of pore water pressures 1 and 3 years after completion of the shaft construction is 
presented in a vertical cross section through the major axis of the shaft in Figure 5.57. As suggested by 
the deformation results the hydrostatic profile of the pore water pressure is re-established after only 3 
years. Actually, just 1 year after the completion of construction the majority of the excess pore water 
pressures appear to have dissipated around the shaft. The modifications in the mean effective stress 
and stress level are also minimal and almost imperceptible after 3 years as can be seen in Figure 5.58. 
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Figure 5.57 – Evolution with time of the pore water pressure in the soil after the completion of construction: a) 
1 year; b) 3 years 
 
 
  
Figure 5.58 – a) Mean effective stresses and b) stress level 3 years after the completion of construction 
5.4.7.3 Ivens shaft 
(a) Displacements 
Figure 5.59 shows the evolution of the vertical displacements with time after the end of shaft 
construction of the 4 vertices of the shaft for 3 different depths. In all cases the displacements tend to 
decrease with time and reach a constant value after about 3 years have passed since the end of 
construction. The magnitude of the variations is consistent for all points at same depth and 
consequently only a translation in the movements occurs. These are, however, larger at the lowest 
levels of the excavation with a decrease of approximately 2.0 mm at 25 m depth while at 1 m depth the 
variation is about 1.3 mm. The movements of the lining of the shaft in the horizontal direction are 
minimal as can be seen from Figure 5.60, where the convergence with time of the major and minor axes 
of the shaft is depicted. Deformation of the minor axis is almost inexistent throughout the years for all 
depths analysed. In the direction of the major axis a slight divergence occurs in the first year after the 
end of construction. The variations appear to increase with depth although do not surpass 0.3 mm at 
25 m depth. 
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 a) b) c) 
Figure 5.59 – Development with time of the vertical displacements of points located on the vertices of shaft at: 
a) 1 m depth; b) 11 m depth; c) 25 m depth 
 
 a) b) 
Figure 5.60 – Development with time of the convergence observed in the principal axis of the shaft: a) major 
axis; b) minor axis 
(b) Forces acting in the lining 
The structural forces in the lining of the shaft for various times after the end of the construction are 
given in Figure 5.61 for two depths. The results reveal that there is no significant variation in the forces 
mobilised in the lining at long-term. The minimal changes occur within 1 year after the end of 
construction of the shaft and they can be considered negligible at all depths, including the ones located 
below the final water table level. 
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 a) b) 
Figure 5.61 – Evolution with time of the axial force mobilised in the lining: a) 19 m depth; b) 29 m depth 
5.4.7.4 Baixa-Chiado station 
(a) Displacements 
The rise of the water pressures to their initial level produces same minor effects on the Western gallery 
of the Baixa-Chiado station. As can be seen in Figure 5.62 the accumulated vertical displacements just 
1 year after the end of the shaft construction have decreased, due to the heave caused by the rise of 
the water table. All changes have stopped and a stable situation occurred within a period of 3 years 
after the end of construction. The differences in the horizontal movements are even smaller, less than 
0.5 mm, and occur within 1 year after the end of the shaft construction. The area affected decreases 
slightly but remains located around the connection tunnel. 
 
Figure 5.62 – Evolution with time of the vertical displacements on the Western gallery of the Baixa-Chiado 
station: a) 1 year; b) 3 years; c) 15 years 
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Figure 5.63 – Evolution with time of the horizontal displacements (X direction) on the Western gallery of the 
Baixa-Chiado station: a) 1 year; b) 3 years; c) 15 years 
(b) Forces acting in the lining 
The evolution with time of the changes in the bending moment and axial (hoop) force in the lining of 
the Western gallery for 2 different cross sections are given in Figure 5.64 and Figure 5.65, respectively. 
The results show that with time the changes in the bending moment tend to decrease in the sections 
analysed. These changes occur within 1 year after the end of construction. A similar behaviour is 
observed in the axial force with the final equilibrium values being also smaller than the observed at the 
end of the construction of the Ivens shaft. Those modifications also stabilise within the same period of 
1 year. For the critical section, at -9 m, a maximum variation of nearly 250 kN/m occurs in the hoop 
force at 180º (Figure 5.65b)), which corresponds to almost half of the increase generated by the 
excavation of the shaft. It is also possible to verify that part of the lining of the station will be subject to 
smaller forces after the final equilibrium is reached when compared with the end of construction. In the 
section located at 26 m a similar behaviour is observed although the magnitude of the changes is 
smaller.  
 
 a) b) 
Figure 5.64 – Evolution with time of the change of the bending moment mobilised in the lining of the Western 
gallery of the Baixa-Chiado station: a) cross section at 26 m; b) cross section at 9 m  
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 a) b) 
Figure 5.65 – Evolution with time of the changes of the axial force mobilised in the lining of the Western gallery 
of the Baixa-Chiado station: a) a) cross section at 26 m; b) cross section at 9 m 
5.4.7.5 Risk assessment of the buildings 
The long-term results indicate that there are no significant changes with time in the movements at the 
ground surface. The modifications illustrated in Figure 5.54 have a minor impact on the risk assessment 
of the buildings since the decrease of the area affected by the excavation does not led to higher 
differential settlements. The predicted decrease in the displacements is generalised in the model and 
consequently the parameters and horizontal strains determined for each of the alignments investigated 
remain practically unchanged and do not change the assessment performed previously, with the 
buildings sustaining no damage due to the excavation of the Ivens shaft. 
5.5 SUMMARY AND CONCLUSIONS 
In the first part of this chapter the 3D numerical model developed to simulate the excavation of the 
Ivens shaft was presented in detail. The mesh generated included the modelling of all the relevant 
aspects present at the Ivens shaft site. The complex geometry and construction sequence of the Ivens 
shaft and of the connection tunnel were reproduced accurately, while the simulation of the Baixa-
Chiado station and of the adjacent buildings involved some simplifications. The effects of these and of 
other limitations of the model, particularly in terms of dimensions, were also discussed. In the end, the 
assumptions adopted proved to be reasonable since they appear not to affect significantly the obtained 
results. 
Subsequently, the importance of reproducing accurately the initial stress conditions at the site was 
highlighted. A methodology was developed in order to include in the model the three-dimensional 
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effects of the excavation of the Baixa-Chiado station and of the presence of the adjacent buildings and 
fill in the backyard, since all these elements were in place prior to the construction of the Ivens shaft 
and affected the initial conditions. Despite the simplifications adopted in this process it was possible to 
partially validate the stress field generated by comparing the results achieved with those obtained in 
the 2D model and with the field data. The time elapsed since the excavation of the Baixa-Chiado station 
was also simulated by performing a consolidation analysis. 
In the third section of the chapter the results of the reference analysis performed were presented and 
discussed in detail. The vertical deformations obtained at ground surface were generally small, about 
20 mm, and localised around the shaft, particularly on the side of the backyard. The horizontal 
movements were even smaller and mostly located around the retaining wall. It was also clear that the 
magnitude and distribution of those movements was affected by the presence of the buildings. The sub-
superficial vertical displacements were mainly localised in the transition zone of the shaft, where the 
enlargement of the section occurred. The presence of the Baixa-Chiado station in the vicinity apparently 
did not influence significantly the distribution of the vertical displacements. In contrast, the horizontal 
movements towards the shaft were clearly restricted by the presence of the station. The area affected 
by the shaft excavation was approximately circular with a radius of about 25 m, measured from the 
centre of the shaft, and decreased slightly with depth. The excavation of the shaft also modified the 
stress conditions in the soil, which caused yielding around the shaft particularly in the area near to the 
station and connection tunnel. The pore water pressures decreased around the excavation, as expected. 
The analysis of the behaviour of the shaft showed that its lining tends to bend slightly towards the 
station. Convergence occurred in the direction of the minor axis throughout its entire depth. In the 
major axis direction the convergence was much smaller and some divergence was observed at the depth 
of the Limestone layer and immediately above the enlargement of the shaft section. The opening in the 
lining to perform the connection with the station caused an increase of the vertical movements. 
Probably due to the shape of the section and due to the construction sequence modelled the bending 
moments determined throughout the entire depth of the shaft were small and only a slight localised 
increase was observed when the opening in the lining was performed. In contrast, the axial force in the 
shaft reached considerable magnitudes. The elliptical shape of the shaft appears to have a small effect 
on the distribution of the axial force for the same depth level with the value predicted being almost 
constant in the entire contour of the ring. However, for the deeper part of the shaft the axial force 
around the major axis tended to become significantly higher than that observed in the other direction. 
By analysing the evolution of the axial forces in the rings it was possible to verify that 90 % of its final 
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value was reached after only 3 m of excavation occurred since its installation. With the opening of the 
lining for the construction of the connection tunnel the axial forces increased considerably in the 
sections immediately below and above the opening. The analysis of the normal pressures acting on the 
lining in the elliptical section showed that along the alignments in the major axis the predicted values 
were similar to those imposed initially in the 3D model while along the alignments in the minor axis a 
smaller pressure was determined. Those results were strongly related with the elliptical shape of the 
section, which tends to concentrate the stresses in the soil along the major axis and decompress the soil 
along the minor axis. In the transition and circular sections the opposite was observed, i. e., the 
alignments along the major axis presented lower values than the assumed in the initial conditions and 
the opposite, higher pressures, was predicted along the alignments in the minor axis. 
Another aspect analysed in this chapter was the influence of the shaft construction on the Baixa-Chiado 
station. The first effects were observed when the shaft excavation reached 25 m depth. From that depth 
on the deformations in the station increased continuously in both the vertical and horizontal directions. 
However, the final magnitudes of these displacements can be considered small and the area affected 
was essentially located around the connection tunnel. The results also suggested that only the Western 
gallery of the station is influenced by the excavation. The analysis of the forces in the lining revealed 
that significant variations occurred due to the shaft construction. There was a noticeable increase in 
both bending moment and axial force, particularly on the side where the Ivens shaft is located. These 
variations were higher in the sections closer to the shaft and tended to decrease with distance away 
from the shaft. However, even sections located at 35 m distance of the centre of the shaft presented 
some increases. 
The impact of the shaft construction on the adjacent buildings was also assessed, and a risk analysis was 
performed for the buildings located in the vicinity of the shaft. The results showed that the damage in 
all buildings was negligible due to the small deformations and strains predicted at the foundation level. 
The buildings essentially underwent a rigid body movement towards the excavation. However, even this 
rotation can be classified as small and insignificant. 
A final aspect discussed in the chapter was the long-term behaviour of the shaft. The results show that 
generally the vertical displacements decreased due to heave caused by the rise of the pore water 
pressures below the bottom of the shaft. As a consequence the area affected by the shaft construction 
also decreased slightly. The rise of the water table to its original level occurred in approximately 3 years 
and no changes were observed after this period of time. The associated increase of the lateral pressures 
did not cause significant variations in the forces acting in the lining of the shaft. In contrast, the forces 
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in the lining of the station decreased considerably in some sections, approaching the values in the lining 
before construction of the Ivens shaft began. These time related changes had no influence on the 
damage to the buildings. 
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CHAPTER 6 
STUDY OF THE INFLUENCE OF DIFFERENT FACTORS 
IN THE CONSTRUCTION OF THE IVENS SHAFT 
6.1 INTRODUCTION 
The results of the reference analysis were presented and discussed in detail in the previous chapter. 
However, those results were determined based on several assumptions that may have influenced the 
behaviour of the excavation and their impact is important to evaluate. In this chapter a total of 5 
additional parametric studies are described, which were carried out in order to assess the influence of 
5 distinct factors on the stability of the shaft and on the movements caused by the excavation. The 
principal characteristics of the additional 3D analyses are summarised in Table 6.1. In each analysis only 
one modification was performed with respect to the reference analysis so that a particular aspect of the 
study could be isolated and properly assessed.  
The first study (IC) concerns the initial stress conditions adopted in the model. In this analysis the 
presence of the Baixa-Chiado station is disregarded and consequently its excavation is not performed. 
However, all the remaining stages considered in the generation of the initial stress conditions of the 
reference analysis remain unchanged. The absence of the station allows the assessment of its influence 
on the behaviour of shaft, particularly with regard to the observed movements towards the station. The 
lower stress level verified in the soil may also affect the forces and displacements in the shaft, especially 
at higher depths. 
The next study (CS) investigates the influence of the adopted construction sequence. The complex 
scheme (see Figure 5.5) employed in the reference analysis will be replaced by a simpler sequence, 
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where each cycle of 1 m depth will be excavated in full section, with the entire ring of lining installed in 
the subsequent increment. This sequence reduces considerably the number of construction stages and 
consequently the time required to run the analysis, but may have a significant influence on the 
displacements and forces in the lining of the shaft which is necessary to assess. 
In the third study (JG) the influence of the jet-grouting columns is investigated. In this analysis these 
columns will not be installed when excavation depth reaches the transition zone. Consequently, all the 
enlargement of the section will be excavated without the support provided by the columns. With this 
analysis it will be possible to evaluate the importance of the jet-grouting in the control of the 
displacements and in the stability of the excavation. 
The continuity and characteristics adopted for the Limestone layer are addressed in the fourth study 
(LI). The definition of the properties of this layer involved some assumptions which were already 
investigated with the 2D model in Chapter 4. In this new analysis the extreme case where the Limestone 
layer does not exist and is replaced by the AE formation will be considered. The influence of this 
hypothesis will be assessed by comparing the displacements on the ground and the forces acting in the 
lining of the shaft with the reference analysis. 
Table 6.1 – Characteristics of the parametric studies performed 
Designation Study Objective Differences to the reference analysis 
IC Initial Conditions Evaluate the influence of 
the presence of the Baixa-
Chiado station 
The excavation of the Baixa-Chiado station (Figure 5.9) is 
not performed and consequently the initial stress 
conditions are resultant of the gravity and K0 value plus 
the construction of the buildings and fill in the backyard 
CS Construction Sequence Assess the impact of the 
construction sequence 
adopted for the shaft 
The excavation of the shaft is performed in full steps of 
1 m depth without the partialisation presented in Figure 
5.5 
JG Jet-Grouting columns Evaluate the influence of 
the construction of the jet-
grouting support 
The construction of the jet-grouting columns is not 
performed and consequently the transition zone is 
excavated without this additional support 
LI LImestone layer Assess the continuity and 
characteristics of the 
Limestone layer 
The Limestone layer is not considered in the analysis and 
is replaced by the AE formation. As consequence the 
excavation of the majority of the shaft occurs in a 
homogenous material 
BS Buildings Stiffness  Assess the influence of the 
stiffness of the buildings 
The stiffness of the buildings determined in Table 5.2 is 
not considered and consequently the ground movements 
are not restrained by this aspect. However, the weight of 
the buildings is still considered in the analysis 
 
 
Finally, the influence of the stiffness of the buildings is additionally investigated (BS). The method 
employed to simulate the buildings involved some simplifications which may not reproduce accurately 
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their influence. In this last study a greenfield analysis, where the stiffness of the buildings is not 
considered, is performed. However, the load corresponding to the weight of the buildings remains 
applied at the foundation level. This analysis will clarify the relevance of the stiffness of the buildings in 
the control of the movements at surface. 
In the following sections of the chapter the principal results and particularly the discrepancies in relation 
to the reference analysis of all studies performed are presented and discussed in detail. 
6.2 INFLUENCE OF THE INITIAL GROUND CONDITIONS 
6.2.1 SURFACE DEFORMATIONS 
Figure 6.1 shows the development of the vertical deformations at ground surface for the case where 
the Western gallery of the Baixa-Chiado station was not excavated. The analysis of the figure shows that 
the area affected by the excavation is smaller, about 15 %, than that observed in the reference analysis 
(Figure 5.18) for all stages of excavation. The magnitude of the vertical displacements also appears to 
be smaller, although this is difficult to conclude based just on the contours displayed. In the X and Z 
horizontal directions the area affected by the excavation and the magnitude of the deformations are 
also smaller in the IC analysis than those predicted in the reference analysis, as can be seen in Figure 
6.2 and Figure 6.3. From the analysis of these figures it can be concluded that the presence of the Baixa-
Chiado station has a slight impact on the movements observed at surface. 
   
Figure 6.1 – IC – Development of the vertical deformation with the excavation depth observed at surface 
(excluding the buildings) 
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Figure 6.2 – IC – Development of the horizontal deformation (X direction) with the excavation depth observed 
in a horizontal cross section at the street level 
    
Figure 6.3 – IC – Development of the horizontal deformation (Z direction) with the excavation depth observed 
in a horizontal cross section at the street level 
6.2.2 SUB-SURFACE DEFORMATIONS 
As shown in Chapter 5 the influence of the presence of the station increases considerably with depth of 
the shaft. In the analysis where the station is not modelled the final vertical displacements predicted in 
the area adjacent to the shaft are much smaller, nearly 25 % with respect to the maximum value (Figure 
6.4). This effect is particularly clear on the side where the station is located. The concentration of 
displacements in the transition zone also decreases significantly when compared with the reference 
analysis (see Figure 5.27). However, the area of influence of the Ivens shaft excavation remains 
practically unchanged. The magnitude and location of the heave in the bottom of the shaft is also not 
affected by the absence of the station. 
In similarity with the vertical movements the horizontal displacements also tend to decrease when the 
station is not considered, as can be observed in the vertical cross sections A-A’ and B-B’ in Figure 6.5. 
These differences increase significantly with depth, particularly along the major axis of the shaft (cross 
section A-A’). In the opposite direction, minor axis, the movements also decrease, but in this case only 
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a marginal difference is verified. Without the presence of the station the horizontal displacements in 
the lowest part of the shaft increase slightly since they are not restrained by the station and 
consequently a more symmetrical distribution is observed.  
 
 
  
Figure 6.4 – IC – Contours of vertical deformations observed at the end of the excavation of the connection 
tunnel in vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section 
B-B’) of the Ivens shaft 
 
 
  
Figure 6.5 – IC – Contours of horizontal deformations observed at the end of the excavation of the connection 
tunnel in vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section 
B-B’) of the Ivens shaft 
6.2.3 MODIFICATIONS OF STRESS CONDITIONS 
Without the presence of the Baixa-Chiado station the initial stress conditions are more similar to a 
typical greenfield stress field generated based on the gravity and K0 value. Consequently, the initial 
stress level in the soil before the excavation of the shaft is much lower in this scenario. The stress level 
obtained after the excavation of Ivens shaft for the case where the presence of the station is disregarded 
can be visualised in Figure 6.6 for 2 vertical cross sections passing through the principal axis of the shaft. 
The comparison with the reference analysis (see Figure 5.31) shows a lower stress level in the soil when 
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the station is not modelled. The pattern of the contours and area affected by the excavation is in this 
case barely symmetrical, being only slightly greater on the side of the station, which is most likely the 
consequence of the shape of the shaft and of the connection tunnel. It should be noted that some 
yielding still occurs around the shaft, i. e. stress level of 1.0, and particularly in the transition zone. The 
contours of the mean effective stress and of the pore water pressure are similar to those observed in 
the reference analysis and consequently are not presented. 
 
 
  
Figure 6.6 – IC – Stress level in the soil at the end of the excavation of the connection tunnel observed in vertical 
cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section B-B’) of the Ivens 
shaft 
6.2.4 LINING DISPLACEMENTS 
Figure 6.7 shows the evolution of the vertical displacements in the 4 vertices of the shaft at 3 different 
depths, in comparison with the reference analysis (RA). The plots show that the general trend of 
movements in all points is similar for both analyses regardless of the depth. However, the magnitude is 
different, with the results of the IC analysis presenting lower displacements. It is interesting to note that 
close to the surface point B, located in the backyard side, has the highest displacement as in the 
reference analysis. However, at 11 m depth and particularly at 25 m depth the predominant movement 
towards the station predicted in the RA analysis is not observed in the IC analysis.  
The horizontal radial movements of the same points at the same depths are also smaller compared to 
the RA analysis, as shown in Figure 6.8. The general trend is similar but it is possible to observe that the 
differences tend to increase with depth of the excavation, which reveals the influence of the presence 
of the station. The exception to this behaviour is point A where larger displacements are observed at 
25 m depth. As a result of the smaller radial horizontal displacements the convergences measured along 
the depth of the shaft in both axes generally decrease (Figure 6.9). The obtained results clearly 
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demonstrate that not modelling the Baixa-Chiado station has an effect on the movements of shaft, 
reducing them, particularly at higher depths.  
 
 a) b) c) 
Figure 6.7 – IC –Vertical displacements of points located on the vertices of shaft at: a) 1 m depth; b) 11 m depth; 
c) 25 m depth 
 
 a) b) c) 
Figure 6.8 – IC – Radial displacements of points located on the vertices of shaft at: a) 1 m depth; b) 11 m depth; 
c) 25 m depth 
 
 a) b) 
Figure 6.9 – IC – Convergence observed in the principal axis of the shaft: a) major axis; b) minor axis 
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6.2.5 FORCES ACTING IN THE IVENS SHAFT LINING 
The impact of not modelling the station is also observed, at some extent, in the forces acting in the Ivens 
shaft lining. From the analysis of Figure 6.10 it is possible to observe that there are some differences in 
the axial forces determined in the analysis with (RA) and without the station (IC). However, these 
discrepancies appear to vary depending on the section of the shaft. In the elliptical section the axial 
forces predicted in the IC analysis tend to increase in almost all levels investigated in average 15 %. In 
contrast, the axial forces in the RA analysis decrease slightly, about 5 %, in the transition and circular 
zones, and particularly in the area of the opening for the construction of the connection tunnel where 
the differences reach 25 %, probably due to the better soil conditions. Based on the differences it can 
be concluded that the presence of the station has only a slight impact on the lining forces. 
 
 a) b) 
Figure 6.10 – IC – Axial force mobilised in the lining: a) elliptical section; b) transition zone and circular section 
6.2.6 RISK ASSESSMENT OF THE BUILDINGS 
As showed previously the absence of the station does not have much impact at the ground surface, with 
the movements being only slightly smaller. When compared with the reference analysis the 
deformations predicted for the buildings are generally lower. Consequently, the damage category 
defined for each building remained unchanged, with an estimated negligible risk (Table 6.2). 
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Table 6.2 – IC – Risk assessment of buildings 
Building 

(m-1) 
Align. 
L 
(m) 
H 
(m) 
Type   
max 
(mm) 
h 
(%) 
E/G = 2.6  E/G = 0.5 
bt (%) dt (%) Damage  bt (%) dt (%) Damage 
4 -0.0021 A1 26.4 15 Hog. 1/11626 1/51315 0.25 0.0009 0.0020 0.0013 0  0.0042 0.0011 0 
(P2-1-7-6) A2 18.4 15 Sag. 1/6927 1/8842 -0.24 0.0034 0.0052 0.0036 0  0.0076 0.0035 0 
5 -0.0150 A2 18.4 12 Sag. 1/6927 1/8842 -0.24 0.0034 0.0053 0.0036 0  0.0072 0.0034 0 
(P3-2-9-8) A3 21.2 12 Hog. 1/5329 1/10071 1.02 0.0074 0.0128 0.0088 0  0.0240 0.0079 0 
 A4 16.1 12 Hog. 1/3244 1/7967 0.77 0.0019 0.0063 0.0051 0  0.0179 0.0039 0 
6 0.0176 A4 16.1 3 Hog. 1/3244 1/7967 0.77 0.0019 0.0088 0.0028 0  0.0115 0.0020 0 
(P4-3-10-9) A5 16.9 3 Hog. 1/4531 1/10108 0.63 0.0000 0.0054 0.0013 0  0.0073 0.0003 0 
7 -0.0037 A5 16.9 18 Hog. 1/4531 1/10108 0.63 0.0000 0.0026 0.0036 0  0.0109 0.0029 0 
(P5-4-12-10) A6 29.6 18 Hog. 1/3924 1/10066 1.12 0.0000 0.0041 0.0032 0  0.0131 0.0020 0 
 A7 16.8 18 Hog. 1/3752 1/12948 0.54 0.0003 0.0024 0.0031 0  0.0095 0.0026 0 
8 -0.0276 A7 16.8 15 Hog. 1/3752 1/12948 0.54 0.0003 0.0028 0.0031 0  0.0103 0.0024 0 
(P14-12-13-11) A8 17.5 15 Hog. 1/2002 1/4277 1.13 0.0009 0.0062 0.0063 0  0.0216 0.0048 0 
9 0.0160 A8 17.5 15 Hog. 1/2002 1/4277 1.13 0.0009 0.0062 0.0063 0  0.0216 0.0048 0 
(P17-14-15-13) A9 15.9 15 Hog. 1/7756 1/112712 0.06 0.0026 0.0029 0.0026 0  0.0037 0.0026 0 
10 0.0018 A9 15.9 15 Hog. 1/7756 1/112712 0.06 0.0026 0.0029 0.0026 0  0.0037 0.0026 0 
(P19-17-18-16) A10 26.4 15 Hog. 1/8161 1/22476 0.45 0.0023 0.0042 0.0029 0  0.0082 0.0025 0 
 
6.3 INFLUENCE OF THE CONSTRUCTION SEQUENCE ADOPTED 
6.3.1 SURFACE DEFORMATIONS 
The simplification performed in the construction sequence appears to only have a slight impact on the 
deformations at ground surface. Figure 6.11 shows that the contours of the vertical displacements 
obtained for different excavation stages are very similar to those observed in the reference analysis (see 
Figure 5.18). The overall area affected by the excavation remains almost the same, although the full face 
excavation seems to induce slightly higher displacements adjacent to the shaft, up to 10 %. A similar 
conclusion can be drawn for the horizontal displacements, shown in Figure 6.12 and Figure 6.13. In both 
directions the deformations adjacent to the retaining wall are also up to 10 % higher. 
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Figure 6.11 – CS – Development of the vertical deformation with the excavation depth observed at surface 
(excluding the buildings) 
 
Figure 6.12 – CS – Development of the horizontal deformation (X direction) with the excavation depth observed 
in a horizontal cross section at the street level 
    
Figure 6.13 – CS – Development of the horizontal deformation (Z direction) with the excavation depth observed 
in a horizontal cross section at the street level 
6.3.2 SUB-SURFACE DEFORMATIONS 
Contours of the vertical displacements are plotted in Figure 6.14 for 2 vertical cross sections through 
the major axes of the shaft for the CS analysis in which a simplified construction sequence was adopted. 
The results show that the area affected by the excavation is similar to that obtained in the reference 
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analysis (see Figure 5.27). However, the vertical displacements in the area adjacent to the shaft are 
higher (in average 20 %), particularly in the minor axis direction (cross section B-B’). The contours of the 
horizontal movements in the two vertical cross sections (Figure 6.15) are very similar to those predicted 
in the reference analysis. From the analysis of these figures it is possible to conclude that the partialised 
construction sequence adopted in the reference analysis has an effect on the vertical movements, but 
appears to have a negligible impact on the horizontal deformations. 
 
 
  
Figure 6.14 – CS – Contours of vertical deformations observed at the end of the excavation of the connection 
tunnel in vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section 
B-B’) of the Ivens shaft 
 
 
  
Figure 6.15 – CS – Contours of horizontal deformations observed at the end of the excavation of the connection 
tunnel in vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section 
B-B’) of the Ivens shaft 
6.3.3 LINING DISPLACEMENTS 
The increase of vertical displacements originated by the simplified construction sequence can be easily 
observed in Figure 6.16. For all points and depths chosen for interpretation the CS analysis presents 
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higher deformations. It is also interesting to see that the fluctuation observed in the transition to the 
circular section is smaller in the simplified approach. However, the general trend in all points is similar 
to that of the reference analysis. The predominant movement towards the station at higher depths is 
also observed.  
The horizontal radial displacements predicted in the same points show that the simplification performed 
in the construction sequence led to a decrease of the movements (Figure 6.17), particularly in the 
deeper sections. The points located in the minor axis present the highest differences, while in the 
opposite direction, and especially in point A, the variation is minimal. However, the trend observed in 
all points is similar for both analyses.  
 
 a) b) c) 
Figure 6.16 – CS –Vertical displacements of points located on the vertices of shaft at: a) 1 m depth; b) 11 m 
depth; c) 25 m depth 
 
 a) b) c) 
Figure 6.17 – CS – Radial displacements of points located on the vertices of shaft at: a) 1 m depth; b) 11 m depth; 
c) 25 m depth 
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The convergences predicted for both analyses are depicted in Figure 6.18. Generally, the differences 
between both analyses tend to increase with depth for all sections analysed. The convergences 
determined along the minor axis were always smaller than the reference analysis, with a maximum 
difference of 4 mm observed in the section located at 19 m depth. In the opposite direction a different 
behaviour is observed with the shallower sections presenting higher values of divergence for the 
intermediate stages of excavation. However, for the final stage of excavation the sections analysed 
presented similar or lower convergences, apart from the section at 1 m where a higher convergence 
was observed. 
 
 a) b) 
Figure 6.18 – CS – Convergence observed in the principal axis of the shaft: a) major axis; b) minor axis 
6.3.4 FORCES AND PRESSURES ACTING IN THE IVENS SHAFT LINING 
In the simplified construction sequence the full ring was installed in the same stage while in the 
reference analysis the construction was performed over 6 stages, where 6 segments were installed in 
alternation with the excavation. The values of the axial force at the end of the excavation, at different 
depths of the shaft, are shown in Figure 6.19. In the majority of the sections the differences observed 
are minimal between the two analyses. Only in the section at 19 m depth, at the beginning of the 
transition zone, some discrepancies appear, with the reference analysis estimating higher axial forces, 
up to 30 % near point C.  
The evolution of the forces in sections located at 19 and 25 m are presented in Figure 6.20 for both 
analysis. As expected, in the stage of installation of the full ring the axial force in the CS analysis is zero 
since the lining has not yet started to work. In contrast, in the reference analysis the constructed 
segments of the lining have generated some axial force. From this stage on, the evolution of the forces 
in both analyses with depth of the excavation is generally similar. These results demonstrate that the 
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impact of the construction sequence on the forces acting in the lining is small, with differences observed 
mainly in the transition zone where the presence of the jet-grouting columns provides an additional 
support to the excavation.  
The normal pressures generated along the vertical alignments of the 4 vertices of the shaft are plotted 
in Figure 6.21 for the cases where the pressure is generated just by the soil and by the jet-grouting in 
the transition zone. The results show that only marginal differences occur in all points for both analyses 
considered.  
 
 a) b) 
Figure 6.19 – CS – Axial force mobilised in the lining: a) elliptical section; b) transition zone and circular section 
 
 a) b) 
Figure 6.20 – CS – Evolution of the axial force mobilised in the lining: a) 19 m depth; b) 25 m depth 
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 a) b) 
Figure 6.21 – CS – Normal pressure acting on principal alignments of the shaft: a) soil; b) jet-grouting 
6.3.5 FORCES ACTING IN THE BAIXA-CHIADO LINING 
From Figure 6.22 it is possible to verify that the simplification of the construction sequence does not 
affect the forces acting in the Western gallery of the Baixa-Chiado station in any significant manner. The 
trends observed in both the bending moment and axial forces due to the construction of the Ivens shaft 
are almost the same as those predicted in the reference analysis. 
 
 a) b) 
Figure 6.22 – CS – Changes of the forces mobilised in the Western gallery of the Baixa-Chiado station for the 
final stage of the excavation: a) bending moments; b) axial force 
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6.3.6 RISK ASSESSMENT OF THE BUILDINGS 
Despite the increase of the vertical displacements at surface, particularly around the excavation, the 
simplification of the construction sequence has a minor impact on the deformations of the buildings. 
The tilt, relative rotation and deflection increase in most of the alignments analysed, but their 
magnitudes continue to produce minor tensile strains in the buildings and consequently the damage 
category remained unchanged in all of them, with a negligible risk being predicted in this analysis (Table 
6.3). 
Table 6.3 – CS – Risk assessment of buildings 
Building 

(m-1) 
Align. 
L 
(m) 
H 
(m) 
Type   
max 
(mm) 
h 
(%) 
E/G = 2.6  E/G = 0.5 
bt (%) dt (%) Damage  bt (%) dt (%) Damage 
4 -0.0029 A1 26.4 15 Hog. 1/8351 1/36243 0.35 0.0014 0.0029 0.0019 0  0.0060 0.0016 0 
(P2-1-7-6) A2 18.4 15 Sag. 1/4764 1/6069 -0.34 0.0039 0.0064 0.0042 0  0.0100 0.0039 0 
5 -0.0233 A2 18.4 12 Sag. 1/4764 1/6069 -0.34 0.0039 0.0066 0.0041 0  0.0094 0.0039 0 
(P3-2-9-8) A3 21.2 12 Hog. 1/3714 1/6403 1.60 0.0114 0.0200 0.0137 0  0.0375 0.0123 0 
 A4 16.1 12 Hog. 1/2146 1/5082 1.20 0.0024 0.0093 0.0077 0  0.0275 0.0058 0 
6 0.0256 A4 16.1 3 Hog. 1/2146 1/5082 1.20 0.0024 0.0132 0.0039 0  0.0175 0.0026 0 
(P4-3-10-9) A5 16.9 3 Hog. 1/2904 1/6561 0.98 0.0001 0.0084 0.0020 0  0.0114 0.0006 0 
7 -0.0042 A5 16.9 18 Hog. 1/2904 1/6561 0.98 0.0001 0.0041 0.0055 0  0.0169 0.0045 1 
(P5-4-12-10) A6 29.6 18 Hog. 1/2326 1/5803 1.76 0.0008 0.0072 0.0053 0  0.0213 0.0034 0 
 A7 16.8 18 Hog. 1/2633 1/9453 0.73 0.0003 0.0033 0.0043 0  0.0129 0.0035 0 
8 -0.0404 A7 16.8 15 Hog. 1/2633 1/9453 0.73 0.0003 0.0038 0.0042 0  0.0141 0.0032 0 
(P14-12-13-11) A8 17.5 15 Hog. 1/1384 1/2855 1.69 0.0020 0.0100 0.0097 0  0.0330 0.0075 1 
9 0.0241 A8 17.5 15 Hog. 1/1384 1/2855 1.69 0.0020 0.0100 0.0097 0  0.0330 0.0075 1 
(P17-14-15-13) A9 15.9 15 Hog. 1/5523 1/76556 0.09 0.0043 0.0047 0.0043 0  0.0059 0.0043 0 
10 0.0028 A9 15.9 15 Hog. 1/5523 1/76556 0.09 0.0043 0.0047 0.0043 0  0.0059 0.0043 0 
(P19-17-18-16) A10 26.4 15 Hog. 1/7051 1/16782 0.65 0.0020 0.0048 0.0032 0  0.0106 0.0025 0 
6.4 INFLUENCE OF THE JET-GROUTING COLUMNS 
6.4.1 SURFACE DEFORMATIONS 
Figure 6.23 depicts the contours of the vertical displacements at surface for 3 stages of the excavation 
of Ivens shaft, from the analysis where the presence of the jet-grouting columns was not considered. As 
expected, up to an excavation depth of 19 m the results are equal to those predicted in the reference 
analysis (see Figure 5.18). However, at an excavation depth of 29 m the differences between the two 
analyses are significant and increase considerably more until the final stage of shaft construction. The 
area affected by the excavation is about 20 % greater if the jet-grouting columns are not modelled. The 
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settlements also increase considerably around the shaft and below the adjacent buildings in 
approximately 30 and 10 %, respectively, when compared to those predicted in the reference analysis. 
Similar conclusions can be drawn for the horizontal movements in both X and Z directions with the 
magnitude of the displacements increasing in similar percentages (Figure 6.24 and Figure 6.25). It should 
be noted that the scale used for the contours in both figures is higher than the employed in the 
reference analysis (see Figure 5.20 and Figure 5.22). Despite the significant increase in the horizontal 
displacements in the area adjacent to the shaft the general distribution is similar to that predicted in 
the reference analysis.  
   
Figure 6.23 – JG – Development of the vertical deformation with the excavation depth observed at surface 
(excluding the buildings) 
  
Figure 6.24 – JG – Development of the horizontal deformation (X direction) with the excavation depth observed 
in a horizontal cross section at the street level 
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Figure 6.25 – JG – Development of the horizontal deformation (Z direction) with the excavation depth observed 
in a horizontal cross section at the street level 
6.4.2 SUB-SURFACE DEFORMATIONS 
The impact of the absence of the jet-grouting columns can also be observed in the vertical cross sections 
through the principal axes of the shaft, presenting the contours of the vertical and horizontal 
displacements in Figure 6.26 and Figure 6.27, respectively. The vertical deformations in the area around 
the shaft increase significantly, more than 30 %, and particularly in the transition zone where the highest 
movements are observed (note that the scale is different from the reference analysis). However, the 
area in depth affected by the excavation is approximately the same in both analyses. From Figure 6.26 
it is also important to note that the heave extends to nearly the transition zone while in the reference 
analysis was mainly located in the bottom of shaft. This difference illustrates the importance of the jet-
grouting columns and their efficiency in transmitting the loads from the transition zone to the AP 
formation.  
 
 
  
Figure 6.26 – JG – Contours of vertical deformations observed at the end of the excavation of the connection 
tunnel in vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section 
B-B’) of the Ivens shaft 
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Figure 6.27 – JG – Contours of horizontal deformations observed at the end of the excavation of the connection 
tunnel in vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section 
B-B’) of the Ivens shaft 
The horizontal movements towards the shaft also increase up to 35 % with depth in the JG analysis, 
although their spatial distribution remains similar to that observed in the reference analysis. In the 
major axis directions the horizontal displacements are mainly located in the transition and circular 
sections of the shaft. The effect of the presence of the station is also clearly visible in this analysis with 
the deformations being restrained on that side. Along the minor axis the distribution of the horizontal 
displacements with depth is similar to that predicted in the reference analysis, although the analysis 
without jet-grouting columns presents higher values. 
6.4.3 MODIFICATIONS OF STRESS CONDITIONS 
The absence of the jet-grouting columns also influences the stress conditions around the shaft. Without 
this additional element of support the soil tends to mobilise slightly higher stress levels compared to 
the reference analysis (see Figure 5.31), particularly in the transition zone, as can be seen in the vertical 
cross sections presented in Figure 6.28. In addition, the zone of the Limestone layer appears to be also 
influenced. At this depth and in both directions a stress concentration that leads to yielding of the soil 
is observed in the present analysis. However, the principal differences between the RA and JG analyses 
are located around the shaft since for farther distances similar stress levels are observed.  
With the removal of the jet-grouting columns the water can flow directly to the excavation, particularly 
in the AEB formation, which has high permeability. However, for the last stage of the excavation both 
analyses exhibit similar pore water pressure distributions (Figure 6.29). Since the lining of the shaft was 
considered impermeable, a hydrostatic pore water pressure is observed around it immediately after the 
excavation. The suctions obtained at the bottom of the shaft are also similar in both analyses. 
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Figure 6.28 – JG – Stress level in the soil at the end of the excavation of the connection tunnel observed in 
vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section B-B’) of the 
Ivens shaft 
 
 
  
Figure 6.29 – JG – Pore water pressures in the soil at the end of the excavation of the connection tunnel observed 
in vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section B-B’) of 
the Ivens shaft 
6.4.4 LINING DISPLACEMENTS 
The impact of the jet-grouting columns is also clearly visible in the vertical displacements predicted at 
different depths in the 4 vertices of the shaft (Figure 6.30). The points located at 1 m depth have a 
similar movement up to the beginning of the excavation of the transition zone. At this stage the 
deformations in the analysis without the jet-grouting columns (JG) increase sharply and return to a trend 
similar to that observed in the reference analysis (RA) when the circular zone begins to be excavated. 
Between these two stages the vertical displacements almost double in magnitude. Similar behaviour is 
observed at 11 m and at 25 m depth, where the excavation is already more than half way through the 
transition zone. The plots also show that the differences between both analyses tend to increase with 
depth. The vertical movement of the shaft towards the station also increases by 30 % for higher depths 
in the JG analysis. 
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 a) b) c) 
Figure 6.30 – JG –Vertical displacements of points located on the vertices of shaft at: a) 1 m depth; b) 11 m 
depth; c) 25 m depth 
The differences observed in the vertical displacements are also reflected, to some extent, in the 
horizontal radial movements (Figure 6.31). At surface, only point B has a significant increase in 
movement after the excavation of the transition zone without jet-grouting columns, whereas at 11 m 
depth the movements are almost equal to those from the RA analysis at all 4 points. However, at 25 m 
depth the deformations of the 4 points increase considerably, with movements in all points in the 
direction of the centre of the shaft apart from point A, which diverges.  
 
 a) b) c) 
Figure 6.31 – JG – Radial displacements of points located on the vertices of shaft at: a) 1 m depth; b) 11 m depth; 
c) 25 m depth 
All these differences influence the predicted convergences in the shaft at different depths (Figure 6.32). 
Along the major axis of the shaft the convergence increases for the shallower levels when the jet-
grouting columns are not considered. However, at higher depths a different behaviour is observed. At 
the 19 m depth section an initial divergence occurs until an excavation depth of 23 m is reached, after 
which the section inverts suddenly the movement reaching nearly 1 mm of convergence at the 
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beginning of the excavation of the circular section and then remains constant until the opening of the 
lining where a new but moderate increase is observed. At 25 m depth both analyses estimate the same 
convergence. 
The behaviour along the minor axis of the shaft also presents some particularities. At 11 m depth both 
analyses present the same movements, while at 1 m depth the final convergence determined is only 
slightly higher than the calculated in the reference analysis. That difference increases at 25 m depth 
where a final difference of about 4 mm is observed. At 19 m depth a different behaviour is observed in 
the JG analysis. After a sharp increase of the convergence, identical to the RA analysis, a sudden 
inversion of the movement occurs when the soil below the water table begins to be excavated (23 m). 
Ultimately the movements stabilise in the circular section with a convergence value of approximately 
7 mm. These differences from the predictions of the RA analysis clearly show the importance of the jet-
grouting columns in the control of shaft deformations. 
 
 a) b) 
Figure 6.32 – JG – Convergence observed in the principal axis of the shaft: a) major axis; b) minor axis 
6.4.5 FORCES AND PRESSURES ACTING IN THE IVENS SHAFT LINING 
The presence of jet-grouting columns also affects the forces mobilised in the Ivens shaft lining. Figure 
6.33 presents the axial forces determined in the JG analysis for several sections located at different 
depths. The analysis of the figure shows that in the elliptical section of the shaft the differences from 
the results obtained with the reference analysis are small. However, in the lower part of the shaft the 
discrepancies increase considerably. At 19 m depth a different behaviour is observed. In the JG analysis 
the lining between points B and D, on the side of the station, experiences a significant reduction of the 
axial forces, reaching tension. Point A in turn is in compression with a value of 750 kN/m. The reasons 
for this extreme behaviour within the ring are probably related to the shape of the shaft which enlarges 
in the direction of point C and also with the excavation of the AEB formation below water table. As can 
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be seen in Figure 6.34a) those differences tend to increase significantly when the excavation reaches 
the water table (23 m depth). As expected, in the transition zone the axial forces in the JG analysis 
increase due to the absence of the additional support provided by the jet-grouting columns. Those 
differences are visible immediately after the installation of the full ring as can be observed in Figure 
6.34b). That increase in the hoop force is particularly relevant at 31 m depth, where a value of nearly 
1500 kN/m is predicted, which is the double of the axial force determined in the reference analysis 
(Figure 6.33b). In the circular section (34 m) the forces of both analyses are similar, apart from the area 
between points C and D (location of the connection tunnel) where a smaller peak is observed for the JG 
analysis.  
 
 a) b) 
Figure 6.33 – JG – Axial force mobilised in the lining: a) elliptical section; b) transition zone and circular section 
 
 a) b) 
Figure 6.34 – JG – Evolution of the axial force mobilised in the lining: a) 19 m depth; b) 25 m depth 
The normal pressures predicted along the vertical alignments of the 4 vertices of the shaft are plotted 
in Figure 6.35 for both analyses. The results show that without the jet-grouting columns the pressures 
in the alignments along the minor axis tend to decrease considerably in the transition zone, reaching 
values similar to those in the alignments in the major axis. This decrease of pressure is probably 
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associated with the increase of movements observed in this section. In the remaining sections of the 
shaft the values of both analyses can be considered similar with just a slight increase of pressure 
observed in the Limestone layer for the JG analysis, which is in agreement with the stress levels 
presented in Figure 6.28. 
 
 a) b) 
Figure 6.35 – JG – Normal pressure acting on principal alignments of the shaft: a) soil; b) jet-grouting 
6.4.6 FORCES ACTING IN THE BAIXA-CHIADO LINING 
The changes in the forces acting in the lining of the station are presented in Figure 6.36 for both 
analyses. The comparison between them shows that in the absence jet-grouting columns (JG analysis) 
the bending moment and axial force increases slightly. However, this effect is limited to the sections 
closer to the shaft since for the farthest sections there is almost no difference between the two analyses. 
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 a) b) 
Figure 6.36 – JG – Changes of the forces mobilised in the Western gallery of the Baixa-Chiado station for the 
final stage of the excavation: a) bending moments; b) axial force 
6.4.7 RISK ASSESSMENT OF THE BUILDINGS 
As shown previously, the absence of the jet-grouting columns induces higher displacements at surface 
and particularly at the foundation level of some of the buildings modelled. Consequently, the 
deformation parameters, in particular the tilt, determined for each alignment analysed increased 
considerably (Table 6.4). However, the magnitudes of these deformations and corresponding tensile 
strains can still be sustained by the buildings without any damage being induced (Table 6.4). 
Table 6.4 – JG – Risk assessment of buildings 
Building 

(m-1) 
Align. 
L 
(m) 
H 
(m) 
Type   
max 
(mm) 
h 
(%) 
E/G = 2.6  E/G = 0.5 
bt (%) dt (%) Damage  bt (%) dt (%) Damage 
4 -0.0035 A1 26.4 15 Hog. 1/6735 1/29532 0.43 0.0018 0.0036 0.0024 0  0.0075 0.0020 0 
(P2-1-7-6) A2 18.4 15 Sag. 1/3886 1/4957 -0.42 0.0044 0.0075 0.0048 0  0.0119 0.0045 0 
5 -0.0272 A2 18.4 12 Sag. 1/3886 1/4957 -0.42 0.0044 0.0078 0.0047 0  0.0112 0.0044 0 
(P3-2-9-8) A3 21.2 12 Hog. 1/3019 1/5659 1.81 0.0152 0.0248 0.0175 0  0.0447 0.0160 0 
 A4 16.1 12 Hog. 1/1779 1/4507 1.36 0.0026 0.0104 0.0087 0  0.0309 0.0065 0 
6 0.0286 A4 16.1 3 Hog. 1/1779 1/4507 1.36 0.0026 0.0148 0.0043 0  0.0197 0.0028 0 
(P4-3-10-9) A5 16.9 3 Hog. 1/2378 1/5712 1.12 0.0001 0.0096 0.0022 0  0.0130 0.0006 0 
7 -0.0059 A5 16.9 18 Hog. 1/2378 1/5712 1.12 0.0001 0.0047 0.0063 0  0.0194 0.0052 0 
(P5-4-12-10) A6 29.6 18 Hog. 1/2206 1/5514 2.04 0.0009 0.0084 0.0062 0  0.0247 0.0040 0 
 A7 16.8 18 Hog. 1/2092 1/7771 0.89 0.0001 0.0037 0.0051 0  0.0155 0.0042 0 
8 -0.0494 A7 16.8 15 Hog. 1/2092 1/7771 0.89 0.0001 0.0043 0.0050 0  0.0169 0.0038 0 
(P14-12-13-11) A8 17.5 15 Hog. 1/1100 1/2484 1.94 0.0026 0.0117 0.0113 0  0.0382 0.0087 0 
9 0.0287 A8 17.5 15 Hog. 1/1100 1/2484 1.94 0.0026 0.0117 0.0113 0  0.0382 0.0087 0 
(P17-14-15-13) A9 15.9 15 Hog. 1/4428 1/56893 0.12 0.0052 0.0058 0.0053 0  0.0075 0.0053 0 
10 0.0036 A9 15.9 15 Hog. 1/4428 1/56893 0.12 0.0052 0.0058 0.0053 0  0.0075 0.0053 0 
(P19-17-18-16) A10 26.4 15 Hog. 1/5774 1/13224 0.83 0.0019 0.0054 0.0035 0  0.0127 0.0026 0 
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6.5 INFLUENCE OF THE LIMESTONE LAYER 
6.5.1 SURFACE DEFORMATIONS 
The doubts regarding the continuity of the Limestone layer and the estimation of its parameters led to 
the decision of performing an additional analysis (LI) where this layer was replaced by the AE formation. 
Since this formation has lower strength and stiffness than the Limestone layer the analysis conducted 
can be considered as a worst case scenario. The vertical displacements obtained at surface for this 
analysis are presented in Figure 6.37 for 3 different stages of the excavation. The results show that the 
area affected by the excavation is almost the same as in the RA analysis, although the magnitude of the 
deformations is slightly higher, up to 15 %, around the shaft than the observed in the reference analysis 
(see Figure 5.18).  
   
Figure 6.37 – LI – Development of the vertical deformation with the excavation depth observed at surface 
(excluding the buildings) 
  
Figure 6.38 – LI – Development of the horizontal deformation (X direction) with the excavation depth observed 
in a horizontal cross section at the street level 
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Figure 6.39 – LI – Development of the horizontal deformation (Z direction) with the excavation depth observed 
in a horizontal cross section at the street level 
In a similar manner, the horizontal displacements in the X direction (Figure 6.38) are up to 10 % higher 
in the LI analysis, mainly in the backyard area. The horizontal movements in the Z direction are similar 
to those obtained in the reference analysis, with just a minor increase of displacements, less than 5 %, 
predicted in the backyard (Figure 6.39). 
6.5.2 SUB-SURFACE DEFORMATIONS 
The distribution of vertical displacements with depth from the LI analysis is shown in Figure 6.40. The 
cross sections through the principal axes of the shaft show that the vertical movements in the area 
around the excavation are higher, nearly 20 % in respect to the maximum displacement, in this analysis 
than those obtained in the reference case (see Figure 5.27). The differences are particularly relevant in 
the minor axis of the shaft (cross section B-B’) and at the depth of the Limestone layer. In the LI analysis 
the movements around the shaft are almost uniform with depth, while in the reference analysis it is 
possible to identify one discontinuity that is caused by the higher stiffness of the Limestone layer. 
However, the area affected by the excavation is similar in both analyses. 
The horizontal movements around the shaft are also affected by the replacement of the Limestone layer 
with the AE formation. The differences are visible along the minor axis direction, and are similar to those 
observed for the vertical displacements. Also in this case a uniform pattern of horizontal movements at 
the depth of the Limestone is now obtained (Figure 6.41) instead of the discontinuity determined in the 
reference analysis. Along the major axis direction no significant differences can be distinguished from 
the contours of both analyses. Based on these results it is possible to conclude that the presence of the 
Limestone layer has only a localised effect on both vertical and horizontal movements. 
STUDY OF THE INFLUENCE OF DIFFERENT FACTORS IN THE CONSTRUCTION OF THE IVENS SHAFT 6 
 
 
 332 
 
 
 
  
Figure 6.40 – LI – Contours of vertical deformations observed at the end of the excavation of the connection 
tunnel in vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section 
B-B’) of the Ivens shaft 
 
 
  
Figure 6.41 – LI – Contours of horizontal deformations observed at the end of the excavation of the connection 
tunnel in vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section 
B-B’) of the Ivens shaft 
6.5.3 MODIFICATIONS OF STRESS CONDITIONS 
The differences originated by the substitution of the Limestone layer can also be observed in the stress 
conditions. The contours of the stress level in Figure 6.42, for the final stage of excavation in the LI 
analysis, show that the only significant differences occurred at the depth of the Limestone layer. In the 
direction of the major axis of the shaft the stress level decreased and no yielding is observed. In contrast, 
along the minor axis of the shaft the stress level increased, although it should be noted that this variation 
is mostly caused by the initial stress conditions which are different in this analysis.  
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Figure 6.42 – LI – Stress level in the soil at the end of the excavation of the connection tunnel observed in vertical 
cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section B-B’) of the Ivens 
shaft 
6.5.4 LINING DISPLACEMENTS 
The evolution of the vertical displacements with excavation depth for the different points located in the 
lining is displayed in Figure 6.43 for both the RA and LI analyses. The results show that the LI analysis 
presents higher vertical deformations in all points at all depths, with the maximum difference being 
around 20 %. However, the differences with the reference analysis decrease for the points at higher 
depth. At 25 m depth the variations are marginal, while at 1 m depth reach about 3 mm (approximately 
20 % in reference to the RA analysis) in all points analysed. The behaviour is similar to that observed in 
the RA analysis since the increases observed in all points are similar. 
 
 a) b) c) 
Figure 6.43 – LI –Vertical displacements of points located on the vertices of shaft at: a) 1 m depth; b) 11 m depth; 
c) 25 m depth 
The horizontal radial movements determined in the same points are plotted in Figure 6.44. The results 
show that the substitution of the Limestone layer only has a local impact since the horizontal 
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movements at 1 m and 25 m depth remain approximately equal to those observed in the reference 
analysis. However, at 11 m depth the movements in points B and D, located in the minor axis of the 
shaft, have significantly higher radial displacements, which is in agreement with Figure 6.41b). In the 
major axis the differences are relatively small.  
 
 a) b) c) 
Figure 6.44 – LI – Radial displacements of points located on the vertices of shaft at: a) 1 m depth; b) 11 m depth; 
c) 25 m depth 
 
 a) b) 
Figure 6.45 – LI – Convergence observed in the principal axis of the shaft: a) major axis; b) minor axis 
These differences in the horizontal displacements are more visible in Figure 6.45, where the 
convergence along the 2 principal axes of the shaft is depicted for different sections. In the major axis 
direction an amplification of the values determined for the RA analysis is observed in all sections, except 
in the last, 25 m depth, where the convergence slightly decreases. At 1 m depth a final convergence is 
also observed while at 11 and 19 m depth divergence occurs. Along the minor axis convergence is 
observed in all sections analysed. As expected from the previous results, the differences between both 
analyses occur mainly at the depth of the Limestone layer. At 11 m depth, in the middle of the layer, the 
convergence increases nearly twice while at 19 m depth the difference is smaller (less than 12 %) and 
almost nonexistent at the other depths. 
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6.5.5 FORCES AND PRESSURES ACTING IN THE IVENS SHAFT LINING 
The Limestone layer also influences the forces in the lining of the Ivens shaft, both qualitatively and 
quantitatively, as can be seen in Figure 6.46. The axial forces in the elliptical section near to the depth 
of the Limestone became more uniform throughout the entire lining when this layer is not modelled. At 
11 m depth the axial forces decrease considerably in almost all segments of the lining, reaching an 
approximately constant value of 600 kN/m. In contrast, the forces increase significantly at 15 m depth 
with a constant magnitude of 750 kN/m reached throughout the lining, which represent an increase of 
about 20 % in comparison with the reference analysis. The other elevations analysed in the elliptical 
section of the shaft provide similar values in both analyses. From the results obtained in the transition 
and circular zone of the shaft it is possible to conclude that the Limestone layer has no impact at those 
depths. The evolution of the axial forces in the rings with excavation depth presents a similar behaviour 
in both LI and RA analyses (Figure 6.47). 
 
 a) b) 
Figure 6.46 – LI – Axial force mobilised in the lining: a) elliptical section; b) transition zone and circular section 
 
 a) b) 
Figure 6.47 – LI – Evolution of the axial force mobilised in the lining: a) 11 m depth; b) 19 m depth 
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 a) b) 
Figure 6.48 – LI – Normal pressure acting on principal alignments of the shaft: a) soil; b) jet-grouting 
The analysis of the normal pressures acting along the lining of the Ivens shaft reveal that without the 
presence of the Limestone layer there is no concentration of pressures at that depth in the minor axis 
direction (Figure 6.48). Instead, the pressures tend to increase almost linearly with depth following the 
behaviour observed in the AE formation. Those were the only significant differences observed in the 
normal pressures along the 4 alignments analysed. 
6.5.6 FORCES ACTING IN THE BAIXA-CHIADO LINING 
The changes in the axial forces predicted for the Baixa-Chiado station are presented in Figure 6.49 for 
both the LI and RA analyses. As the station is located at a higher depth, whether the Limestone layer is 
present or not has no influence on its behaviour and consequently the changes in forces in the lining of 
the Western gallery remain almost the same as those predicted in the reference analysis. 
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 a) b) 
Figure 6.49 – LI – Changes of the forces mobilised in the Western gallery of the Baixa-Chiado station for the final 
stage of the excavation: a) bending moments; b) axial force 
6.5.7 RISK ASSESSMENT OF THE BUILDINGS 
Table 6.5 presents the results of the risk assessment of the buildings from the LI analysis. The 
deformation parameters increased slightly in all alignments due to the increase of the vertical 
displacements observed at surface. However, the corresponding tensile strains continue to be below 
the limiting values established by Boscardin and Cording (1989) and consequently no damage is 
expected to occur in the buildings. 
Table 6.5 – LI – Risk assessment of buildings 
Building 

(m-1) 
Align. 
L 
(m) 
H 
(m) 
Type   
max 
(mm) 
h 
(%) 
E/G = 2.6  E/G = 0.5 
bt (%) dt (%) Damage  bt (%) dt (%) Damage 
4 -0.0031 A1 26.4 15 Hog. 1/8517 1/35383 0.36 0.0020 0.0035 0.0024 0  0.0067 0.0022 0 
(P2-1-7-6) A2 18.4 15 Sag. 1/4152 1/5489 -0.45 0.0034 0.0068 0.0040 0  0.0114 0.0036 0 
5 -0.0267 A2 18.4 12 Sag. 1/4152 1/5489 -0.45 0.0034 0.0070 0.0039 0  0.0106 0.0035 0 
(P3-2-9-8) A3 21.2 12 Hog. 1/3289 1/5859 1.75 0.0133 0.0226 0.0157 0  0.0418 0.0142 0 
 A4 16.1 12 Hog. 1/1536 1/4278 1.30 0.0031 0.0106 0.0086 0  0.0301 0.0065 0 
6 0.0286 A4 16.1 3 Hog. 1/1536 1/4278 1.30 0.0031 0.0148 0.0045 0  0.0194 0.0032 0 
(P4-3-10-9) A5 16.9 3 Hog. 1/2462 1/5869 1.09 0.0004 0.0097 0.0023 0  0.0130 0.0008 0 
7 -0.0042 A5 16.9 18 Hog. 1/2462 1/5869 1.09 0.0004 0.0048 0.0063 0  0.0192 0.0051 0 
(P5-4-12-10) A6 29.6 18 Hog. 1/2166 1/4764 2.14 0.0010 0.0088 0.0065 0  0.0260 0.0042 0 
 A7 16.8 18 Hog. 1/2433 1/7057 0.98 0.0009 0.0049 0.0059 0  0.0179 0.0049 0 
8 -0.0451 A7 16.8 15 Hog. 1/2433 1/7057 0.98 0.0009 0.0056 0.0058 0  0.0194 0.0045 0 
(P14-12-13-11) A8 17.5 15 Hog. 1/1266 1/2445 1.97 0.0023 0.0116 0.0113 0  0.0385 0.0087 0 
9 0.0278 A8 17.5 15 Hog. 1/1266 1/2445 1.97 0.0023 0.0116 0.0113 0  0.0385 0.0087 0 
(P17-14-15-13) A9 15.9 15 Hog. 1/5162 1/69535 0.09 0.0053 0.0057 0.0053 0  0.0071 0.0053 0 
10 0.0031 A9 15.9 15 Hog. 1/5162 1/69535 0.09 0.0053 0.0057 0.0053 0  0.0071 0.0053 0 
(P19-17-18-16) A10 26.4 15 Hog. 1/5868 1/14382 0.70 0.0009 0.0039 0.0026 0  0.0100 0.0017 0 
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6.6 INFLUENCE OF THE STIFFNESS OF THE BUILDINGS 
6.6.1 SURFACE DEFORMATIONS 
The influence of the stiffness of the buildings can be clearly seen when Figure 5.18 is compared with 
Figure 6.50, where the vertical displacements at surface are depicted for the analysis where the stiffness 
of the buildings was not considered. The vertical movements in this analysis are located concentrically 
around the excavation while in the reference analysis they are restrained due to the stiffness of the 
buildings. The magnitude of the movements is also higher, up to 40 %, particularly around the shaft and 
below the foundations of the adjacent buildings, when the stiffness is not considered. These differences 
occur immediately after the beginning of the construction and tend to increase with excavation depth.  
Significant differences, up to 50 % higher in the BS analysis, can also be observed in the horizontal 
movements in both directions (Figure 6.51 and Figure 6.52). The displacements on both sides of the 
shaft converge towards the excavation almost symmetrically in relation to the shaft axes. The obtained 
results clearly show the influence of modelling the buildings, with the greenfield movements being not 
just significantly higher but also distributed in a different pattern. 
   
Figure 6.50 – BS – Development of the vertical deformation with the excavation depth observed at surface 
(excluding the buildings) 
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Figure 6.51 – BS – Development of the horizontal deformation (X direction) with the excavation depth observed 
in a horizontal cross section at the street level 
   
Figure 6.52 – BS – Development of the horizontal deformation (Z direction) with the excavation depth observed 
in a horizontal cross section at the street level 
The settlement profiles obtained in the BS analysis at the foundation level (elevation 0.0 m) in two cross-
sections through the principal axes of the shaft are plotted in Figure 6.53. The comparison with the 
results obtained in the reference analysis highlights the importance of the buildings in restraining the 
magnitude and distribution of the settlements. As mentioned, the deformations near the shaft increase 
without the presence of the buildings reaching 16 mm. The shape of the settlements is also modified 
beneath the buildings with higher differential movements being predicted. 
 
 a) b) 
Figure 6.53 – BS – Settlement profile at the foundation level: a) cross-section A-A’; b) cross-section B-B’ 
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6.6.2 SUB-SURFACE DEFORMATIONS 
From the analysis of Figure 6.54, obtained without considering the stiffness of the buildings, and of 
Figure 5.27, for the reference analysis, it is possible to observe that the stiffness of the buildings also 
affects the vertical displacements at depth. In the area around the shaft the movements are higher, up 
to 40 %, in the BS analysis. As expected, the contours of both analyses became more similar with depth 
and the area affected by the excavation is also approximately the same.  
A similar behaviour is observed in the horizontal movements with the displacements towards the shaft 
being higher at surface in the BS analysis (Figure 6.55). For higher depths it is not possible to identify 
any significant differences in the magnitude of the horizontal movements between the two analyses.  
 
 
  
Figure 6.54 – BS – Contours of vertical deformations observed at the end of the excavation of the connection 
tunnel in vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section 
B-B’) of the Ivens shaft 
 
 
  
Figure 6.55 – BS – Contours of horizontal deformations observed at the end of the excavation of the connection 
tunnel in vertical cross sections through a) the major axis (Cross section A-A’) and b) minor axis (Cross section 
B-B’) of the Ivens shaft 
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6.6.3 LINING DISPLACEMENTS 
The evolution of the vertical displacements with excavation depth for the 4 vertices of the shaft from 
RA and BS analyses is shown in Figure 6.56. From the figure it is possible to verify that the BS analysis 
presents higher displacements at all points analysed. Those differences tend to decrease for the points 
located at higher depth and at 25 m depth both analysis show similar results. However, at 1 m depth 
the differences are significant, reaching 40 % in point C, not just in magnitude but also qualitatively, 
since points C and D, located on the side of the station, present the highest deformations in similarity 
with what occurs at other depths and for both analyses. This difference also highlights the importance 
of the stiffness of the buildings in controlling the magnitude and even the pattern of the vertical 
deformations. 
 
 a) b) c) 
Figure 6.56 – BS –Vertical displacements of points located on the vertices of shaft at: a) 1 m depth; b) 11 m 
depth; c) 25 m depth 
That influence is even more visible in the horizontal deformations, as can be seen in Figure 6.57. At 1 m 
depth only the evolution of point B is similar in both analyses. The other points, and particularly point 
C, have a different behaviour compared to the RA analysis. The deformations in all points appear to be 
directed towards the station, while that movement, especially of points C and D, is restrained by the 
buildings in the reference analysis. The discrepancies between both analyses only occur at surface since 
at the remaining levels the radial horizontal displacements obtained were approximately the same. 
These results are clearly visible in Figure 6.58, where the convergences for both principal axes of the 
shaft are plotted. The figure shows that the results of both analyses for deeper levels are almost the 
same. However, at 1 m depth the results obtained vary with the BS analysis, presenting a zero 
convergence along the major axis and an increase of approximately 20 % in the convergence in the other 
direction. The obtained results show that the stiffness of the buildings has a considerable impact on the 
deformations that occur at surface, but has almost no influence at higher depths. 
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 a) b) c) 
Figure 6.57 – BS – Radial displacements of points located on the vertices of shaft at: a) 1 m depth; b) 11 m depth; 
c) 25 m depth 
 
 a) b) 
Figure 6.58 – BS – Convergence observed in the principal axis of the shaft: a) major axis; b) minor axis 
6.6.4 FORCES ACTING IN THE IVENS SHAFT LINING 
In agreement with the results showed previously only the forces mobilised in the shallower part of the 
Ivens shaft lining are slightly affected by the stiffness of the buildings. In Figure 6.59 it is possible to 
verify that in the elliptical part of the shaft the forces tend to increase when the greenfield conditions 
at surface are considered, however, the differences are small. In the transition zone and in circular 
section of the shaft there are no differences between the two analyses. 
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 a) b) 
Figure 6.59 – BS – Axial force mobilised in the lining: a) elliptical section; b) transition zone and circular section 
6.6.5 FORCES ACTING IN THE BAIXA-CHIADO LINING 
Given the depth of the Baixa-Chiado station, the influence of the stiffness of the buildings on the forces 
mobilised in the lining of the station is practically negligible (Figure 6.60). For all sections analysed the 
results of the reference and of the greenfield analyses were identical. 
 
 a) b) 
Figure 6.60 – BS – Changes of the forces mobilised in the Western gallery of the Baixa-Chiado station for the 
final stage of the excavation: a) bending moments; b) axial force 
6.6.6 RISK ASSESSMENT OF THE BUILDINGS 
As shown previously, the influence of the stiffness of the buildings has a significant impact on the 
displacements at ground surface. The greenfield condition at surface also changed the spatial 
distribution of these deformations, with concentric contours being observed around the excavation (see 
Figure 6.50 and Figure 6.53). These differences modified significantly the settlement curves and 
horizontal strains in the alignments considered to assess the damage of the buildings (see Appendix G). 
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In most of the alignments directed to the shaft a sudden increase of vertical movements was observed 
close to the shaft, originating much higher deflections and distortions than those obtained in the 
reference analysis. The values determined for all alignments investigated are presented in Table 6.6. 
The table also shows that the horizontal strains at the foundations level also increase significantly when 
the stiffness of the buildings is not considered. 
The relationship between the horizontal strains obtained when the building is modelled and when 
greenfield conditions are adopted in the model was investigated by Potts and Addenbrooke (1997) and 
Franzius (2003) for 2D and 3D models, respectively. In these models a tunnel was excavated below a 
building located at surface. Based on the results of multiple analyses where the position of the building 
and the depth of the tunnel were modified, the authors proposed some design charts which relate the 
horizontal strain and deflection ratio modification factors (ratio between the value considering the 
structure and the greenfield result) with the relative axial and bending stiffness of the building and soil, 
respectively. From those charts it was possible to directly determine the values of the horizontal strain 
and deflection ratio for the building based on a corresponding greenfield analysis. In the present case 
study those modification factors were considerably smaller in most alignments. However, it should be 
mentioned that a direct comparison with the values proposed by Potts and Addenbrooke (1997) and 
Franzius (2003) cannot be performed in this case since the assumptions adopted in their framework, 
tunnel excavation and a single building at surface, are different from the conditions in the Ivens shaft 
case. 
Based on the deformation and strain values determined for each alignment it was possible to calculate 
both bending and shearing tensile strains acting on the buildings for the case where no stiffness was 
considered at ground surface. In all the alignments analysed the bending strain was the most critical. 
When compared with the limiting tensile strains proposed by Boscardin and Cording (1989) it is possible 
to observe that in this scenario some buildings may suffer damage. The critical alignments in most of 
the cases correspond to facades shared by 2 buildings (A4, A5, A7, A8). As expected the buildings at risk 
are located around the excavation. For an E/G = 2.6, buildings 7, 8 and 9 may sustain some very slight 
damage (category 1) while in buildings 5 and 6 the estimated severity may be slight (category 2). When 
an E/G = 0.5 ratio is adopted, the damage predicted increases in all buildings with a moderate damage 
(category 3) determined for buildings 5, 8 and 9 and a slight severity (category 2) estimated for buildings 
6 and 7. In both scenarios buildings 4 and 10 remain unaffected. It should be noted that these 
classifications are based assuming that the buildings do not have any stiffness, which obviously does not 
correspond to reality. 
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Table 6.6 – BS – Risk assessment of buildings 
Building 

(m-1) 
Align. 
L 
(m) 
H 
(m) 
Type   
max 
(mm) 
h 
(%) 
E/G = 2.6  E/G = 0.5 
bt (%) dt (%) Damage  bt (%) dt (%) Damage 
4 -0.0069 A1 26.4 15 Hog. 1/6171 1/5944 1.38 0.0106 0.0165 0.0119 0  0.0287 0.0111 0 
(P2-1-7-6) A2 18.4 15 Sag. 1/1145 1/1276 -0.29 0.0242 0.0263 0.0242 0  0.0292 0.0242 0 
5 -0.0461 A2 18.4 12 Sag. 1/1145 1/1276 -0.29 0.0242 0.0265 0.0242 0  0.0288 0.0242 0 
(P3-2-9-8) A3 21.2 12 Hog. 1/3771 1/2285 4.16 0.0363 0.0585 0.0414 1  0.1042 0.0381 2 
 A4 16.1 12 Hog. 1/4438 1/1414 5.11 0.0611 0.0905 0.0702 2  0.1675 0.0657 3 
6 -0.0003 A4 16.1 3 Hog. 1/4438 1/1414 5.11 0.0611 0.1070 0.0626 2  0.1252 0.0612 2 
(P4-3-10-9) A5 16.9 3 Hog. 1/3048 1/1478 4.74 0.0422 0.0822 0.0437 2  0.0967 0.0423 2 
7 -0.0027 A5 16.9 18 Hog. 1/3048 1/1478 4.74 0.0422 0.0614 0.0529 1  0.1236 0.0497 2 
(P5-4-12-10) A6 29.6 18 Hog. 1/1747 1/905 6.78 0.0312 0.0559 0.0391 1  0.1104 0.0345 2 
 A7 16.8 18 Hog. 1/904 1/428 6.75 0.0176 0.0450 0.0460 0  0.1341 0.0395 2 
8 -0.0773 A7 16.8 15 Hog. 1/904 1/428 6.75 0.0176 0.0497 0.0452 0  0.1448 0.0369 2 
(P14-12-13-11) A8 17.5 15 Hog. 1/1039 1/357 8.42 0.0298 0.0695 0.0589 1  0.1845 0.0489 3 
9 0.0713 A8 17.5 15 Hog. 1/1039 1/357 8.42 0.0298 0.0695 0.0589 1  0.1845 0.0489 3 
(P17-14-15-13) A9 15.9 15 Hog. 1/2268 1/12675 0.22 0.0066 0.0077 0.0068 0  0.0108 0.0067 0 
10 0.0033 A9 15.9 15 Hog. 1/2268 1/12675 0.22 0.0066 0.0077 0.0068 0  0.0108 0.0067 0 
(P19-17-18-16) A10 26.4 15 Hog. 1/24092 1/17514 0.73 0.0127 0.0158 0.0130 0  0.0222 0.0128 0 
6.7 SUMMARY AND CONCLUSIONS 
This chapter presented and discussed the results of 5 different parametric studies performed in order 
to evaluate the influence of several factors on the stability of the Ivens shaft and particularly on the 
control of the movements caused by its excavation. In each analysis only a specific aspect was modified 
relative to the reference analysis presented in Chapter 5. This methodology ensured that the particular 
aspect in study in each analysis could be isolated and properly assessed. 
The first study consisted in evaluating the influence of the initial conditions. For this purpose an analysis 
was performed where the presence of the Baixa-Chiado station was not modelled. This study concluded 
that its presence affects particularly the deformations, both vertical and horizontal, at higher depths. 
The predominant movement of the shaft towards the station is also caused by the presence of the 
station. However, the overall increase of movements originated by the presence of the station can be 
considered small, less than 15 %. The impact on the forces mobilised in the lining is also minimal. In 
summary, it can be said that the presence of the Baixa-Chiado station has a marginal impact on the 
overall behaviour of the excavation of the Ivens shaft. 
Subsequently, a study was presented where the construction sequence designed for the shaft was 
replaced by a simpler approach where the excavation was performed in full steps of 1 m depth without 
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partialisation. From the analysis it was possible to observe that the construction sequence has an 
influence on the vertical movements, reducing them in about 20 % in depth, but no influence on the 
horizontal deformations. Similar differences were observed in the forces acting in the lining of the shaft, 
although no particular trend could be defined. The forces in the Baixa-Chiado station and the 
movements in the foundations of the buildings remained practically unchanged. Despite the differences 
observed the analysis performed with the simplified construction sequence proved to be an efficient 
and reliable alternative to a more elaborate and time consuming reference analysis performed for this 
case. 
The third study focused on the importance of the jet-grouting columns on the overall behaviour of the 
excavation. An additional analysis was performed where those elements were not simulated and 
consequently the enlargement of the shaft cross-section was performed without the support provided 
by the jet-grouting columns. The results obtained with this analysis highlighted the vital importance of 
this support element. Without it the deformations, both vertical and horizontal, increased significantly, 
up to 30 %, throughout the entire depth of the shaft and in particular in the transition zone. It was also 
possible to observe that without the columns the behaviour of the shaft was modified at the depth 
where the excavation was performed in a high permeable material (AE formation) below the water 
table. High movements and some yielding were observed in that critical zone suggesting that without 
the water tightness imposed by the columns in the perimeter of the shaft some instability would occur 
when performing the excavation. The forces in the lining of the shaft were also influenced by the 
absence of the jet-grouting columns, although no significant differences were found, apart from the 
zone immediately above the enlargement of the section were tension was predicted. The Baixa-Chiado 
station was not affected either, since only a slight increase of forces was determined in the sections 
closer to the shaft. Despite the increase of movements in the foundations of the buildings the tensile 
strains determined were still small and no damage was predicted. Overall, it can be concluded that the 
jet-grouting columns play a key role in the control of the movements and stability of the excavation.  
The continuity and characteristics of the Limestone layer were addressed in the fourth study. A worst 
case scenario was simulated by replacing this layer by the AE formation in the ground profile. The 
presence of the layer restrained slightly (less than 15 %) the vertical movements above its depth while 
it had no effect on the deformations that occurred below. The same was observed for the forces of the 
lining of the shaft which remained almost unchanged. In summary, the results showed that the 
importance of the Limestone layer is mainly local and that its presence does not influence significantly 
the overall behaviour of the excavation. 
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Finally in this chapter, the importance of the stiffness of the buildings was assessed by conducting one 
analysis where greenfield conditions, i.e. no restriction of movements at surface, was considered. The 
results of this analysis proved that the presence of buildings at surface has a significant impact on the 
deformation field modifying the magnitude of the displacements and also its pattern and distribution. 
The differences affected mainly the deformations at surface since all the other results were identical to 
those in the reference analysis. However, the changes in the movements at surface, up to 40 %, were 
sufficient to predict some slight to moderate damage in the buildings located near the excavation, 
although it should be noted that the analysis performed corresponds to an unrealistic scenario. Those 
results highlighted the importance of modelling appropriately the buildings since an error in their 
stiffness properties can influence significantly the outcome of the analysis. 
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CHAPTER 7 
CONCLUSIONS AND RECOMMENDATIONS 
7.1 INTRODUCTION 
The main objective of this thesis was to investigate the behaviour of shafts excavated in urban areas 
and assess the soil-structure interaction between the shaft and any adjacent structures and services. 
For this purpose the case study of the Ivens shaft in Lisbon, Portugal, was selected and its construction 
analysed in detail. The proposed shaft will be located in the centre of the city, surrounded by old 
buildings, and has in its vicinity the Baixa-Chiado metro station making it an ideal candidate for the 
study. Furthermore, its complex cross-sectional shape, which varied from elliptical to circular along its 
36.5 m depth, represented an additional challenge to the investigation.  
The methodology followed in this research resembles, to some extent, the concept of the “soil 
mechanics triangle” presented by Burland (1987), which is schematically illustrated in Figure 7.1. In 
order to conduct a useful analysis it was necessary to establish the “ground profile”, so that the 
formations which would affect the shaft construction could be properly identified (Chapter 2). The “soil 
behaviour” was then characterised through in-situ and laboratory tests that were specifically performed 
in order to complement and clarify the results of the previous surveys conducted on the same 
formations by other authors (Moitinho de Almeida, 1991; Marques, 1998; Cenorgeo, 2008). The 
interpretation of the results obtained is presented in Chapter 3 and led to a better understanding of the 
soil behaviour and to the definition of a suitable modelling framework for each formation. 
Subsequently, in Chapter 4, the data obtained was used to calibrate “appropriate constitutive models” 
for each of the formations identified. Optimisation methods, such as Genetic Algorithms, were 
employed in the fitting process so that the subjectivity involved, the global error and the time spent in 
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the calibration process, could be minimised. After the validation of the parameters, an “appropriate 
numerical model” was defined and the 3D numerical simulations of the construction of the Ivens shaft 
were performed with the Imperial College Finite Element Program, ICFEP (Potts & Zdravković, 1999). A 
total of 6 analyses were conducted each with the purpose of evaluating the influence of different 
aspects related to the construction of the shaft. The results presented in chapters 5 and 6, allowed the 
identification of the most influential factors and the assessment of the importance of the adjacent 
structures and services in the control of ground movements. As described, the research conducted 
covered the concepts of geotechnical engineering defined at the apexes of the triangle. The constant 
and bidirectional interconnection between these 3 aspects was observed at different stages of the 
investigation and improved the definition of a representative model for the entire problem. However, 
several hypotheses had to be adopted due to the inevitable limitations existent in geotechnical 
characterisation. These assumptions were based on “empiricism” and on “well-winnowed experience” 
and were directly interlinked with the 3 general concepts of the triangle, representing the core as 
suggested by Burland (1987) (Figure 7.1). However, it is expected and in some cases demonstrated, that 
the impact of these assumptions did not compromised the main objectives of the research. 
A summary of the principal conclusions of the research are presented and discussed in the following 
sections of this chapter. Subsequently, recommendations of some topics for further investigation are 
provided. 
 
Figure 7.1 – The soil mechanics triangle (adapted from Burland (2006)) 
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7.2 CHARACTERISATION OF THE MIOCENE FORMATIONS 
The evolution of the Lower Tagus basin in association with other extreme geological events led to the 
formation of a very complex lithostratigraphy in the city of Lisbon (Moitinho de Almeida, 1991). Several 
geological studies have identified multiple units, although the most relevant is the Miocene series, 
which comprises 13 formations (Cotter, 1956), since the majority of the city of Lisbon is founded upon 
these soils. The interpretation of a borehole located at the Ivens shaft site revealed that the ground 
profile is mainly composed of 2 Miocene formations, the “Areolas da Estefânia” (AE) formation, with a 
thickness of about 35 m, which overlies the “Argilas e Calcários dos Prazeres” (AP) formation. The 
analysis of the borehole log confirmed the heterogeneity of these formations, particularly of the former 
where several depositional environments were identified. In addition to these formations it was also 
possible to identify a layer of approximately 5 m of fill at the ground surface and a layer of Limestone, 
with approximately thickness of 5 m, which was intercalated in the AE formation at a depth of 13 m. 
The surveys performed in the past showed that the principal physical difference between these 2 
formations lies in the particle size distribution, with the AP formation being composed of silt and clay 
while the AE formation of mostly sand. The nature of the AE formation significantly limited its 
characterisation as the sampling process was difficult and consequently most of the investigation 
involved field tests in the past. The results obtained from the pressuremeter tests conducted in the AE 
formation reflected the heterogeneous nature of this material with the scatter observed in the results 
preventing the definition of any clear trend in terms of strength and deformability (Guedes de Melo, 
2008). Similar results, both quantitatively and qualitatively, were obtained in the AP formation for 
pressuremeter tests performed under similar conditions (Sousa Coutinho & Ludovico Marques, 2006), 
confirming that both formations have similar characteristics, in spite of their different composition. The 
triaxial tests conducted on both formations also revealed a similar over-consolidated behaviour and 
presented similar strength characteristics (Marques, 1998; Cenorgeo, 2008). However, the laboratory 
tests performed focused essentially on the characterisation of the strength of the formations and the 
stiffness of the formations, particularly at low strains, was not investigated in detail. 
To overcome these limitations in the characterisation of both Miocene formations a complementary 
survey was performed at the Ivens shaft site. The field work had the following 3 principal objectives: 
 To identify the geological ground profile (confirming the presence of the 4 layers, their thickness 
and the position of the water table); 
 To retrieve intact and disturbed samples of all formations in order to conduct laboratory tests; 
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 To perform seismic tests on the boreholes drilled so that the in-situ stiffness could be estimated. 
Despite several unexpected difficulties that affected the work it was still possible to satisfy the 
objectives initially proposed. However, the in-situ stiffness properties of the AP formation could not be 
evaluated since a blockage in one of the boreholes prevented the performance of the seismic tests for 
depths below 28 m. The disturbed samples retrieved were used to perform classification and 
mineralogical tests, while the intact samples were employed in more advanced laboratory triaxial and 
bender element tests. All tests were performed at the facilities of the LG-DEC-UC.  
The borehole logs confirmed the stratigraphy of the ground profile and established the position of the 
water table at 23 m depth. The disturbed samples retrieved from the boreholes also enabled the 
classification of all the materials and the determination of the physical and mineralogical properties of 
the Miocene formations. The principal conclusions were in close agreement with the studies performed 
previously (Moitinho de Almeida, 1991; Guedes, 1997; Marques, 1998; Lopes, 2001; Cenorgeo, 2008) 
and can be summarised as follows: 
 All the PSD curves of the AP formation revealed similar results with a silt being the predominant 
particle followed by clay. In contrast, the PSD curves of the AE formation showed some 
heterogeneity with 2 distinct zones being defined, above the Limestone layer the formation was 
mainly composed of silt whereas below this layer nearly 80 % of the particles were sand; 
 A small void ratio, generally below 0.65, was observed throughout the entire depth of the 
borehole regardless of the formation. The moisture content was also low with most of the 
samples exhibiting values below the plasticity limit; 
 The mineralogical results also provided similar results for both formations with the predominant 
mineral being quartz, followed by mica-illite and feldspar. The clay fraction in the AP formation 
was mainly composed of smectite and mica-illite. The Limestone was predominantly formed by 
quartz and carbonate minerals; 
 Analysis of thin sections with the polarised light microscope showed that both Miocene 
formations had fabric in the vertical direction, probably originated from the deposition of the 
sediments, while in the horizontal direction no particular structure was identified. Fossils with 
considerable dimensions were observed in the Limestone layer, although no specific structure 
was identified. 
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The compressibility of the Miocene formations was assessed by isotropic compression and oedometer 
tests, with the latter performed just in the AP formation. Tests on the intact samples provided valuable 
information regarding the soil behaviour in compression. In particular: 
 The 3 oedometer tests revealed a homogenous behaviour, which could be considered in close 
agreement with the results presented in the literature (Marques, 1998); 
 The estimated OCR for the samples appeared to increase with depth from 3.4 at 36.5 m depth 
to 5.6 at 40.0 m depth, although the limited number of tests performed makes difficult a 
generalisation; 
 The 2 samples retrieved at higher depths, 37.5 m and 40.0 m depth, indicate the presence of 
structure in the AP formation, since the compression curves were located above the intrinsic 
compression line (ICL) and only for higher stresses tended to approximate the ICL. In contrast, 
the sample located at 36.5 m followed the ICL, behaving more like a reconstituted material, 
without any visible influence of structure on its in-situ properties. These results confirmed the 
geological framework proposed with the top layer of the AP formation being softer probably 
due to the modification of the depositional environment. 
 A small permeability was observed in the AP formation as well as a very low secondary 
compression; 
 The isotropic compression tests on both formations showed similar results both during the 
loading and unloading paths; 
 The bulk stiffness degradation curves derived from the isotropic compression tests showed the 
typical decay with the increase of the volumetric strains. However, and in spite of employing 
internal instrumentation, it was not possible to identify a plateau for the smallest volumetric 
strains recorded; 
 A different behaviour was observed during loading and unloading, with a significantly faster 
decrease of the bulk stiffness modulus in the latter. However, both paths exhibited a similar 
decay when normalised by the mean effect stress. 
A total of 21 triaxial tests were carried out on samples from the Miocene formations, 14 in the AE layer 
and the remaining 7 in the AP formation. The intact samples were sheared following diverse stress paths 
in order to characterise as accurately as possible the behaviour of both formations under different stress 
trajectories. The following conclusions can be drawn regarding the large strain behaviour observed: 
 The AE formation samples tended to dilate and presented a peak-behaviour both in extension 
and compression, reaching, however, a distinct final stress ratio; 
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 Significant differences were also observed in the undrained tests conducted in the AE formation 
with the generated excess pore water pressures differing considerably; 
 However, the yielding points of all tests performed in the AE formation were almost perfectly 
aligned and defined a clear failure envelope both in compression and extension; 
 In the AP formation it was only possible to conduct compression tests due to its consistency and 
strength. The samples tested exhibited a heterogeneous behaviour, with some tests showing 
strain-hardening while others a brittle behaviour; 
 The samples from the AP formation also tended to dilate and generate negative excess pore 
water pressures at large strains, confirming the over-consolidated nature of this formation; 
 The yielding points confirmed the heterogeneous behaviour of the AP formation since it was 
not possible to establish an unique failure envelope for the entire formation; 
 The heterogeneity observed in the AP formation led to its subdivision into 2 layers: the top layer 
(APT) directly beneath the AE formation which was more heterogeneous and weaker probably 
due to its geological formation; and the bottom layer (APB), below the APT, which had a higher 
consistency and presented a more homogeneous behaviour; 
 Overall the large strain behaviour observed can be considered in agreement with the results 
published in the literature for both formations (Marques, 1998; Cenorgeo, 2008). 
As mentioned, one of the principal objectives of the characterisation was to investigate the small strain 
stiffness behaviour of the Miocene formations. For this purpose specific triaxial tests were performed. 
In these the shearing stage was performed drained and the mean effective was maintaining constant 
throughout the entire test so that the stiffness degradation curves could be derived without its 
influence. Tests were conducted both in compression and extension for different mean effective 
stresses in order to characterise the influence of these parameters on the behaviour of the formations. 
The principal results obtained from the tests can be summarised as follows: 
 In both formations a continuously decay of the shear stiffness up to a strain of approximately 
1 % was observed. After this the shear stiffness remained almost constant and with value 90% 
smaller than that recorded for the lowest strains; 
 The triaxial tests performed in the AE formation exhibited a similar shear stiffness degradation 
curve in compression and extension; 
 The results for the AE formation also showed that an increase in mean effective stress resulted 
in an increase of stiffness, particularly for smaller strains; 
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 When normalised by the mean effective stress the majority of the tests performed on samples 
from the AE formations showed stiffnesses laying in a narrow band while the tests conducted 
in the AP formation showed some scatter; 
 Despite the use of internal instrumentation it was not possible to identify the initial plateau of 
stiffness in both formations; 
 The comparison of the stiffness curves with the results derived from the SBPT showed some 
significant differences, particularly in the AP formation, suggesting that the intact samples 
tested might have suffered some considerable disturbance. 
The very small strain stiffness characterisation of the Miocene formations was completed using bender 
element tests. Those were fundamental in order to evaluate the initial stiffness of the formations and 
to establish a direct relationship with the values obtained from the field tests. From an analysis of the 
results the following points can be highlighted: 
 In all tests the quality of the signals improved considerably when frequencies higher than 2 kHz 
were employed. The results also showed that higher mean effective stresses required an 
increase of the input frequency in order to minimise the background and electrical noise; 
 The 2 methods usually employed to determine the arrival time of the shear wave, first arrival 
and phase delay, gave values considerably different for the majority of the signals processed. 
Generally, a higher arrival time, up to 20 %, was given by the phase delay method; 
 These differences led to the definition of a methodology that analysed both results and then 
estimated the most reasonable value considering the overall results obtained within the same 
test but with different mean effective stresses. If a conflict persisted priority was given to the 
average value derived by the first arrival method since this is a more intuitive method that 
allows the direct visualisation of the results; 
 As expected, the shear velocity and consequently the shear modulus tended to increase 
nonlinearly with the mean effective stress in both Miocene formations; 
 The shear moduli obtained were considerably smaller, more than 50 %, than the determined by 
the seismic tests in the field, confirming that despite all the cares taken in the sampling and 
handling of the intact samples some significant disturbance occurred. 
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7.3 CALIBRATION OF THE APPROPRIATE CONSTITUTIVE MODELS 
The selection of the most appropriate constitutive model to reproduce the behaviour of a soil is always 
difficult and usually represents a balance between its accuracy in describing different aspects of 
behaviour and its complexity which can be simply translated into the number of input parameters 
required. In order to describe the yielding of the AE formation the Nonlinear Mohr-Coulomb failure 
criterion was employed, since this model accounts for the change in strength with mean effective stress. 
In the AP formation a simple linear Mohr-Coulomb failure criterion was used since the data available 
was not sufficient to select a more advanced constitutive model. The small strain stiffness behaviour of 
both Miocene formations was modelled using the new Imperial College Generalised Small Strain 
Stiffness (ICGSSS) model. The advanced features of this model allow the possibility of considering 
different factors that affect the stiffness of soils as well as reproducing a more realistic behaviour of the 
soil during unloading and reloading. 
The calibration of constitutive models can be complex particularly due to the high number of 
parameters required to define them. As a result, optimisation methods are often employed in the fitting 
process, especially when the parameters lack physical meaning and, consequently, cannot be directly 
estimated based on laboratorial or field data. In this case the optimisation methods have the advantage 
of reducing the subjectivity and performing an automatic minimisation of the error in the solution in a 
reasonable amount of time. These are the principal attractions of these methods and constitute the 
main driver for their development in the last decades in geotechnical engineering. However, their 
advantages are often also their disadvantages since the use of such techniques as “black-boxes” often 
leads to misleading results which are only valid for that particular aspect and do not take into account 
the global behaviour of the soil (Taborda et al., 2008). From the diverse optimisation techniques 
available Genetic Algorithms (GAs) were selected in this study due to their simplicity, robustness and 
efficiency. However, in order to control the calibration process and to minimise the loss of any particular 
aspect of soil behaviour when employing the Genetic Algorithms a calibration strategy was defined. This 
approach consisted in estimating each parameter following a hierarchical order so that each parameter 
was estimated sequentially in accordance with its physical relevance and with its independency from 
other values:  
 First the parameters with physical relevance were determined directly from the results of the 
laboratory tests; 
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 The Genetic Algorithm software NT.CFit v3.5 (Taborda, 2012) was employed in the second stage 
of the process in order to estimate parameters which lack physical meaning and which cannot, 
therefore, be estimated directly from the behaviour observed in the laboratory; 
 The third step consisted in a trial and error procedure used to evaluate parameters that affected 
simultaneously several aspects of the soil behaviour and that were not possible to estimate in 
an isolated manner; 
During the calibration process several assumptions had to be adopted in order to derive some of the 
parameters required. Particularly, for the fill and for the Limestone layer the majority of the parameters 
were determined based on empirical expressions and on other results published in the literature for 
formations with similar characteristics. In the Miocene formations a good fit of the constitutive models 
with the laboratory data was achieved, in spite of the simplifications assumed and of the limitations 
inherent to each constitutive model employed.  
In order to assess the calibration performed for each formation three validation studies were 
conducted. In the first two the parameters estimated were validated against the results of laboratory 
and field tests. A final validation exercise consisted in the comparison of the monitoring data of the 
excavation of the Baixa-Chiado station with the results obtained in a back-analysis study. All the 
numerical simulations were performed using the Imperial College Finite Element Program, ICFEP (Potts 
& Zdravković, 1999). The following conclusions can be drawn from the results of the validation studies: 
 Good agreement was achieved in the numerical simulation of the triaxial tests, particularly on 
the ones performed in the AE formation; 
 In contrast, the numerical modelling of the SBPT revealed poor agreement with the field data 
overestimating the deformations measured for both Miocene formations; 
 The settlement trough determined in the back-analysis study of the excavation of the Baixa-
Chiado station confirmed the poor results obtained for the SBPT showing much larger 
displacements and a wider trough. 
The results suggested that the calibrated stiffness was underestimated, probably due to the high sample 
disturbance that affected the results of the laboratory tests. Consequently, a re-evaluation of the 
stiffness of the Miocene formations which included the results of the seismic field tests was conducted. 
In order to combine both field and laboratory results a methodology, based on the approach presented 
by Tatsuoka and Shibuya (1991), was proposed. This methodology consisted of the following steps: 
 Estimation the initial shear modulus based on the seismic field tests; 
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 Determination of the disturbance factor for small strains, which was defined by the ratio of the 
initial shear modulus measured in the field to that measured in the bender element tests; 
 Establishment of a disturbance curve, which for strains smaller than 0.0001 % assumed a value 
equal to the disturbance factor determined previously. The curve then decayed linearly with 
the increase of the logarithmic of the strain until a value of 1 (no disturbance) was reached for 
a strain of 0.1 %, which was found to be the most appropriate level in this case. For higher levels 
the disturbance factor was kept equal to 1; 
 The same disturbance curve was adopted for the bulk stiffness since there was no data available 
from the field tests; 
 Finally, both the shear and bulk stiffness degradation curves determined in the triaxial tests 
were corrected by multiplying them by the disturbance curve defined in the previous step. 
This methodology was applied to the Miocene formations with successful results since the agreement 
obtained between the predicted and measured settlement trough of the Baixa-Chiado station improved 
considerably. A reasonable fit between predicted and measured was also observed in the SBPT. As 
expected, the numerical simulation of the triaxial tests overestimated the stiffness at small strains. 
7.4 NUMERICAL MODELLING OF THE CONSTRUCTION OF IVENS SHAFT 
The next stage in the research consisted of the numerical simulation of the construction of Ivens shaft. 
A 3D model which included the accurate modelling of the complex geometry and construction sequence 
of the Ivens shaft and of the tunnel connecting it to the Baixa-Chiado station was generated. The 
buildings at the ground surface and the Western gallery of the Baixa-Chiado station were also included 
in the model, although in this case some simplifications had to be adopted. However, the effects of 
those appeared to be small and did not significantly affect the results. 
The definition of the appropriate initial stress conditions in the model was of paramount importance. A 
methodology was developed in order to include the three-dimensional effects of the excavation of the 
Baixa-Chiado station and of the presence of the buildings and fill in the backyard. Despite the 
simplifications adopted in this process it was possible to validate successfully the stress field generated 
against the results of the 2D back-analysis study of the construction of the Baixa-Chiado station.  
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The reference analysis performed provided valuable information regarding the behaviour of the 
construction of Ivens shaft and how it was affected by the presence of the buildings and of the Baixa-
Chiado station. From the results of that analysis the following conclusions can be drawn: 
 The movements obtained at the ground surface were generally small and localised around the 
shaft excavation, particularly on the side of the backyard. The vertical displacements did not 
surpass 25 mm and the horizontal movements were even smaller and mostly situated around 
the retaining wall. It was also clear from the results that the magnitude and distribution of these 
movements was affected by the presence of the buildings; 
 The enlargement of the shaft was confirmed to be the most critical stage of the excavation 
process generating the largest movements. The distribution with depth of the vertical 
displacements was not influenced by the presence of the Baixa-Chiado station. In contrast, the 
horizontal deformations towards the shaft were clearly restricted on the side were the station 
was located; 
 The stress conditions around the shaft were also modified, with yielding in the soil observed 
around the shaft and particularly in the area near to the station and connection tunnel. The area 
influenced by the excavation was approximately circular with a radius of about 25 m, measured 
from the centre of the shaft, and tended to decrease slightly with depth; 
 The movements determined in the lining showed that the shaft tended to bend slightly towards 
the station. Convergence was observed in the direction of the minor axis of the shaft throughout 
its entire depth. Along the major axis the convergence was much smaller and some divergence 
was observed at the depth of the Limestone layer and immediately above the position 
corresponding to the enlargement of the shaft cross-section; 
 The construction sequence adopted for the shaft resulted in small bending moments in the 
lining throughout the entire depth of the shaft and particularly in the elliptical section. In 
contrast, the axial force reached considerably magnitudes although it was not possible to 
establish a trend with depth. In the elliptical section its value was almost constant, independent 
of depth level. For the deepest sections the axial force around the major axis became 
significantly higher than that predicted in the opposite direction; 
 The analysis of the forces in the lining rings showed that approximately 90 % of their final value 
was reached after only a further 3 m of excavation occurred since their installation; 
 The opening in the lining for the construction of the connection tunnel had an impact in terms 
of displacements and forces. An increase and concentration of vertical displacements was 
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observed at the top of the opening. The forces in the lining also increased considerably in the 
sections immediately below and above the opening. 
 The analysis of the normal pressures acting on the lining in the elliptical section are strongly 
related with the shape of the section. Along the alignments in the major axis the values of the 
normal pressure predicted were similar to those imposed in the initial conditions, showing that 
no decompression of stresses occurred, despite the excavation of the shaft. In contrast, along 
the alignments in the minor axis a smaller pressure was predicted, revealing that along this axis 
an active condition was probably reached. 
The influence of the excavation of the Ivens shaft on the adjacent buildings and on the Baixa-Chiado 
station was also investigated in detail since it was one of the principal objectives of the research. The 
principal conclusions derived from the reference analysis can be summarised as follows: 
 The effects on the station only began when the excavation of the shaft reached 25 m depth. 
From this depth onwards the deformations in the station rose continuously in both vertical and 
horizontal (towards the shaft) directions. However, the final values achieved were small and the 
area affected by the excavation was essentially located around the connection tunnel; 
 From the analysis it appears that only the Western gallery of the station was influenced by the 
excavation; 
 A significant increase of the forces, both bending moment and axial force, was observed in the 
lining of the station, particularly on the side where the Ivens shaft is situated. These variations 
were higher near to the shaft and tended to decrease with distance away from the shaft, with 
the sections located at 35 m from the centre of the shaft registering only minor increases; 
 The construction of the Ivens shaft produced small deformations at the foundation level of the 
adjacent buildings. These essentially presented a rigid body movement towards the excavation 
which could be classified as insignificant; 
 Based on the movements and strains determined in the buildings a risk assessment was 
performed for those buildings located adjacent to the excavation. The methodology followed 
(Burland, 1995; Mair et al., 1996) predicted negligible damage to all the buildings analysed. 
The long-term behaviour of the shaft was also investigated. The results of this analysis showed that the 
dissipation of the excess pore water pressures generated by shaft construction had a minor impact on 
the shaft. The rise of the water table to its original level occurred in approximately 3 years and no 
changes were observed after this period of time. Generally, the vertical displacements tended to 
decrease slightly with time, mainly due to the heave caused by the rise of the water pore pressures 
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under the bottom of the shaft. However, those modifications were minimal and had no consequences 
to the damage predicted for the buildings. Marginal variations were also observed in the forces acting 
in the lining of the shaft. In contrast, the forces in the lining of the station decreased considerably at 
some sections, approaching the values existing before the construction of the Ivens shaft began.  
Finally, in this research a parametric study was performed in order to evaluate the influence of 5 
different aspects on the stability of the Ivens shaft and in the control of the movements caused by its 
construction. From the results of those 5 additional analyses it was possible to conclude the following: 
 The presence of the Baixa-Chiado station had a marginal impact on the overall behaviour of the 
Ivens shaft. Its presence only increased slightly the deformations both vertical and horizontal, 
especially for higher depths. The bending observed towards the station in the reference analysis 
was caused by its presence since it was not observed in the analysis where the station was not 
modelled. The impact on the forces acting on the shaft lining was also minimal; 
 The partialised construction sequence adopted provided an effective control on the vertical 
movements, reducing them, but appears to be almost ineffective regarding the horizontal 
deformations when compared with a construction sequence where the excavation was 
performed in full steps of 1 m depth. This simplified construction sequence proved to be an 
efficient and reliable alternative to a more elaborate and time consuming analysis for this 
particular case, since the differences in the movements and on the forces in the linings of the 
shaft and station obtained can be considered moderate to small and in most sections 
nonexistent; 
 The jet-grouting columns installed in the transition zone play a key role in the control of the 
movements and in the stability of the excavation of the shaft. Without this element of support 
the deformations, both vertical and horizontal, increased significantly throughout the entire 
depth of the shaft and in particular in the transition zone. However, no damage was predicted 
in the adjacent buildings. The jet-grouting columns also appear to prevent any instability that 
might occur in the transition zone due to the excavation of the highly permeable material (AE 
formation) below the water table. Without them large movements and yielding of the soil were 
observed in this critical zone of the shaft. The impact of the jet-grouting columns on the lining 
of the shaft was small, apart from the zone immediately above the enlargement of the section 
where tension was predicted to occur. The forces in the Baixa-Chiado station also remained 
practically unchanged without the presence of the jet-grouting columns; 
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 The presence of the Limestone layer in the ground profile has mainly a local effect and 
influences marginally the overall behaviour of the excavation. No significant deformations or 
variations in the forces in the linings of the shaft and of the station were observed in the analysis 
where the presence of the Limestone was not considered; 
 The stiffness of the buildings has a significant impact on the deformations at the ground surface 
modifying both the pattern and the magnitude of the displacements. In greenfield conditions, 
i.e., no restriction of movements at the ground surface, larger deformations, both vertical and 
horizontal, were predicted and their distribution was concentric around the excavation. The 
stiffness of the buildings affects mainly the displacements at ground surface since all the other 
results were similar to those of the reference analysis. However, these differences were 
sufficient to cause slight to moderate damage in the buildings located near the excavation, 
although it should be noted that the analysis performed corresponds to an unrealistic scenario. 
7.5 RECOMMENDATIONS FOR FURTHER RESEARCH 
7.5.1 GEOTECHNICAL CHARACTERISATION OF THE MIOCENE FORMATIONS 
The lack of a global characterisation remains one of the main difficulties when dealing with complex and 
multi-phase materials such as soils. The amount and particularly the type of data available are always 
limited and consequently assumptions are usually adopted in order to describe as accurately as possible 
its behaviour. An increase in the amount of data permits an improvement in the standardisation and 
validation of typical behaviour and at the same time identification of the heterogeneity of the formation. 
However, care has to be taken when dealing with large amounts of data in order to contextualise specific 
aspects that should be accounted for and exclude any misleading results given by poorly performed 
tests. More important than the amount of data is the diversity of data provided by different types of 
tests as demonstrated by Taborda et al. (2010). The diversity of results obtained can be integrated in 
order to establish a global characterisation of the soil with all the different components of its behaviour 
identified and interlinked. 
Despite the significant improvement of the characterisation of the Miocene formations of Lisbon, 
“Areolas da Estefânia” and “Argilas e Calcários dos Prazeres”, achieved in this study there are still several 
aspects that require further investigation. A list of suggestions for research on this topic is given below: 
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 Due to their importance as foundation materials multiple surveys have been conducted in the 
past on the Miocene formations of Lisbon. However, most of the results obtained are disperse 
and not available for analysis. The creation of a single database with all that data would be 
extremely useful for improving the understanding of the behaviour of the Miocene formations. 
An adequate interpretation of these results could also identify and filter any inappropriate data 
preventing errors in future geotechnical design; 
 The structure of both Miocene formations, particularly of the AP layer, and their relationship 
with past geological events were not studied in detail in this research. A study more focused on 
this aspect could be useful for understanding how their geological formation influences their 
current behaviour and how their structure is affected by sample disturbance; 
 Another aspect not investigated in this research was the anisotropy of both Miocene 
formations. The triaxial tests performed on the AE formation revealed different behaviour in 
compression and in extension, although all samples were prepared in the vertical direction. The 
performance of additional laboratory tests on intact samples retrieved in different directions 
and at different depths would contribute to the clarification of this aspect. The eventual 
existence of anisotropy might influence significantly the strength and stiffness of these 
materials and should not be disregarded in future analysis; 
 This research identified a significant discrepancy between field and in-situ tests that might have 
occurred due to disturbance of the samples. It would be fundamental to perform additional 
seismic field tests, such as cross-hole, and laboratory tests on samples retrieved from blocks 
and not from boreholes so that any disturbance could be minimised. Comparison of these 
results would permit the validation of the methodology employed in this research, or establish 
a new one, that could then be extended for other formations of the Miocene series encountered 
in Lisbon; 
7.5.2 PREDICTION AND OBSERVATION OF THE IVENS SHAFT CONSTRUCTION 
Since the Ivens shaft has not been constructed yet the results presented in this research can be 
considered as class A predictions (Lambe, 1973). Obviously, a first recommendation consists in the 
comparison of the results of the monitoring of the shaft construction with the predictions performed in 
order to evaluate the quality and reliability of the latter. In the instrumentation survey is suggested the 
measurement of the settlements in the vicinity of shaft and also the displacements, vertical and 
horizontal, along the entire depth of the shaft, particularly at its vertices, and in the Baixa-Chiado 
station. Readings of the normal pressure acting in the lining, through load cells located at different 
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depths, would also contribute to a better understanding of the behaviour of the shaft and could be 
useful to validate the theoretical methodologies. Finally, the buildings should also be monitored in order 
to observe any modifications that might occur due to the excavation, namely cracks, lean of walls and 
doors/ windows sticking. 
Regarding the modelling itself the use of more advanced constitutive models could be useful but this 
clearly depends on the characterisation data available. The complete modelling of the construction 
sequence of the Baixa-Chiado station and of the retaining wall in the backyard could improve the 
predictions, although it is not expected to modify them significantly given the results obtained in the 
parametric study where the presence of the Baixa-Chiado station was disregarded.  
The influence of a more realistic modelling of the buildings, with their foundations, facades and slabs 
simulated individually and not as an equivalent block, could contribute to a better assessment of the 
movements and potential damage sustained due to the excavation of the Ivens shaft. An additional 
aspect that would be interesting to consider in the analysis is the simulation of the real conditions of 
the buildings since these also affect directly the foundation movements. Presently all methodologies 
employed assume optimal conditions which are often not the case. 
7.5.3 DESIGN OF SHAFTS 
Despite the high and continuously increasing number of shafts constructed in urban environments there 
are few published papers covering their behaviour. This makes it difficult to establish the most adequate 
design process for a particular case. The type of construction sequence to adopt for the excavation of 
shafts and its influence on their overall behaviour still requires further studies. The interaction of shafts 
with other surrounding structures was investigated in this research and interesting conclusions were 
drawn. However, those still require further analyse and validation against real cases. 
The classical theories for defining the earth pressure acting on a shaft lining have only recently been 
adapted in order to include effects such as soil-wall friction or backfill inclination (Liu et al., 2009a). 
However, these theories still contain several limitations and assumptions that resulted in any attempt 
to employ them to predict the earth pressures acting on the Ivens shaft unrealistic. In simpler cases it 
would be interesting to evaluate their performance against real monitoring data and extend them to 
other shaft shapes, particularly elliptical. Those theories once validated could provide a reasonable and 
valuable preliminary design tool for simpler shafts. 
 
REFERENCES 
 
 
 365 
 
REFERENCES 
Addenbrooke, T. I., Potts, D. M. & Puzrin, A. M. (1997) The influence of pre-failure soil stiffness on the 
numerical analysis of tunnel construction. Géotechnique, 47 (3), 693-712. 
Afifi, S. S. & Richart, F. E., Jr. (1973) Stress-history effects on shear modulus of soils. Soils and 
Foundations, 13, 77-95. 
Allenby, D. & Kilburn, D. (2012) An introduction to the practical aspects of sinking pneumatic caissons. 
In: Proceedings of the Proceedings of the 3rd Int. Conf. On Shaft Design and Construction, 
London, UK. IOM3, pp. 12. 
Almeida e Sousa, J. (1998) Tunnels in soils. Behaviour and numerical modelling. PhD thesis. University of 
Coimbra, Coimbra,  (in Portuguese). 
Almeida, F. M. (1986) (Ed, Portugal, G. I. o.) Geological Institute of Portugal, Lisbon. 
Alpan, I. (1967) The empirical evaluation of the coefficients ko and kor - soil and foundation. Jap. Soc. 
Soil Mech. Found. Eng., 7 (1). 
Alvarado, G. (2007) Influence of late cementation on the behaviour of reservoir sands. PhD thesis. 
Imperial College of London, London, 453 pages. 
Alvarado, G. & Coop, M. R. (2012) On the performance of bender elements in triaxial tests. 
Géotechnique, 62 (1), 1-17. 
Alves, C. A. M., Rodrigues, B., Serralheiro, A. & Faria, A. P. (1980) The basaltic deposit of lisbon, Reports 
of the Geological Services of Portugal, 111-134 pages (in Portuguese). 
Amorosi, A. & Rampello, S. (2007) An experimental investigation into the mechanical behaviour of a 
structured stiff clay. Géotechnique, 57 (2), 153-166. 
Anderson, D. G. & Woods, R. D. (1975) Comparison of field and laboratory shear moduli. In: Proceedings 
of the Proceedings of the Conference on in in situ measurement of soil properties, Raleigh, North 
California. pp. 69-92. 
Anderson, D. G. & Stokoe, K. H. (1977) Shear modulus: A time-dependent soil property, 66-90 pages. 
Andrade, J. C., Campanhã, C. A., Almeida, C. A., Mota, A. & Jordão, P. (2004) Underground stations in 
shafts and tunnels at the oporto subway. General design aspects and construction technical 
support. In: Proceedings of the IX - National Conference in Geotechnics, Averio, Portugal. Vol: III, 
pp. 255-264, (in Portuguese). 
Antunes, M. T. (1979) Introduction à la géologie générale du portugal, Reports of the Geological Services 
of Portugal, 72-85 pages (in French). 
Antunes, M. T. & Pais, J. (1993) The neogene of portugal. Geological Publications, 96, 39-50. 
Antunes, M. T., Elderfield, H., Legoinha, P., Nascimento, A. & Pais, J. (1999) A stratigraphic framework 
for the miocene from the lower tagus basin (lisbon, setúbal peninsula, portugal). Depositional 
sequences, biostratigraphy and isotopic ages. Spanish Geology Institute Journal, 12 (I), 3-15. 
Antunes, M. T., Legoinha, P., P., P. C. & Pais, J. (2000) High resolution stratigraphy and miocene facies 
correlation in lisbon and setubal peninsula (lower tagus basin, portugal). In: (UNL), E. S. (ed.) 
Proceedings of the 1st Congress about the Cenozoic era in Portugal, Lisbon. pp. 183-190. 
Arulnathan, R., Boulanger, R. W. & Riemer, M. F. (1998) Analysis of bender element tests. Geotechnical 
Testing Journal, 21 (2), 120-131. 
ASTM (2004) D 7012 – 04. Standard test method for compressive strength and elastic moduli of intact 
rock core specimens under varying states of stress and temperatures. ASTM International, 
United States, 8 pages. 
REFERENCES 
 
 
 366 
 
Atkinson, J. H., Richardson, D. & Stallebrass, S. E. (1990) Effect of recent stress history on the stiffness 
of overconsolidated soil. Géotechnique, 40 (4), 531-540. 
Atkinson, J. H. & Sallfors, G. (1991) Experimental determination of stress–strain–time characteristics in 
laboratory and in situ tests. In: Proceedings of the General report to Session 1. Proceedings of 
the 10th European Conference on Soil Mechanics and Foundation Engineering, Florence. Vol: 3, 
pp. 915-956. 
Atkinson, J. H. (2000) Non-linear soil stiffness in routine design. Géotechnique, 50 (5), 487-507. 
Auld, F. A. (1979) Design of concrete shaft linings. Proceedings of the Institution of Civil Engineers Part 
2-Research and Theory, 67 (SEP), 817-832. 
Azeiteiro, R. N., Coelho, P. A. L. F., Taborda, D., Pedro, A. & Antunes, D. (2009) Computational study of 
the performance of a genetic algorithms-based software. In: Proceedings of the COMGEO I, 
Juan-les-Pins, France. pp. 9. 
Baguelin, F., Jézéquel, J. F. & Shields, D. H. (1978) The pressuremeter and foundation engineering. 
617pages. 
Baker, R. (2004) Nonlinear mohr envelopes based on triaxial data. Journal of Geotechnical and 
Geoenvironmental Engineering, 130 (5), 498-506. 
Ballard, R. F. (1976) Method for crosshole seismic testing. Proceedings of the American Society of Civil 
Engineers. No. GT12 Geotechnical Engineering DiviMon, 102, 1261-1273. 
Basudhar, P. K. (2008) Application of optimization and other evolutionary techniques in geotechnical 
engineering. In: Proceedings of the The 12th International Conference of International 
Association for Computer Methods and Advances in Geomechanics (IACMAG), Goa, India. pp. 
13. 
Bellotti, R., Ghionna, V., Jamiolkowski, M., Robertson, P. K. & Peterson, R. W. (1989) Interpretation of 
moduli from self-boring pressuremeter tests in sand. Géotechnique, 39 (2), 269-292. 
Benoit, J. & Clough, G. W. (1986) Self-boring pressuremeter tests in soft clay. Journal of Geotechnical 
Engineering-Asce, 112 (1), 60-78. 
Benz, T. (2006) Small-strain stiffness of soils and its numerical consequences. PhD thesis. University of 
Stuttgard, Stuttgard, 209 pages. 
Berezantzev, V. G. (1958) Earth pressure on the cylindrical retaining walls. In: Proceedings of the Proc. 
conference on earth pressure problems, Brussels. Vol: Vol. 2, pp. 21-27. 
Bernold, J. (1975) (Ed, States, U.) United States. 
Beuselinck, L., Govers, G., Poesen, J., Degraer, G. & Froyen, L. (1998) Grain-size analysis by laser 
diffractometry: Comparison with the sieve-pipette method. CATENA, 32 (3-4), 193-208. 
Bishop, A. W. & Henkel, D. J. (1962) "The measurement of soil properties in the triaxial test", In: Arnold, 
E. (ed.), pp. 227. 
Bishop, A. W., Webb, D. L. & Lewin, P. I. (1965) Undisturbed samples of london clay from the ashford 
common shaft: Strength–effective stress relationships. Géotechnique, 15 (1), 1-31. 
Bishop, A. W. & Wesley, L. D. (1975) Hydraulic triaxial apparatus for controlled stress path testing. 
Géotechnique, 25 (4), 657-670. 
Bjerrum, L. (1963) Discussion. In: Proceedings of the Proceedings of the European Conference on Soil 
Mechanics and Foundation Engineering, Wiesbaden. Vol: 2, pp. 135-137. 
Bjerrum, L. (1973) Problems of soil mechanics and construction on soft clays and structurally unstable 
soils (collapsible, expansive and others). In: Proceedings of the Proceedings 8th ICSMFE, 
Moscow, Russia. Vol: 3, pp. 111-159. 
Blewett, J., Blewett, I. J. & Woodward, P. K. (2000) Phase and amplitude responses associated with the 
measurement of shear-wave velocity in sand by bender elements. Canadian Geotechnical 
Journal, 37 (6), 1348-1357. 
Bloodworth, A. G. (2002) Three-dimensional analysis of tunneling effects on structures to develop design 
methods. PhD thesis. University of Oxford, Oxford, 236 pages. 
REFERENCES 
 
 
 367 
 
Blott, S. J. & Pye, K. (2006) Particle size distribution analysis of sand-sized particles by laser diffraction: 
An experimental investigation of instrument sensitivity and the effects of particle shape. 
Sedimentology, 53 (3), 671-685. 
Bodas Freitas, T. M. (2008) Numerical modelling of the time dependent behaviour of soils. PhD thesis. 
Imperial College, University of London, London. 
Bolton, M. D. (1986) The strength and dilatancy of sands. Géotechnique, 36 (1), 65-78. 
Bolton, M. D. & Whittle, R. W. (1999) A non-linear elastic perfectly plastic analysis for plane strain 
undrained expansion tests. Géotechnique, 49 (1), 133-141. 
Boscardin, M. D. & Cording, E. J. (1989) Building response to excavation induced settlement. Journal of 
Geotechnical Engineering-Asce, 115 (1), 1-21. 
Bowles, J. E. (1996) Foundation analysis and design. 1175pages. 
Brazão Farinha, J. S. (1995) Publication 4 - the first stage of the lisbon metro network. Metro publications. 
Lisbon Metro, Lisbon, 120pages (in Portuguese). 
Brazão Farinha, J. S. (1997) Publication 5 - history of the construction of the lisbon metro network 
between 1953 and 1993. Metro publications. Lisbon Metro, Lisbon, 350pages (in Portuguese). 
Briaud, J. L. (1992) The pressuremeter. Swets & Zeitlinger, 340pages. 
British Standards Institution (1990a) BS 1377-2:1990. Soils for civil engineering purposes. BSI, London, 
72 pages. 
British Standards Institution (1990b) BS 1377-5:1990. Soils for civil engineering purposes. BSI, London, 
40 pages. 
British Standards Institution (1990c) BS 1377-8:1990. Soils for civil engineering purposes. BSI, London, 
38 pages. 
British Standards Institution (2009) BS ISO 13320:2009. Particle size analysis. BSI, London, 60 pages. 
Burger, W. & Rauer, M. (2012) Mechanized shaft sinking methods for hard and medium strength rock. 
In: Proceedings of the Proceedings of the 3rd Int. Conf. On Shaft Design and Construction, 
London, UK. IOM3, pp. 5. 
Burland, J. B. & Wroth, C. P. (1974) Settlement of buildings and associated damage. In: Proceedings of 
the Proceedings of Conference ` Settlement of structures', Cambridge. Pentech, London, pp. 611-
654. 
Burland, J. B., Broms, B. B. & de Mello, V. F. (1977) Behaviour of foundations and structures. In: 
Proceedings of the Proceedings of 9th International Conference on Soil Mechanics and 
Foundation Engineering, Tokyo. Vol: 2, pp. 495-546. 
Burland, J. B. (1987) Nash lecture: The teaching of soil mechanics – a personal view. In: Proceedings of 
the Proceedings of 9th ECSMFE, Dublin. Vol: 3, pp. 1427-1447. 
Burland, J. B. (1989) 9th laurits bjerrum memorial lecture: Small is beautiful - the stiffness of soils at 
small strains. Canadian Geotechnical Journal, 26 (4), 499-516. 
Burland, J. B. (1990) On the compressibility and shear-strength of natural clays. Géotechnique, 40 (3), 
329-378. 
Burland, J. B. (1995) Assessment of risk of damage to buildings due to tunnelling and excavation. In: 
Ishihara, K. (ed.) Proceedings of the Invited Special Lecture: 1st International conference on 
earthquake geotechnical engineering, IS Tokyo '95. Vol: 3, pp. 1189-1201. 
Burland, J. B. (2006) Interaction between structural and geotechnical engineers. The Structural Engineer, 
84 (8), 29-37. 
Butterfield, R. (1981) A natural compression law for soils (an advance on e-log p'). Géotechnique, 29 (4), 
469 –480. 
Byrne, P. M., Salgado, F. M. & Howie, J. A. (1990) Relationship between the unload shear modulus from 
pressuremeter tests and the maximum shear modulus for sand. In: Proceedings of the 
Proceedings of the Third International Symposium on Pressuremeters. Vol: I, pp. 231-242. 
Cachão, M. & Silva, C. M. d. (2000) The three main marine depositional cycles of the neogene of 
portugal. In: (UNL), C. d. T. (ed.) Proceedings of the 1st Congress about the Cenozoic era in 
Portugal, Lisbon. pp. 303-312. 
REFERENCES 
 
 
 368 
 
Campanhã, C. A. & Kuwajima, F. M. (2008) Designing concepts of large shafts and tunnel stations using 
natm. In: Proceedings of the Proceedings of the 2nd Brazilian conference of tunnels and 
underground structures. (in Portuguese). 
Candeias, M. A. S. & Antunes, J. L. F. B. (1997) The use of "soilfrac" technique in compensation grouting 
works for the lisbon's subway. In: Proceedings of the VI - National Conference in Geotechnics, 
Lisbon. Vol: I, pp. 1165-1173, (in Portuguese). 
Candeias, M. A. S., Brito, J. A. M., Matos Fernandes, M. & Lopes, P. G. (2007) Jet-grouting solution to 
link a tunnel to a cut-and-cover excavation. Ground Improvement, 11 (1), 3-10. 
Carrier, W. (2003) Goodbye, hazen; hello, kozeny-carman. Journal of Geotechnical and 
Geoenvironmental Engineering, 129 (11), 1054-1056. 
Cenorgeo (2008) Design project of ivens shaft - baixa-chiado metro station of the lisbon metro, 
Cenorgeo, 350 pages (in Portuguese). 
Chandler, R. J. (1966) The measurement of residual strength in triaxial compression. Géotechnique, 16 
(3), 181-186. 
Cheng, Y. M., Hu, Y. Y. & Wei, W. B. (2007) General axisymmetric active earth pressure by method of 
characteristics---theory and numerical formulation. International Journal of Geomechanics, 7 
(1), 1-15. 
Cheng, Y. M., Au, S. K., Hu, Y. Y. & Wei, W. B. (2008) Active pressure for circular cut with berezantzev's 
and prater's theories, numerical modeling and field measurements. Soils and Foundations, 48 
(5), 621-631. 
Chun, B. & Shin, Y. (2006) Active earth pressure acting on the cylindrical retaining wall of a shaft. South 
Korea Ground Environ. Eng. J., 7 (4), 15-24. 
Clarke, B. G. (1995) Pressuremeters in geotechnical design. 364pages. 
Clarke, B. G. (1997) Pressuremeter testing in ground investigation .3. Applications. Proceedings of the 
Institution of Civil Engineers-Geotechnical Engineering, 125 (2), 97-108. 
Clayton, C. R. I. (2011) Stiffness at small strain: Research and practice. Géotechnique, 61 (1), 5-37. 
Coelho, M. J., Salgado, F. M. & Rodrigues, L. F. (2004) The role of crosshole seismic tomography for site 
characterization and grout injection evaluation on carmo convent foundations. In: Viana da 
Fonseca, A. and Mayne, P. W. (eds.) Proceedings of the Geotechnical and Geophysical Site 
Characterization. pp. 443-449. 
Coelho, P. A. L. F. (2000) Geotechnical characterization of soft soils. Study of the experimental site of 
quinta do foja (baixo mondego). Master's thesis. Universidade de Coimbra, Coimbra, 426 pages 
(in Portuguese). 
Correa, L. F. A., Campanhã, C. A. & Boscov, P. (1997) Lisbon metro: Measurements and compensation 
treatments of the settlements ocurred in the baixa-chiado station. In: Proceedings of the 2º 
Symposium of urban tunnels - TURB97, São Paulo - Brazil. pp. 215-231, (in Portuguese). 
Correa, L. F. A. & Boscov, P. (1998) Shield tunnelling in the lisbon metro. In: Proceedings of the 
Proceedings of the World Tunnel Congress'98 on Tunnels and Metropolises, São Paulo - Brazil. 
Vol: II. 
Correia, A. A. S. (2011) Applicability of the deep soil technique to the lower mondego soils. PhD. 
Universidade de Coimbra, Coimbra, 501 pages (in Portuguese). 
Cotter, J. C. B. (1956) The marine miocene of lisbon, Reports of the Geological Services of Portugal, 170 
pages (in Portuguese). 
Cuccovillo, T. & Coop, M. R. (1997) The measurement of local axial strains in triaxial tests using lvdts. 
Géotechnique, 47 (1), 167-171. 
Darendeli, M. B. (2001) Development of a new family of normalized modulus reduction and material 
damping curves. PhD thesis. University of Texas, Austin. 
DeGroot, D. J. & Sandven, R. (2004) General report: Laboratory and field comparisons. In: Viana Da 
Fonseca, A. and Mayne, P. W. (eds.) Proceedings of the Geotechnical and Geophysical Site 
Characterization. pp. 1775-1789. 
REFERENCES 
 
 
 369 
 
Dias, J. M. A., Rodrigues, A. & F., M. (1997) Evolution of the coast line in portugal since the last glacial 
maximum, Works of Quaternary, 53-66 pages (in Portuguese). 
Dias, R. & Pais, J. (2009) Homogenisation of the cenozoic geological mapping of the lisbon metropolitan 
area (aml). Geological Publications, 96, 39-50. 
Dinis, P. A. (2008) "Conjugação de técnicas em análise granulométrica de sedimentos. Algumas 
dificuldades e remedeios" A terra: Conflitos e ordem, livro de homenagem ao professor ferreira 
soares, In: Callapez, P. M., Rocha, R.B., Marques, J.F., Cunha, L.S., Dinis, P.M. (ed.), pp. 25-30 (in 
Portuguese). 
Divall, S., Goodey, R. J. & Taylor, R. N. (2012) Ground movements generated by sequential twin-
tunnelling in over-consolidated clay. In: 2nd European Conference on Physical Modelling in 
Geotechnics, Delft, Netherlands. pp. 10. 
Doig, P. J. (2012) Shaft construction for civil engineering projects. In: Proceedings of the Proceedings of 
the 3rd Int. Conf. On Shaft Design and Construction, London, UK. IOM3, pp. 13. 
Dyvik, R. & Madshus, C. (1985) Lab measurements of gmax using bender elements. In: Proceedings of 
the Proceedings ASCE Annual Convention: Advances in the Art of Testing Soils Under Cyclic 
Conditions, Detroit, Michigan. pp. 186-197. 
Enami, A., Morishita, H., Ogihara, M., Homma, M., Tezuka, H. & Hiramatsu, Y. (1996) Earth pressure 
acting on a deep circular shaft wall. In: Mair, R. J. and Taylor, R. N. (eds.) Proceedings of the 
Geotechnical Aspects of Underground Construction in Soft Ground. pp. 117-122. 
Fahey, M. & Randolph, M. F. (1984) Effect of disturbance on parameters derived from self-boring 
pressuremeter tests in sand. Géotechnique, 34 (1), 81-97. 
Feng, X. T., Li, S. J., Liao, H. J. & Yang, C. X. (2002) Identification of non-linear stress-strain-time 
relationship of soils using genetic algorithm. International Journal for Numerical and Analytical 
Methods in Geomechanics, 26 (8), 815-830. 
Ferreira, R. S. & Robertson, P. K. (1992) Interpretation of undrained self-boring pressuremter test results 
incorporating unloading. Canadian Geotechnical Journal, 29 (6), 918-928. 
Finn, W. D. L., Lee, K. W. & Martin, G. R. (1977) An effective stress model for liquefaction. Journal of the 
Geotechnical Engineering Division- ASCE, 103 (6), 517-533. 
Foti, S. & Butcher, A. T. P. (2004) General report: Geophysical methods applied to geotechnical 
engineering. In: Viana Da Fonseca, A. and Mayne, P. W. (eds.) Proceedings of the Geotechnical 
and Geophysical Site Characterization Vols 1 and 2, Rotterdam. Millpress Science Publishers, pp. 
409-418. 
França, P., Taborda, D., Pedro, A., Almeida e Sousa, J. & Topa gomes, A. (2006) Salgueiros station of the 
oporto metro - analysis of its behaviour. In: Proceedings of the XIII COBRAMSEG / III CLBG / IV 
SBMR, Curitiba, Brazil. pp. 6, (in Portuguese). 
Franzius, J. N. (2003) Behaviour of buildings due to tunnel induced subsidence. PhD thesis. Imperial 
College of London, London, 360 pages. 
Franzius, J. N., Potts, D. M. & Burland, J. B. (2005) The influence of soil anisotropy and k-0 on ground 
surface movements resulting from tunnel excavation. Géotechnique, 55 (3), 189-199. 
Franzius, J. N., Schroeder, E. C., Grammatikopoulou, A., Cabarkapa, Z., Higgins, K. G. & Potts, D. M. (2007) 
Comparison of different approaches to model compensation grouting. In: Pande, G. N. and 
Pietruszczak, S. (eds.) Proceedings of the Numerical Models in Geomechanics: Numog X. pp. 359-
364. 
Fujii, T., Hagiwara, T., Ueno, K. & Taguchi, A. (1994) Experiment and analysis of earth pressure on an 
axisymmetric shaft in sand. In: Proceedings of the Proceedings of the International Conference 
on Centrifuge, Singapore. pp. 791–796. 
Fujii, T., Hagiwara, T. & kusakabe, O. (1996) Active failure mechanism of a deep circular shaft in dry sand. 
In: Mair, R. J. and Taylor, R. N. (eds.) Proceedings of the Geotechnical Aspects of Underground 
Construction in Soft Ground. pp. 137-142. 
Gallipoli, D., D’Onza, F. & Wheeler, S. J. (2010) A sequential method for selecting parameter values in 
the barcelona basic model. Canadian Geotechnical Journal, 47 (11), 1175-1186. 
REFERENCES 
 
 
 370 
 
Gasparre, A. (2005) Advanced laboratory characterisation of london clay. PhD thesis. Imperial College 
of London, London, 598 pages. 
Gasparre, A., Nishimura, S., Coop, M. R. & Jardine, R. J. (2007) The influence of structure on the 
behaviour of london clay. Géotechnique, 57 (1), 19-31. 
Gasparre, A. & Coop, M. R. (2008) Quantification of the effects of structure on the compression of a stiff 
clay. Canadian Geotechnical Journal, 45 (9), 1324-1334. 
Geddes, J. D. (1977) The effect of horizontal ground movements on structures. In: Geddes, J. D. (ed.) 
Proceedings of the Proceedings of the 1th International Conference on Large Ground Movements 
and Structures, Cardiff. Pentech Press, London, pp. 623-646. 
Georgiadis, K. (2003) Development, implementation and application of partially saturated soil models in 
finite element analysis. PhD thesis. Imperial College, University of London, London. 
Gercek, H. (2007) Poisson's ratio values for rocks. International Journal of Rock Mechanics and Mining 
Sciences, 44 (1), 1-13. 
Giannopoulos, K. (2011) Numerical analysis of the reuse of piled raft foundations. PhD thesis. Imperial 
College of London, London, 395 pages. 
Gibson, R. E. & Anderson, W. F. (1961) In situ measurement of soil properties with the pressuremeter. 
Civil Engineering and Public Works Review, 56 (658), 615-618. 
GID (2012) Gid v7.0: User manual. pages. 
Goodman, R. E. (1989) Introduction to rock mechanics. 289pages. 
Goossens, D. (2008) Techniques to measure grain-size distributions of loamy sediments: A comparative 
study of ten instruments for wet analysis. Sedimentology, 55 (1), 65-96. 
Goto, S., Muramatsu, M. & Sueoka, T. (1994) Ground movement, earth and water pressures due to shaft 
excavations. In: Saka, F., Yabe, H., Watanabe, H., Shimbo, K., Fujita, K. and Kusakabe, O. (eds.) 
Proceedings of the International Symposium on Underground Construction in Soft Ground, New 
delhi, India. pp. 151-154. 
Grammatikopoulou, A. (2004) Development, implementation and application of kinematic hardening 
models for overconsolidated clays. PhD thesis. Imperial College, University of London, London. 
Grammatikopoulou, A., Zdravković, L. & Potts, D. M. (2008) The influence of previous stress history and 
stress path direction on the surface settlement trough induced by tunnelling. Géotechnique, 58 
(4), 269-281. 
Greening, P. D. & Nash, D. F. T. (2004) Frequency domain determination of g(0) using bender elements. 
Geotechnical Testing Journal, 27 (3), 288-294. 
Guedes de Melo, P. (2008) Characterization of "areolas da estefânia" formation from the numerical 
modelling of the pressuremeter test. Geotecnia, 113, 5-21. 
Guedes de Melo, P. (2011) Geotechnical Engineering. 
Guedes, T. (1997) Study of the expansibility of the clay formations of lisbon. MsC thesis. University of 
Lisbon, Lisbon, 103 pages (in Portuguese). 
Gunter, M. E. (2004) The polarized light microscope: Should we teach the use of a 19th century 
instrument in the 21st century? Journal of Geoscience Education, 52 (1), 34-44. 
Hagiwara, T., Imamura, S., Fujii, T., Nomoto, T. & Kusakabe, O. (1998) Earth pressure acting on a deep 
circular shaft and associated ground deformation. In: Proceedings of the Proceedings of the 
International Conference on Centrifuge, Tokyo, Japan. pp. 643-648. 
Haq, B. U., Hardenbol, J. & Vail, P. R. (1987) Chronology of fluctuating sea levels since the triassic. 
Science, 235 (4793), 1156-1167. 
Hardin, B. O. & Black, W. L. (1968) Vibration modulus of normally consolidated clay. Journal of Soil 
Mechanics and Foundations Division.- ASCE, 94 (2), 352-369. 
Hardy, S. (2003) The implementation and application of dynamic finite element analysis to geotechnical 
problems. PhD thesis. Imperial College of London, London, 328 pages. 
Harris, W. & White, N. (2008) "X-ray diffraction techniques for soil mineral identification" Methods of 
soil analysis, part 5 – mineralogical methods, In: Ulery, A. L., Drees, R. (ed.) SSSA Book Series, 
Madison Wisc. USA. 
REFERENCES 
 
 
 371 
 
Hashash, Y. M. A., Song, H. & Osouli, A. (2010) Three-dimensional inverse analyses of a deep excavation 
in chicago clays. International Journal for Numerical and Analytical Methods in Geomechanics, 
35 (9), 1059–1075. 
Hawkins, A. B. (1998) Aspects of rock strength. Bulletin of Engineering Geology and the Environment, 57 
(1), 17-30. 
Hazen, A. (1911) Discussion of 'dams on sand foundations' by a. C. Koenig. Trans. Am. Soc. Civ. Eng., 73, 
199-203. 
Head, K. H. (1994) Soil laboratory testing. Volume 2 - permeability, shear strength and compressibility 
tests. 454pages. 
Head, K. H. (1998) Soil laboratory testing. Volume 3 - effective stress tests. 431pages. 
Head, K. H. (2006) Soil laboratory testing. Volume 1 - soil classification and compaction tests. 422pages. 
Hellawell, E. E., Hawley, A. J., Pooley, S. D., Garrod, B. & Legett, M. (2001) Metros under construction 
around the world. In: Proceedings of Institution of Civil Engineers and Geotechical Engineering, 
149, pp. 29-39. 
Herle, I. (2002) "Difficulties related to numerical predictions of deformation" Constitutive and centrifuge 
modelling: Two extremes, In: Taylor & Francis. 
Herten, M. & Pulsfort, M. (1999) Determination of spatial earth pressure on circular shaft constructions. 
Granular Matter, 2 (1), 1-7. 
Hight, D. W., Gasparre, A., Nishimura, S., Minh, N. A., Jardine, R. J. & Coop, M. R. (2007) Characteristics 
of the london clay from the terminal 5 site at heathrow airport. Géotechnique, 57 (1), 3-18. 
Hoek, E. & Brown, E. T. (1980) Underground excavations in rock. 527pages. 
Hoek, E., Carranza-Torres, C. T. & Corkum, B. (2002) Hoek-brown failure criterion-2002 edition. In: 
Proceedings of the Proceedings of the 5th North American Rock Mechanics Symp., Toronto, 
Canada. Vol: 1, pp. 267–73. 
Hoek, E. & Diederichs, M. S. (2006) Empirical estimation of rock mass modulus. International Journal of 
Rock Mechanics and Mining Sciences, 43 (2), 203-215. 
Hoek, E. (2007) "Chapter 11: Rock mass properties" Practical rock engineering, In: RocScience (ed.), pp. 
47. 
Holl, G. W. & Fairon, E. G. (1973) A review of some aspects of shaft design. Journal of the South African 
Institute of Mining and Metallurgy, 73, 309-324. 
Holland, J. H. (1975) Adaptation in natural and artificial systems. pages. 
Houlsby, G. T. (1991) How the dilatancy of soils affects their behaviour. In: Proceedings of the 
Proceedings of the 10th European Conference on Soil Mechanics and Foundation Engineering, 
Florence, Italy. Vol: 4, pp. 1189-1202. 
Hsieh, P. G. & Ou, C. Y. (1998) Shape of ground surface settlement profiles caused by excavation. 
Canadian Geotechnical Journal, 35 (6), 1004-1017. 
Huang, A. B., Holtz, R. D. & Chameau, J. L. (1991) Laboratory study of pressuremeter tests in clays. 
Journal of Geotechnical Engineering, 117 (10), 1549-1567. 
Hughes, J. M. O., Wroth, C. P. & Windle, D. (1977) Pressuremeter tests in sands. Géotechnique, 27 (4), 
455-477. 
Humphries, D. W. (1992) The preparation of thin sections of rocks, minerals, and ceramics. 83pages. 
Idriss, I. M. & Boulange, R. W. (2004) Semi-empirical procedures for evaluating liquefaction potential 
during earthquakes In: Proceedings of the Proceedings of the 11th ICSDEE & 3rd ICEGE, Berkeley, 
California. pp. 32-56. 
Imamura, S., Nomoto, T., Fujii, T. & Hagiwara, T. (1999) Earth pressures acting on a deep shaft and the 
movements of adjacent ground in sand. In: Kusakabe, O., Fujita, K. and Miyazaki, Y. (eds.) 
Proceedings of the Geotechnical Aspects of Underground Construction in Soft Ground. pp. 647-
652. 
International Society for Rock Mechanics (1979) Suggested methods for determining the uniaxial 
compressive strength and deformability of rock materials. International Journal of Rock 
Mechanics and Mining Sciences &amp; Geomechanics Abstracts, 16 (2), 135-140. 
REFERENCES 
 
 
 372 
 
Ishihara, K. (1996) Soil behaviour in earthquake geotechnics. 385pages. 
Jaky, J. (1944) The coefficient of earth pressure at rest. Journal for society of Hungarian architects and 
engineers, 355-358. 
Jardine, R. J., Symes, M. J. & Burland, J. B. (1984) The measurement of soil stiffness in the triaxial 
apparatus. Géotechnique, 34 (3), 323-340. 
Jardine, R. J., Potts, D. M., Fourie, A. B. & Burland, J. B. (1986) Studies of the influence of nonlinear 
stress-strain characteristics in soil structure interaction. Géotechnique, 36 (3), 377-396. 
Jardine, R. J. & Muir Wood, D. (1991) Strain-dependent moduli and and pressuremeter tests - discussion. 
Géotechnique, 41 (4), 621-626. 
Jardine, R. J. (1992) Nonlinear stiffness parameters from undrained pressuremeter tests. Canadian 
Geotechnical Journal, 29 (3), 436-447. 
Javadi, A., Elkassas, A. & Tan, T. (2007) "Application of artificial neural network for constitutive modeling 
in finite element analysis" Numerical models in geomechanics, In: Taylor & Francis. 
Jovicic, V., Coop, M. R. & Simic, M. (1996) Objective criteria for determining g(max) from bender element 
tests. Géotechnique, 46 (2), 357-362. 
Jovicic, V. & Coop, M. R. (1998) The measurement of stiffness anisotropy in clays with bender element 
tests in the triaxial apparatus. Geotechnical Testing Journal, 21 (1), 3-10. 
Kahle, M., Kleber, M. & Jahn, R. (2002) Review of xrd-based quantitative analyses of clay minerals in 
soils: The suitability of mineral intensity factors. Geoderma, 109 (3–4), 191-205. 
Karakus, M. (2007) Appraising the methods accounting for 3d tunnelling effects in 2d plane strain fe 
analysis. Tunnelling and Underground Space Technology, 22 (1), 47-56. 
Kayabasi, A., Gokceoglu, C. & Ercanoglu, M. (2003) Estimating the deformation modulus of rock masses: 
A comparative study. International Journal of Rock Mechanics & Mining Sciences, 40 (1), 55-63. 
Kile, D. E. (2003) The petrographic microscope: Evolution of a mineralogical research instrument. Issue 
1 of mineralogical record: Special publication. Mineralogical Record, Inc., 96 pages. 
Kokusho, T. (1987) In situ dynamic soil properties and their evaluation. In: Proceedings of the 
Proceedings of the 8th Asian Regional Conference on Soil Mechanics and Foundation 
Engineering, Kyoto, Japan. Vol: 2, pp. 215-435. 
Kolymbas, D. (2000) "The misery of constitutive modelling" Constitutive modelling of granular materials, 
In: Kolymbas, D. (ed.) Springer-Verlag, Berlin, pp. 11-24. 
Kontoe, S. (2006) Development of time integration schemes and advanced boundary conditions for 
dynamic geotechnical analysis. PhD thesis. Imperial College, University of London, London. 
Kramer, S. L. (1996) Geotechnical earthquake engineering. 673pages. 
Kuwajima, F. M., Andrade, J. C., Campanhã, C. A. & Franco, S. G. (2004) Behaviour of large dimensions 
underground openings - ameixoeira and baixa-chiado stations at lisbon metro. In: Proceedings 
of the IX - National Conference in Geotechnics, Aveiro. Vol: III, pp. 135-144, (in Portuguese). 
Kuwano, R. (1999) The stiffness and yielding anisotropy of sand. PhD thesis. Imperial College of London, 
London, 698 pages. 
Ladanyi, B. (1972) In-situ determination of undrained stress-strain behavior of sensitive clays with the 
pressuremeter. Canadian Geotechnical Journal, 9 (3), 313-319. 
Ladd, C. C. & Foott, R. (1974) New design procedure for stability of soft clays. Journal of the Geotechnical 
Engineering Division - ASCE, 100 (7), 763-786. 
Lade, P. V., Jessberger, H. L., Makowski, E. & Jordan, P. (1981) Modeling of deep shafts in centrifuge 
test. In: Proceedings of the Proceedings of the International Conference on Soil Mechanics and 
Foundation Engineering, Stockholm, Sweden. Vol: 1, pp. 683-691. 
Lambe, T. W. (1973) Predictions in soil engineering. Geotechnique, 23 (2), 149-202. 
Lambe, T. W. & Whitman, R. V. (1979) Soil mechanics: Si version. New York, 553pages. 
Lecomte, A., Salmon, R., Yang, W., Marshall, A., Purvis, M., Prusek, S., Bock, S., Gajda, L., Dziura, J. & 
Muñoz Niharra, A. (2012) Case studies and analysis of mine shafts incidents in europe. In: 
Proceedings of the Proceedings of the 3rd Int. Conf. On Shaft Design and Construction, London, 
UK. IOM3, pp. 19. 
REFERENCES 
 
 
 373 
 
Lee, J. S. & Santamarina, J. C. (2005) Bender elements: Performance and signal interpretation. Journal 
of Geotechnical and Geoenvironmental Engineering, 131 (9), 1063-1070. 
Leong, E. C., Yeo, S. H. & Rahardjo, H. (2006) Measuring shear wave velocity using bender elements. 
Geotechnical Testing Journal, 29 (5), 439-441. 
Leong, E. C., Cahyadi, J. & Rahardjo, H. (2009) Measuring shear and compression wave velocities of soil 
using bender-extender elements. Canadian Geotechnical Journal, 46 (7), 792-812. 
Levasseur, S., Malecot, Y., Boulon, M. & Flavigny, E. (2008) Soil parameter identification using a genetic 
algorithm. International Journal for Numerical and Analytical Methods in Geomechanics, 32 (2), 
189-213. 
Levasseur, S., Malecot, Y., Boulon, M. & Flavigny, E. (2009) Statistical inverse analysis based on genetic 
algorithm and principal component analysis: Applications to excavation problems and 
pressuremeter tests. International Journal for Numerical and Analytical Methods in 
Geomechanics, 34 (5), 471–491. 
Lisbon Metro (2011) In Metro Publications, Vol. 2012 (Ed, History, E. a. F. d.) Lisbon Metro, Lisbon (in 
Portuguese). 
Liu, F. Q., Wang, J. H. & Zhang, L. L. (2009a) Analytical solution of general axisymmetric active earth 
pressure. International Journal for Numerical and Analytical Methods in Geomechanics, 33 (4), 
551-565. 
Liu, F. Q., Wang, J. H. & Zhang, L. L. (2009b) Axi-symmetric active earth pressure obtained by the slip 
line method with a general tangential stress coefficient. Computers and Geotechnics, 36 (1-2), 
352-358. 
LNEC (1996a) Pressuremeter tests in baixa-chiado station - lisbon subway, 141 pages (in Portuguese). 
LNEC (1996b) Pressuremeter tests in convento carmo, 110 pages (in Portuguese). 
LNEC (1996c) Pressuremeter tests in alameda station - lisbon subway, 98 pages (in Portuguese). 
LNEC (1996d) Pressuremeter tests in baixa-chiado station - lisbon subway, 97 pages (in Portuguese). 
LNEC (1996e) Pressuremeter tests in alameda station - lisbon subway, 140 pages (in Portuguese). 
Lopes, I. M. F. (2001) Evaluation of geological and geotechnical conditions for seismic hazard 
characterisation. Application to the castelo de são jorge hill. MsC thesis. University of Lisbon, 
Lisbon, 294 pages (in Portuguese). 
Lopes Laranjo, M., Fernandes, I., Matos Fernandes, M. & Costa Esteves, E. (2010) Microscopic study of 
the mineralogy of a sample of "argilas dos prazeres". In: Proceedings of the XII - National 
Conference in Geotechnics, Guimarães. Vol: I, pp. 319-328, (in Portuguese). 
Loudon, A. G. (1952) The computation of permeability from simple soil tests. Géotechnique, 3, 165-183. 
Loukidis, D. & Salgado, R. (2009) Modeling sand response using two-surface plasticity. Computers and 
Geotechnics, 36 (1–2), 166-186. 
Ludovico Marques, M. A. & Sousa Coutinho, A. G. F. (2004) Cambridge selfboring pressuremeter and 
ménard pressuremeter: Contribution to a mechanical characterisation of miocene soils of lisbon 
and loures. In: Proceedings of the IX - National Conference in Geotechnics, Aveiro. Vol: I, pp. 299-
308, (in Portuguese). 
Machado, J. (2006) Impact of juvenile wood on visual strength grading of pine timber. In: Proceedings 
of the Proceedings of the 9th World Conference on Timber Engineering, Portland, OR, USA. pp. 
4. 
Mahdevari, S. & Torabi, S. R. (2012) Prediction of tunnel convergence using artificial neural networks. 
Tunnelling and Underground Space Technology, 28 (0), 218-228. 
Mair, R. J. & Muir Wood, D. (1987) Pressuremeter testing: Methods and interpretation, CIRIA 
Butterworths, 82 pages. 
Mair, R. J. (1993) Devolopments in geotechnical enginnering research: Application to tunnels and deep 
excavations. Proc. Instn. Civ. Engrs. Geotech. Engineering, 93, 27-41. 
Mair, R. J., Taylor, R. N. & Burland, J. B. (1996) Prediction of ground movements and assessment of risk 
of building damage due to bored tunnelling. Geotechnical aspects of underground construction 
in soft ground. 713-718pages. 
REFERENCES 
 
 
 374 
 
Mair, R. J. & Taylor, R. N. (1997) Bored tunnelling in the urban environment. In: Proceedings of the State-
of-the-art Report and Theme Lecture, Proceedings of 14th International Conference on Soil 
Mechanics and Foundation Engineering, Hamburg. Balkema, Vol: 4, pp. 2353-2385. 
Maksimovic, M. (1989) Nonlinear failure envelope for soils. Journal of Geotechnical Engineering-Asce, 
115 (4), 581-586. 
Maksimovic, M. (1996) In The Electronic Journal of Geotechnical Engineering, Vol. 1, pp. 65. 
Marinos, P. G. & Hoek, E. (2000) Gsi: A geological friendly tool for rock mass strength estimation. In: 
Proceedings of the Proceedings of the GeoEng2000, Melbourne, Australia. pp. 19. 
Marques, F. E. R. (1998) Analysis of the observed behaviour of a tunnel open in the miocenic formations 
of lisbon. Master's thesis. University of Coimbra, Coimbra, 372 pages (in Portuguese). 
Masing, G. (1926) Eigenspannungen und verfestigung beim messing. In: Proceedings of the Proceedings 
of the 2nd International Conference of Applied Mechanics, Zurich, Switzerland. 
Matasovic, N. & Vucetic, M. (1993) Cyclic characterization of liquefiable sands. Journal of Geotechnical 
Engineering- ASCE, 119 (11), 1805-1822. 
Mayne, P. W. & Kulhawy, F. H. (1982) Ko-ocr relationships in soil. Journal of the Geotechnical Engineering 
Division-Asce, 108 (6), 851-872. 
McNamara, A., Roberts, T., Morrison, P. & Holmes, G. (2008) Construction of a deep shaft for crossrail. 
Proceedings of the Institution of Civil Engineers-Geotechnical Engineering, 161 (6), 299-309. 
Meier, J., Schaedler, W., Borgatti, L., Corsini, A. & Schanz, T. (2008) Inverse parameter identification 
technique using pso algorithm applied to geotechnical modeling. J. Artif. Evol. App., 2008, 1-14. 
Mesri, G. (1973) Coefficient of secondary compression. Journal of the Soil Mechanics and Foundations 
Division, 99 (1), 123-137. 
Miranda, F. (2011) Characterisation of the pombalinos buildings in lisbon downtown. MSc thesis. New 
University of Lisbon, Lisbon, 121 pages (in Portuguese). 
Mitchell, J. K. & Soga, K. (2005) Fundamentals of soil behavior. Hoboken, New Jersey, 558pages. 
Moitinho de Almeida, I. (1991) Geotechnical characteristics of the lisbon soils. PhD thesis. University of 
Lisbon, Lisbon, 371 pages (in Portuguese). 
Moitinho de Almeida, I. (2008) In Guia de TelheirasLisbon, pp. 4 (in Portuguese). 
Moller, S. (2006) Tunnel induced settlements and structural forces in linings. PhD thesis. University of 
Stuttgard, Stuttgard, 174 pages. 
Moore, D. M. & Reynolds, R. C. J. (1997) X-ray diffraction and the identification and analysis of clay 
minerals. 378pages. 
Morrison, P. R. J., McNamara, A. M. & Roberts, T. O. L. (2004) Design and construction of a deep shaft 
for crossrail. Proceedings of the Institution of Civil Engineers-Geotechnical Engineering, 157 (4), 
173-182. 
Muir Wood, D. (1990) Strain-dependent moduli and pressuremeter tests. Géotechnique, 40 (3), 509-
512. 
Muir Wood, D. (2000) "The role of models in civil engineering" Constitutive modelling of granular 
materials, In: Kolymbas, D. (ed.) Springer-Verlag, Berlin, pp. 37-55. 
Muramatsu, M. & Abe, Y. (1996) Considerations in shaft excavation and peripheral ground deformation. 
In: Mair, R. J. and Taylor, R. N. (eds.) Proceedings of the Geotechnical Aspects of Underground 
Construction in Soft Ground. pp. 173-178. 
Nagaraj, T. S., Pandian, N. S. & Raju, P. (1998) Compressibility behaviour of soft cemented soils. 
Geotechnique, 48 (2), 281-287. 
Newman, T. (2009) The impact of adverse geological conditions on the design and construction of the 
thames water ring main in greater london, uk. Quarterly Journal of Engineering Geology and 
Hydrogeology, 42 (1), 5-20. 
Newman, T. G. & Wong, H. Y. (2011) Sinking a jacked caisson within the london basin geological 
sequence for the thames water ring main extension. Quarterly Journal of Engineering Geology 
and Hydrogeology, 44 (2), 221-232. 
REFERENCES 
 
 
 375 
 
Ng, C. W. W. & Wang, Y. (2001) Field and laboratory measurements of small strain stiffness of 
decomposed granites. Soils and Foundations, 41 (3), 57-71. 
Nicolini, E. & Nova, R. (2000) Modelling of a tunnel excavation in a non-cohesive soil improved with 
cement mix injections. Computers and Geotechnics, 27 (4), 249-272. 
Nur, A. & Simmons, G. (1969) The effect of saturation on velocity in low porosity rocks. Earth and 
Planetary Science Letters, 7 (2), 183-193. 
Nyambayo, V. P. (2003) Numerical analysis of evapotranspiration and its influence on embankments. 
PhD thesis. Imperial College, University of London, London. 
O'Reilly, M. P. & New, B. M. (1982) Settlements above tunnel in the united kingdom - their magnitude 
and prediction. In: Proceedings of the Proceedings of Tunnelling 82, London. Institution of 
Mining and Metallurgy, pp. 173 -181. 
Obrzud, R. F., Vulliet, L. & Truty, A. (2009) Optimization framework for calibration of constitutive models 
enhanced by neural networks. International Journal for Numerical and Analytical Methods in 
Geomechanics, 33 (1), 71-94. 
Özkan, I., Özarslan, A., Geniş, M. & Özşen, H. (2009) Assessment of scale effects on uniaxial compressive 
strength in rock salt. Environmental & Engineering Geoscience, 15 (2), 91-100. 
Pal, S., Wathugala, G. W. & Kundu, S. (1996) Calibration of a constitutive model using genetic algorithms. 
Computers and Geotechnics, 19 (4), 325-348. 
Palmer, A. C. (1972) Undrained plane-strain expansion of a cylindrical cavity in clay - simple 
interpretation of pressuremeter test. Géotechnique, 22 (3), 451-&. 
Panet, M. & Guenot, A. (1982) Analysis of convergence behind the face of a tunnel. In: Proceedings of 
the Proceedings of the Conference Tunnelling ’82, London, UK. Institute of Mining and 
Metallurgy, London, pp. 197-204. 
Pansu, M. & Gautheyrou, J. (2006) Handbook of soil analysis - mineralogical, organic and inorganic 
methods. 995pages. 
Papon, A., Riou, Y., Dano, C. & Hicher, P. Y. (2012) Single-and multi-objective genetic algorithm 
optimization for identifying soil parameters. International Journal for Numerical and Analytical 
Methods in Geomechanics, 36 (5), 597-618. 
Paris, T. G., Contreras, A. M. & Sanz, A. G. (2007) Some experiences of the application of cross-hole 
seismic tomography, passive seismic and parallel seismic methods to geotechnical studies in 
urban areas. In: Proceedings of the Proceedings of the 14th European Conference on soil 
mechanics and geotechnical engineering, Madrid. Millpress, Vol: IV, pp. 2189-2194. 
Peck, R. B. (1969) Deep excavations and tunnelling in soft ground. In: Proceedings of the Proceedings of 
the 7th International conference on soil mechanics and foundations engineering, Mexico City. 
Vol: 3, pp. 225-290. 
Pedro, A. (2007) Mato forte tunnel - back analysis of its behaviour. MSc thesis. Universidade de Coimbra, 
Coimbra, 372 pages (in Portuguese). 
Pedro, A., Almeida e Sousa, J., Taborda, D. & França, P. (2010) Analysis of an excavation in asymmetrical 
soil conditions: The marquês station. In: Proceedings of the NUMGE10, Trondheim, Norway. pp. 
6. 
Pedroso, D. M. & Williams, D. J. (2011) Automatic calibration of soil-water characteristic curves using 
genetic algorithms. Computers and Geotechnics, 38 (3), 330-340. 
Pennington, D. S. (1999) The anisotropic small strain stiffness of cambridge gault clay. University of 
Bristol, Bristol. 
Pennington, D. S., Nash, D. F. T. & Lings, M. L. (2001) Horizontally mounted bender elements for 
measuring anistropic shear moduli in triaxial clay specimens. Geotechnical Testing Journal, 24 
(2), 133-144. 
Pinto, F. A. D. & Costa, A. R. G. (1997) Shield driven tunnels (tbm epbs) control and evaluation of the 
massif deformations, and operating method. In: Proceedings of the VI - National Conference in 
Geotechnics, Lisbon. Vol: II, pp. 1221-1231, (in Portuguese). 
REFERENCES 
 
 
 376 
 
Ponce, V. M. & Bell, J. M. (1971) Shear strength of sand at extremely low pressures. Journal of the Soil 
Mechanics and Foundations Division, 9 (4), 625-638. 
Portugal, J., Santo, A. & Portugal, A. (2004) Excavation induced building damage. In: Proceedings of the 
IX - National Conference in Geotechnics, Aveiro. Vol: I, pp. 123-132, (in Portuguese). 
Postiglione, P., Abrantes, J. R. d. C., Pinto, F. A. D., Mosiici, P. & Altan, V. D. (1997) Consolidations by jet 
grouting previous to escavations of the western station of the "baixa-chiado" twin stations of 
the lisbon metro. In: Proceedings of the VI - National Conference in Geotechnics, Lisbon. pp. 
1125-1134, (in Portuguese). 
Potts, D. M. & Addenbrooke, T. I. (1997) A structure's infuence on tunnelling-induced ground 
movements. Proc. Instn. Civ. Engrs. Geotech. Engineering, 125, 109-125. 
Potts, D. M. & Zdravković, L. (1999) Finite element analysis in geotechnical engineering: Theory. 
London440 pages. 
Potts, D. M. & Zdravković, L. (2001) Finite element analysis in geotechnical engineering: Application. 
London448 pages. 
Powell, J. J. M. & Butcher, A. P. (1991) Assessment of ground stiffness from field and laboratory tests. 
In: Proceedings of the Deformation of Soils and Displacements of Structures : X Ecsmfe, Vol 1. 
pp. 153-156. 
Prater, E. G. (1977) Examination of some theories of earth pressure on shaft linings. Canadian 
Geotechnical Journal, 14 (1), 91-106. 
Puzrin, A. M. & Burland, J. B. (1998) Non-linear model of small-strain behaviour of soils. Géotechnique, 
48 (2), 217-233. 
Puzrin, A. M. & Shiran, A. (2000) Effects of the constitutive relationship on seismic response of soils. Part 
i. Constitutive modeling of cyclic behavior of soils. Soil Dynamics and Earthquake Engineering, 
19 (5), 305-318. 
Rabcewicz, L. (1964) The new austrian tunnelling method. Water Power, 16 (11), 453-457. 
Rankin, W. J. (1988) Ground movements resulting from urban tunnelling: Predictions and effects. Eng. 
Geol. of Underground Movements, 79-92. 
Rankine, W. J. M. (1857) On the stability of loose earth. Philos. Trans. Roy. Soc. London, 147, 9-27. 
Renders, J. M. & Bersini, H. (1994) Hybridizing genetic algorithms with hill-climbing methods for global 
optimization: Two possible ways. In: Proceedings of the Proceedings of the First IEEE Conference 
on Evolutionary Computation, Orlando, FL, USA. Vol: 1, pp. 312-317. 
Rio, J. (2006) Advances in laboratory geophysics using bender elements. PhD thesis. University College 
London, London, 382 pages. 
Robertson, P. K. & Ferreira, R. S. (1993) Seismic and pressuremeter testing to determine soil modulus. 
Predictive soil mechanics. 562-580pages. 
Rokonuzzaman, M. & Sakai, T. (2010) Calibration of the parameters for a hardening-softening 
constitutive model using genetic algorithms. Computers and Geotechnics, 37 (4), 573-579. 
Sadeeq, J. A. & Clarke, B. G. (1995) Non-linear stress-strain behaviour of clay from self-boring 
pressuremeter tests. In: Ballivy, G. (ed.) Proceedings of the Pressuremeter and Its New Avenues. 
pp. 223-229. 
Salgueiro Amaral, M. J. (2006) Analysis of the observation results from lisbon metropolitan tunnels. 
Master's thesis. University of Oporto, Oporto, 332 pages (in Portuguese). 
Sánchez-Salinero, I., Roesset, J. M. & Stokoe, K. H. (1986) Analytical studies of body wave propagation 
and attenuation, Geotechnical Report No. GR86-15. Civil Engineering Department, University of 
Texas at Austin. 
Santos, M. (2008) Study of the damages in lisbon caused by the earthquake of 1755: Quantification and 
discussion. Instituto Superior Técnico, Lisbon, 166 pages (in Portuguese). 
Schanz, T., Vermeer, P. A. & Bonnier, P. G. (1999) The hardening soil model: Formulation and 
verification. In: Proceedings of the Proceedings of the International Symposium “Beyond 2000 
in Computational Geotechnics, Amsterdam, The Netherlands. pp. 281–296. 
REFERENCES 
 
 
 377 
 
Schmäh, P., Künstle, B., Handke, N. & Berger, E. (2007) Further developments and outlook for 
mechanised shaft sinking. Glückauf mining reporter, 1, 30-38. 
Schmäh, P. (2012) Innovations in mechanised shaft construction. In: Proceedings of the Proceedings of 
the 3rd Int. Conf. On Shaft Design and Construction, London, UK. IOM3, pp. 5. 
Schroeder, F. C., Addenbrooke, T. & Potts, D. M. (2002) A study of common simplifications used in three 
dimensional finite element analyses. In: Pande, G. N. and Pietruszczak, S. (eds.) Proceedings of 
the Proceedings of the 8th international symposium on numerical models in geomechanics, 
NUMOG VIII, Rome, Italy. Balkema, Rotterdam, pp. 265-270. 
Schutz, R. (2010) Numerical modelling of shotcrete for tunnelling. PhD thesis. Imperial College of 
London, London, 435 pages. 
Schwefel, H.-P. (1995) Evolution and optimum seeking. 451pages. 
Schweiger, H. F., Kummerer, C., Otterbein, R. & Falk, E. (2004) Numerical modelling of settlement 
compensation by means of fracture grouting. Soils and Foundations, 44 (1), 71-86. 
Seed, H. B. & Idriss, I. M. (1971) Simplified procedure for evaluating soil liquefaction potential. Journal 
of Soil Mechanics and Foundations Div.- ASCE, 97 (9), 1249-1273. 
Senol, A. & Saglamer, A. (2000) In The Electronic Journal of Geotechnical Engineering, Vol. 5, pp. 10. 
Shahin, M. A., Jaksa, M. B. & Maier, H. R. (2009) Recent advances and future challenges for artificial 
neural systems in geotechnical engineering applications. Advances in Artificial Neural Systems, 
2009, 9. 
Shibuya, S., Yamashita, S., Watabe, Y. & Lo Presti, D. C. F. (2004) In-situ seismic survey in characterising 
engineering properties of natural ground. In: Viana Da Fonseca, A. and Mayne, P. W. (eds.) 
Proceedings of the Geotechnical and Geophysical Site Characterization Vols 1 and 2. pp. 167-
185. 
Shirley, D. J. & Hampton, L. D. (1977) Shear-wave measurements in laboratory sediments. J. Acoust. 
Soc., 63 (2), 607-613. 
Silva, J. M. P. d. (2011) Geotechnical characterization of the miocene formations of lisbon. MSc thesis. 
University of Coimbra, Coimbra, 83 pages. 
Silvestri, V. (2006) Strain-rate effects in self-boring pressuremeter tests in clay. Canadian Geotechnical 
Journal, 43 (9), 915-927. 
Simpson, A. R. & Priest, S. D. (1993) The application of genetic algorithms to optimisation problems in 
geotechnics. Computers and Geotechnics, 15 (1), 1-19. 
Simpson, B. (1992) Retaining structures - displacement and design. Géotechnique, 42 (4), 541-576. 
Skempton, A. W. & Jones, O. T. (1944) Notes on the compressibility of clays. Quarterly Journal of the 
Geological Society, 100 (1-4), 119-135. 
Skempton, A. W. (1953) The colloidal “activity” of clays. In: Proceedings of the Proceedings of Third 
International Conference on Soil Mechanics and Foundation Engineering, Switzerland. pp. 57-
61. 
Skempton, A. W. (1986) Standard penetration test procedures and the effects in sands of overburden 
pressure, relative density, particle size, aging and overconsolidation. Géotechnique, 36 (3), 425-
447. 
Smith, P. G. C. (2003) Numerical analysis of infiltration into partially saturated soil slopes. PhD thesis. 
Imperial College, University of London, London. 
Sopko, J. A., Braun, B. & Chamberland, R. (2012) Largest frozen ground excavation in north america for 
excavation of crown pillar. In: Proceedings of the Proceedings of the 3rd Int. Conf. On Shaft 
Design and Construction, London, UK. IOM3, pp. 16. 
Sorensen, K. K. (2006) Influence of viscosity and ageing on the behaviour of clays. PhD thesis. University 
of London, London. 
Sousa Coutinho, A. G. F. & Ludovico Marques, M. A. (2006) Menard and cambridge selfboring 
pressuremeters: Correlations between mechanical parameters in lisbon miocene clayey soils. 
Geotecnia, 107, 133-142. 
REFERENCES 
 
 
 378 
 
Stanley, M., Gatward, J., Puller, D., Matta, C., Pound, C., Dobson, N., Jewell, P. & O’Connor, M. (2012) 
Design and construction of the thames water lee tunnel shafts, london - part 1: Construction of 
the shaft diaphragm walls. In: Proceedings of the Proceedings of the 3rd Int. Conf. On Shaft 
Design and Construction, London, UK. IOM3, pp. 12. 
Taborda, D., Coelho, P. A. L. F., Antunes, D. & Pedro, A. (2008) Genetic algorithms as a calibration 
method for constitutive models. In: Proceedings of the XI National Conference in Geotechnics, 
Coimbra, Portugal. pp. 8, (in Portuguese). 
Taborda, D., Pedro, A., Coelho, P. A. L. F. & Antunes, D. (2010) Impact of input data on the performance 
of a genetic algorithms-based software. In: Proceedings of the NUMGE10, Trondheim, Norway. 
pp. 6. 
Taborda, D., Pedro, A., Coelho, P. A. L. F. & Antunes, D. (2011) Impact of the integration of a hill climbing 
procedure on the performance of a genetic algorithms-based software. In: Proceedings of the 
COMGEO II, Cavtat-Dubrovnik, Croatia. pp. 11. 
Taborda, D. M. G. (2011) Development of constitutive models for application in soil dynamics. PhD thesis. 
Imperial College of London, London, 1186 pages. 
Taborda, D. M. G. (2012) Nt.Cfit v5.0: A numerical tool for curve fitting – user’s manual. 
Taborda, D. M. G. & Zdravkovic, L. (2012) Application of a hill-climbing technique to the formulation of 
a new cyclic nonlinear elastic constitutive model. Computers and Geotechnics, 43 (0), 80-91. 
Tatsuoka, F. & Shibuya, S. (1991) Deformation characteristics of soils and rocks from field and laboratory 
tests. In: Proceedings of the Proceedings of the 9th Asian Regional Conference on Soil Mechanics 
and Foundation Engineering, Bangkok. Vol: 2, pp. 101-170. 
Taylor, D. W. (1948) Fundamentals of soil mechnics. 711pages. 
Terzaghi, K. (1943) Theoretical soil mechanics. New Yorkpages. 
Theron, M., Clayton, C. R. I. & Heymann, G. (2004) The small strain stiffness of gold tailings. In: Viana Da 
Fonseca, A. and Mayne, P. W. (eds.) Proceedings of the Geotechnical and Geophysical Site 
Characterization Vols 1 and 2. pp. 575-580. 
Tobar, T. & Meguid, M. A. (2009) Distribution of active earth pressure on vertical shafts. In: Proceedings 
of the 62nd Canadian Geotechnical Conference, Halifax. pp. 6. 
Tobar, T. & Meguid, M. A. (2010) Comparative evaluation of methods to determine the earth pressure 
distribution on cylindrical shafts: A review. Tunnelling and Underground Space Technology, 25 
(2), 188-197. 
Tobar, T. & Meguid, M. A. (2011) Experimental study of the earth pressure distribution on cylindrical 
shafts. Journal of Geotechnical and Geoenvironmental Engineering, 137 (11), 1121-1125. 
Toll, D. G. (1990) Triax: User manual. pages. 
Topa Gomes, A. (2008) Elliptical shafts open by the sequential excavation method – oporto metro. PhD 
thesis. University of Porto, Porto, 372 pages (in Portuguese). 
Transport for London (2012), Vol. 2011 TfL, London. 
Tsiampousi, A. (2011) Numerical analysis of slopes in unsaturated soils. PhD thesis. Imperial College of 
London, London. 
Turk, N. & Dearman, W. R. (1986) A correction equation on the influence of length-to diameter ratio on 
the uniaxial compressive strength of rocks. Engineering Geology, 22 (3), 293-300. 
Ueno, K., Yokoyama, Y., Ohi, A. & Fujii, T. (1996) Earth pressures acting on flexible circular shafts in sand. 
In: Mair, R. J. and N., T. R. (eds.) Proceedings of the Geotechnical Aspects of Underground 
Construction in Soft Ground, London, England. pp. 237-242. 
USA Department of Agriculture (2010) Wood handbook - wood as an engineering material. 509pages. 
Vermeer, P. A., Bonnier, P. G. & Moller, S. C. (2002) On a smart use of 3d-fem in tunnelling. In: Pande, 
G. N. and Pietruszczak, S. (eds.) Proceedings of the Proceedings of the 8th international 
symposium on numerical models in geomechanics, NUMOG VIII, Rome, Italy. Balkema, 
Rotterdam, pp. 361-366. 
REFERENCES 
 
 
 379 
 
Viana da Fonseca, A., Ferreira, C. & Fahey, M. (2009) A framework interpreting bender element tests, 
combining time-domain and frequency-domain methods. Geotechnical Testing Journal, 32 (2), 
91-107. 
Viggiani, G. & Atkinson, J. H. (1995a) Interpretation of bender element tests. Géotechnique, 45 (1), 149-
154. 
Viggiani, G. & Atkinson, J. H. (1995b) Stiffness of fine-grained soil at very small strains. Géotechnique, 45 
(2), 249-265. 
Vincenza, F., Enrico, F., Giordano, R. & Astore, G. (2012) Three case-histories deal with design and 
construction of large shafts. In: Proceedings of the Proceedings of the 3rd Int. Conf. On Shaft 
Design and Construction, London, UK. IOM3, pp. 10. 
Walz, B. (1973) Left bracket apparatus for measuring the three-dimensional active soil pressure on a 
round model caisson right bracket. Baumasch. Bautech., 20 (9), 339-344. 
Weise, T. (2009) Global optimization algorithms: Theory and application. 451pages. 
Whittle, R. W., P., D. J. C. & G., H. P. (1993) Shear modulus and strain excursion in the pressuremeter 
test. In: T., H. G. and Schofield, A. N. (eds.) Proceedings of the Predictive Soil Mechanics. pp. 768-
782. 
Whittle, R. W. (1999) Using non-linear elasticity to obtain the engineering properties of clay - a new 
solution for the self boring pressuremeter test. Ground Engineering, 32 (5), 30-34. 
Wilkinson, S. (2011) The microstructure of uk mudrocks. PhD thesis. Imperial College of London, London, 
385 pages. 
Windle, D. & Wroth, C. P. (1977) The use of a self-boring pressuremeter to determine the undrained 
properties of clays. Ground Engineering, 10 (6), 37-46. 
Wisser, C., Augarde, C. E. & Burd, H. J. (2005) Numerical modelling of compensation grouting above 
shallow tunnels. International Journal for Numerical and Analytical Methods in Geomechanics, 
29 (5), 443-471. 
Wong, R. C. K. & Kaiser, P. K. (1988) Design and performance evaluation of vertical shafts - rational shaft 
design method and verification of design method. Canadian Geotechnical Journal, 25 (2), 320-
337. 
Wroth, C. P. (1984) The interpretation of in situ soil tests. Géotechnique, 34 (4), 449-489. 
Yazdi, J. S., Kalantary, F. & Yazdi, H. S. (2012) Calibration of soil model parameters using particle swarm 
optimization. International Journal of Geomechanics, 12 (3), 229-238. 
Yokota, K. & Konno, M. (1985) Comparison of soil constants obtained from laboratory tests and in situ 
tests. In: Proceedings of the Proceedings of the Symposium on Evaluation of Deformation and 
Strenght of Sandy Grounds. Japanese Society of Soil Mechanics and Foundation Engineering. pp. 
111-114, (in Japanese). 
Zolfaghari, A. R., Heath, A. C. & McCombie, P. F. (2005) Simple genetic algorithm search for critical non-
circular failure surface in slope stability analysis. Computers and Geotechnics, 32 (3), 139-152. 
 
 
 
 
 
 
 
REFERENCES 
 
 
 380 
 
 
 
 
 
  
 381 
 
APPENDIX A 
ANALYTICAL SOLUTIONS TO DETERMINE THE ACTIVE 
EARTH PRESSURE ACTING ON CYLINDRICAL SHAFTS 
A.1 INTRODUCTION 
This appendix presents 5 different analytical solutions proposed in the literature to determine the 
active earth pressure acting on a cylindrical shaft. Firstly, the equations and assumptions of each 
method are displayed and discussed. Finally, a comparison between their results and the classic 
theories for plane strain conditions is performed. It should be noted that all analytical solutions 
presented assume an active stress state for the estimation of the earth pressure which might be 
unreasonable and incompatible with the level of displacements existent around the shaft. 
A.2 TERZAGHI (1943) 
One of the first analytical solutions to determine the active earth pressure acting on a cylindrical shaft 
was proposed by Terzaghi (1943). This theory considers a shaft with infinite depth and is based on the 
limit equilibrium of a sliding cylindrical wedge of radius, r (Figure A.1). The minimum pressure, Pa, 
required to prevent instability is determined assuming the soil behaves according with the Mohr-
Coulomb yielding criterion for cohesionless soils and that both circumferential and vertical stress are 
principal stresses and have equal magnitude (𝜆 = 1). However, in order to account for the effect of 
nonzero shear stresses, Terzaghi (1943) proposed the use of a reduced angle of shearing resistance for 
the soil (equation A.5). 
The active pressure can be determined using equation A.1 where  represents the unit weight of the 
soil and the active earth pressure coefficient Ka is given by equation A.2. However, in order to obtain 
the minimum pressure, pa, it is also required to determine the critical ratio between the radius of the 
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yielding zone and the radius of the shaft,𝑛𝑖 = 𝑟/𝑎, which can the calculated by solving equation A.6 for 
each depth value, h. 
 
Figure A.1 – Diagrams illustrating the assumptions adopted by Terzaghi (1943) to determine the earth pressure 
acting on a cylindrical shaft 
 𝑝𝑎 = 𝐾𝑎𝛾 ∙ 𝛾 ∙ ℎ A.1 
 
𝐾𝑎𝛾 =
1
𝜀
∙
𝑁𝜙 − (𝑁𝜙 − 2) ∙ 𝑛𝑖
2
𝑁𝜙 + 𝑛𝑖
(𝑁𝜙+1)
 A.2 
where: 
 𝑁𝜙 = tan
2(45 + 𝜙∗/2) A.3 
 
𝜀 =
2 ∙ 𝑁𝜙
𝑁𝜙 + 1
 A.4 
 𝜙∗ = 𝜙′ − 5 A.5 
 
 𝑛𝑖
𝑁𝜙 ∙ [𝑎 ∙ 𝜀 ∙ 𝑛𝑖
3 ∙ (𝑁𝜙 − 1) + tan𝜙
∗ ∙ ℎ ∙ 𝑛𝑖
2 ∙ (𝑁𝜙 − 2) − 𝑎 ∙ 𝜀 ∙ 𝑛𝑖 ∙ (𝑁𝜙 + 1)
− tan𝜙∗ ∙ ℎ ∙ 𝑛𝑖] + 2 ∙ 𝑎 ∙ 𝜀 ∙ 𝑛𝑖
2 = 0 
A.6 
A.3 BEREZANTZEV (1958) 
Probably the most used analytical solution to determine the active earth pressure acting on a cylindrical 
shaft was proposed by Berezantzev (1958). In this method the shaft is also considered as being infinitely 
long, although the sliding soil forms in this case a conical surface defined by a set of straight slip lines 
(Figure A.2). The Mohr-Coulomb failure criterion was also adopted by Berezantzev (1958) and the 
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governing partial differential equations established were solved using the Sokolovski step-by-step 
method. However, just like in the previous method, Berezantzev (1958) also considered in the analysis 
that the circumferential and vertical stresses were equal (𝜆 = 1) to the major principal stress.  
The active earth pressure can be determined using equation A.7 in which c’ represents the cohesion of 
the soil and q any surcharge load at the ground surface. The earth pressure coefficients for the self 
weight (Ka), cohesion (Kac) and surcharge (Kaq) can be calculated using equations A.8 to A.10, 
respectively (Cheng et al. (2008)). 
 
Figure A.2 – Slip lines assumed by Berezantzev (1958) to determine the earth pressure acting on a cylindrical 
shaft 
 𝑝𝑎 = 𝐾𝑎𝛾 ∙ 𝛾 ∙ ℎ + 𝐾𝑎𝑐 ∙ 𝑐′ + 𝐾𝑎𝑞 ∙ 𝑞 A.7 
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𝑎
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−
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) 
A.8 
 
𝐾𝑎𝑐 = (
1 − 𝜆 + 𝜂
𝜂
−
1
𝑟𝑏
𝜂 ∙ tan
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𝜙
2
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1
tan (𝜙)
 
A.9 
 
𝐾𝑎𝑞 =
1
𝑟𝑏
𝜂 ∙ tan
2 (45 −
𝜙
2
) A.10 
where: 
 𝜂 = tan2(45 + 𝜙/2) − 1 A.11 
 
𝑟𝑏 = 1 +
ℎ
𝑎
∙ tan (45 −
𝜙
2
) A.12 
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A.4 PRATER (1977) 
Prater (1977) proposed an analytical solution based on the limit equilibrium of a conical surface similar 
to the defined by Berezantzev (1958) (Figure A.3). However, Prater (1977) argued that the stress ratio 
between the circumferential and vertical stresses, , is an important parameter and should not be 
considered as 1 but variable between Ka and K0 (defined as proposed by Rankine (1857) and Jaky (1944), 
respectively). This suggestion has been contested by Cheng et al. (2008) who, based on their results, 
proposed the use of a value between K0 and 1 instead. The assumption of a variable stress ratio, , led 
to the introduction in the analysis of a circumferential force, T (Figure A.3), which is zero at the ground 
surface and tends to increase significantly with depth. The unlimited value of this force is responsible 
for unrealistic results of zero support pressure required for the stability of a deep shaft beyond a certain 
depth (Wong & Kaiser, 1988). As a consequence the method is described by Wong and Kaiser (1988) as 
being too conservative at shallow depths and non-conservative at greater depths.  
 
Figure A.3 – Diagrams illustrating the assumptions adopted by Prater (1977) to determine the earth pressure 
acting on a cylindrical shaft 
The expression proposed by Prater (1977) (equation A.13) only takes into account the self weight of the 
soil since in the derivation of the limit equilibrium equations the soil was considered to be a cohesionless 
material and no surcharge loading was assumed at the ground surface. The earth pressure coefficient, 
Ka, can be calculated using equation A.14, where  is the inclination to the horizontal of the conical 
surface (Figure A.3) which can be determined for a given depth, h, by solving equation A.15. 
 𝑝𝑎 = 𝐾𝑎𝛾 ∙ 𝛾 ∙ ℎ A.13 
 
𝐾𝑎𝛾 =
tan (𝛼 − 𝜙)
tan (𝛼)
+
ℎ
2 ∙ tan (𝛼)
∙ (
tan (𝛼 − 𝜙)
tan (𝛼)
− 𝜆) 
A.14 
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ℎ
𝑎
=
3 ∙ (
sin (2 ∙ 𝛼)
sin (2 ∙ (𝛼 − 𝜙))
− 1)
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sin (2 ∙ (𝛼 − 𝜙))
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1
tan (𝛼)
− 𝜆 ∙
1
tan (𝛼 − 𝜙)
 A.15 
A.5 CHENG ET AL. (2008) 
More recently Cheng et al. (2008) extended Berezantzev’s slip lines solution and proposed new 
expressions for the case where the circumferential-vertical stress ratio, , is different than 1. They also 
suggested that an envelope for the earth pressure acting on a cylindrical shaft could be obtained if  
was considered equal to K0 and 1. The general expression (equation A.16) is similar to that presented 
by Berezantzev (1958), although in this case the earth pressure coefficients (equations A.17 to A.19) 
include the stress ratio  as a new parameter. 
 𝑝𝑎 = 𝐾𝑎𝛾 ∙ 𝛾 ∙ ℎ + 𝐾𝑎𝑐 ∙ 𝑐′ + 𝐾𝑎𝑞 ∙ 𝑞 A.16 
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where: 
 𝜂 = 𝜆 ∙ tan2(45 + 𝜙 2⁄ ) − 1 A.20 
 
𝑟𝑏 = 1 +
ℎ
𝑎
∙ tan (45 −
𝜙
2
) A.21 
 𝜀 = (1 − 𝜆) ∙ 𝜂−1 ∙ tan2(45 + 𝜙 2⁄ ) + 1 A.22 
A.6 LIU ET AL. (2009) 
A further extension of the Berezantzev’s slip lines solution was presented by Liu et al. (2009a) in which 
is possible to consider the slope of the backfill (), the inclination of the wall () (Figure A.5) and, more 
notably, a friction angle at the soil-shaft interface (). With the introduction of these new parameters 
the complexity of the resolution of the partial differential equations increased significantly and, due to 
the possible negative inclination of the backfill, two different modes of failure were identified (Figure 
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A.6). However, this more generalised solution has one limitation since it assumes that the 
circumferential-vertical stress ratio, , is equal to 1. 
 
Figure A.4 – Definition of the parameters used in the analytical method proposed by Liu et al. (2009a) for 
determine the earth pressure acting on a cylindrical shaft 
  
 a) b) 
Figure A.5 – Failure mechanisms assumed by Liu et al. (2009a): a) Case I; b) Case II 
The general expression for the evaluation of the active earth pressure acting on a cylindrical shaft is 
equivalent to the proposed by some of the previous methods presented (equation A.23). However, 
before determining the earth pressure coefficients is necessary to identify the mode of failure of the 
soil. If 𝜓𝐴 ≤ 𝜓𝐷 (equations A.24 and A.25) the failure mechanism is identified as Case 1 (Figure A.6a)) 
and the coefficients are calculated from equations A.26 to A.28. If 𝜓𝐴 > 𝜓𝐷 Case 2 is observed and the 
equations used should be A.29 to A.31. Equations A.32 to A.49 define the multiple variables required 
for the evaluation of the different earth pressure coefficients. 
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 𝑝𝑎 = 𝐾𝑎𝛾 ∙ 𝛾 ∙ ℎ + 𝐾𝑎𝑐 ∙ 𝑐′ + 𝐾𝑎𝑞 ∙ 𝑞 A.23 
 𝜓𝐴 =
𝜋
2
+ 2 A.24 
 𝜓𝐷 =
𝜋
2
+ 𝛽 − 0.5 ∙ (𝛿 − arcsin(sin(δ)/ sin(𝜙))) A.25 
(a) Case 1 
 
𝐾𝑎𝛾 =
𝑓4
ℎ
∙ [(𝑓1 ∙ 𝑓3 ∙ 𝑟𝐵 ∙ ((
𝑟𝐵
𝑟𝐴
)
𝜆−1
− 1) +
𝑧𝐶 − 𝑧𝐵
1 + 𝑠𝑖𝑛(𝜙)
) ∙ (
𝑟𝐷
𝑟𝐶
)
𝜅
+ 𝑓2 ∙ 𝑟𝐷
∙ ((
𝑟𝐷
𝑟𝐶
)
𝜅−1
− 1)] 
A.26 
 𝐾𝑎𝑞 =
𝑓3 ∙ 𝑓4
1 + 𝑠𝑖𝑛(𝜙)
∙ (
𝑟𝐵
𝑟𝐴
)
𝜆
∙ (
𝑟𝐷
𝑟𝐶
)
𝜅
 
A.27 
 𝐾𝑎𝑐 =
𝐾𝑎𝑞 − 1
𝑡𝑎𝑛 (𝜙)
 
A.28 
(b) Case 2 
 𝐾′𝑎𝛾 =
𝑓4
ℎ
∙ [(𝑓1 ∙ 𝑓5 ∙ 𝑟′𝐵 ∙ ((
𝑟′𝐵
𝑟′𝐴
)
𝜆−1
− 1)) ∙ (
𝑟𝐷
𝑟′𝐵
)
𝜅
+ 𝑓2 ∙ 𝑟𝐷 ∙ ((
𝑟𝐷
𝑟′𝐵
)
𝜅−1
− 1)] 
A.29 
 𝐾′𝑎𝑞 =
𝑓4 ∙ 𝑓5
1 + 𝑠𝑖𝑛(𝜙)
∙ (
𝑟′𝐵
𝑟′𝐴
)
𝜆
∙ (
𝑟𝐷
𝑟′𝐵
)
𝜅
 
A.30 
 𝐾′𝑎𝑐 =
𝐾′𝑎𝑞 − 1
𝑡𝑎𝑛 (𝜙)
 
A.31 
where: 
 
𝑓1 =
𝑠𝑖𝑛(𝜀 − 𝜇)
(𝜆 − 1) ∙ 𝑠𝑖𝑛(𝜀 + 𝜇) ∙ 𝑐𝑜𝑠(𝜙)
 A.32 
 
𝑓2 =
𝑠𝑖𝑛(𝑚 − 𝜇)
(𝜅 − 1) ∙ 𝑠𝑖𝑛(𝑚 + 𝜇) ∙ 𝑐𝑜𝑠(𝜙)
 A.33 
 𝑓3 = 𝑒
2∙(𝜓𝐴−𝜓𝐷)∙𝑡𝑎𝑛(𝜙) A.34 
 𝑓4 = 1 − sin(𝜙) ∙ cos(δ − arcsin(sin(δ)/ sin(𝜙))) A.35 
 
𝑓5 =
sin(2 ∙ (𝜓𝐴 − 𝜔))
sin(2 ∙ (𝜓𝐷 − 𝜔))
 A.36 
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𝑟𝐴 = 𝑎 + ℎ ∙
cos(𝜀) ∙ cos (𝜙 + 𝜇 + 0.5 ∙ (𝛿 − arcsin(sin(δ)/ sin(𝜙))))
cos(𝜇) ∙ cos(𝛽)
∙ 𝑒(𝜓𝐴−𝜓𝐷)∙𝑡𝑎𝑛(𝜙/2) A.37 
 
𝑟′𝐴 = 𝑎 + ℎ ∙
cos(𝜀) ∙ sin(𝜓𝐴 + 𝜇 − 𝜔)
cos(𝛽) ∙ sin(𝜋/4 + 𝜙/2)
∙
sin (𝜇 − 0.5 ∙ (𝛿 − arcsin(sin(δ)/ sin(𝜙))))
cos (𝜇 + 𝛽 − 𝜔 − 0.5 ∙ (𝛿 − arcsin(sin(δ)/ sin(𝜙))))
 
A.38 
 
𝑟𝐵 = 𝑎 + ℎ ∙
𝑐𝑜𝑠(𝜓𝐴 − 𝜇)
cos(𝛽)
∙
cos (𝜙 + 𝜇 + 0.5 ∙ (𝛿 − arcsin(sin(δ)/ sin(𝜙))))
cos(𝜙)
∙ 𝑒(𝜓𝐴−𝜓𝐷)∙𝑡𝑎𝑛(𝜙/2) 
A.39 
 
𝑟′𝐵 = 𝑎 + ℎ ∙
𝑐𝑜𝑠(𝜔)
cos(𝛽)
∙
sin (𝜇 − 0.5 ∙ (𝛿 − arcsin(sin(δ)/ sin(𝜙))))
cos (𝜇 + 𝛽 − 𝜔 − 0.5 ∙ (𝛿 − arcsin(sin(δ)/ sin(𝜙))))
 A.40 
 
𝑟𝐶 = 𝑎 + ℎ ∙
𝑐𝑜𝑠(𝜓𝐷 − 𝜇)
cos(𝛽)
∙
cos (𝜙 + 𝜇 + 0.5 ∙ (𝛿 − arcsin(sin(δ)/ sin(𝜙))))
cos(𝜙)
 A.41 
 𝑟𝐷 = 𝑎 − ℎ ∙ tan(𝛽) A.42 
 𝑧𝐶 = (𝑟𝐶 − 𝑎) ∙ tan(𝜓𝐷 − 𝜇) A.43 
 𝑧𝐵 = (𝑟𝐵 − 𝑎) ∙ tan(𝜓𝐴 − 𝜇) A.44 
 𝜇 = 𝜋/4 − 𝜙/2 A.45 
 
𝜆 = (1 −
sin(𝜀 − 𝜇)
sin(𝜀 + 𝜇)
) ∙ tan(𝜙) ∙ tan (
𝜋
4
+
𝜙
2
) A.46 
 𝑚 = 𝛽 − 0.5 ∙ (𝛿 − arcsin(sin(δ)/ sin(𝜙))) A.47 
 
𝜅 = (1 −
sin(𝑚 − 𝜇)
sin(𝑚 + 𝜇)
) ∙ tan(𝜙) ∙ tan (
𝜋
4
+
𝜙
2
) A.48 
 𝜔 = 0.5 ∙ (𝜓𝐴 +𝜓𝐷 − 𝑎𝑟𝑐𝑜𝑠(sin(𝜙) ∙ cos(𝜓𝐷 −𝜓𝐴))) A.49 
A.7 COMPARISON BETWEEN ANALYTICAL SOLUTIONS 
In order to compare the results obtained using the 5 different solutions presented above a parametric 
study was performed. For this purpose a soil with an angle of shear resistance of 35º and a cohesion of 
0 kPa was employed in all methods. A levelled ground surface, without the presence of any surcharge, 
and a vertical shaft was also assumed. For the solutions proposed by Prater (1977) and Cheng et al. 
(2008) two distributions of the active earth pressure were determined considering a circumferential-
vertical stress ratio, , given by K0 and 1, in order to assess the influence of this parameter. For the Liu 
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et al. (2009a) method two analyses were also considered, one with a zero friction angle and one with 
an angle of 15º. The evolution of the normalised active earth pressures (Pa/h) with the normalised 
depth (h/a) is presented in Figure A.6 for all the referred cases. In the same figure is plotted the active 
and at-rest earth pressure determined for the plane strain conditions using the Rankine (1857) and Jaky 
(1944) proposals. 
The results show that all the solutions for cylindrical shafts estimate an active earth pressure lower than 
that obtained by the plane strain theories, particularly for greater depths. This result might be justified 
by the horizontal arching developed around the shaft which tends to increase the circumferential stress 
and consequently contributes to the stabilisation of the shaft. According to Cheng et al. (2007) the value 
of the circumferential-vertical stress ratio () tends to increase from K0 to 1 during the shaft construction 
while the radial-vertical stress ratio tends to decrease from K0 to Ka. 
As expected the active earth pressures calculated by the Berezantzev (1958), Cheng et al. (2008) and Liu 
et al. (2009a) methods give the same results when the stress ratio  is equal to 1. For the same stress 
ratio it is possible to observe that Terzaghi’s theory estimate the highest earth pressure distribution, 
although it should be noted that in this method a reduced angle of shear resistance was used for the 
soil as proposed by equation A.5. As mentioned previously the solution presented by Prater (1977) 
predicts a different earth pressure distribution which initially increases with depth, to a value similar to 
the other theories, and then becomes unrealistically zero. In contrast, the other methods estimate an 
almost constant active earth pressure for greater depths.  
From the obtained results it is possible to observe that the stress ratio value has an important impact in 
the estimated active earth pressures. For a value equal to K0 (lower than 1) a significant increase in the 
pressures was observed for both the Prater (1977) and Cheng et al. (2008) methods, with the pressures 
approaching the plane strain values. These results show the importance of the horizontal arching of the 
soil in the estimation of the minimum required pressure to maintain the stability of the shaft. The 
envelope defined by the two analyses performed using the Cheng et al. (2008) theory should provide a 
reasonable assessment of the level of earth pressures acting on the shaft.  
Finally the analysis considering friction between the soil and the wall revealed a slightly lower active 
earth pressure, which might be justified since the earth pressure acting on the wall is inclined in this 
case and consequently the horizontal component is smaller. 
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Figure A.6 – Comparison between the active earth pressures acting on a cylindrical shaft determined by 5 
different analytical solutions 
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APPENDIX B 
PARTICLE SIZE DISTRIBUTION 
B.1 INTRODUCTION 
This appendix contains the results of the comparison between the laser diffraction (L) and the 
sieving and sedimentation (S) methods usually used for the evaluation of the particle size 
distribution in soils. With the purpose of identify which method was more suitable 9 samples, collected 
from different depths, were initially tested according to the principles defined by the BS 1377-2 of 1990 
and by the BS ISO 13320 of 2009 for the sieving and sedimentation methods (S) and for the laser 
diffraction method (L), respectively. The tests with the laser diffraction method were performed at the 
LS-DCT-UC using a Beckman Coulter LS230 granulometer while the other tests were conducted at the 
LG-DEC-UC. The results of the laser diffraction method were obtained as the average of at least 3 
analyses to minimise the known problems of reproducibility (Goossens, 2008). 
B.2 PARTICLE SIZE DISTRIBUTION CURVES 
 
a) b) 
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(cont.) 
 
 c) d) 
 
 e) f) 
 
 g) h) 
 
 
APPENDIX B: PARTICLE SIZE DISTRIBUTION B 
 
 
 393 
 
(cont.) 
 
i) 
Figure B.1 – Particle size distribution curves: a) 2 m; b) 7 m; c) 10 m; d) 18 m; e) 25 m; f) 28 m; g) 33 m; h) 36 m; 
i) 40 m 
B.3 COMPARISON OF RESULTS 
Table B.1 – Comparison of the results between the laser diffraction and the sieving and sedimentation method 
Depth (m) Borehole Lithology 
Laser diffraction (L) Sieving and sedimentation (S) 
Sand (%) Silt (%) Clay (%) Sand (%) Silt (%) Clay (%) 
2 B1 Fill 83 16 1 90 8 2 
7 B1 Top AE 12 81 7 29 53 18 
10 B1 Top AE  32 62 6 53 37 10 
18 B2 Lower AE 65 31 4 83 14 3 
25 B1 Lower AE 49 46 5 67 24 9 
28 B2 Lower AE 79 20 2 89 9 2 
33 B1 Lower AE 91 8 1 95 2 3 
36 B1 AP 11 82 7 13 61 26 
40 B1 AP 59 38 3 12 67 21 
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APPENDIX C 
MINERALOGICAL TESTS 
C.1 INTRODUCTION 
This appendix contains the results of the two types of mineralogical tests that were performed on 
samples collected from different depths at the Ivens shaft site. The X-ray diffraction test was used 
to identify the existent minerals while a polarized light microscope was used to observe thin 
sections of the relevant formations. The tests were conducted at LS-DCT-UC, under the supervision of 
the author, and followed the rigorous protocol established by the Sedimentology Laboratory for the 
samples preparation and for the execution of the tests. 
C.2 X-RAY DIFFRACTION TESTS 
C.2.1 INTRODUCTION 
The X-Ray diffraction test (XRD) is widely employed to identify the type of minerals present in soils. The 
analysis can be conducted on a representative sample of soil (total sample), but it is more common to 
use only the finer fraction since some of the clay minerals within it affect significantly the behaviour of 
the soil (Skempton, 1953; Mitchell & Soga, 2005) and might be disguised if a complete sample is used. 
By applying X-rays with different wavelengths to a given sample it is possible to estimate the minerals 
present by measurement of the resultant diffraction angle () (Moore & Reynolds, 1997). Based on this 
angle and on the wavelength () it is possible to determine the interplanar distance (d) by employing 
Bragg’s law (equation C.1), where n (an integer) represents the order of the reflection. The mineral 
associated with the determined interplanar distance, usually measured in angstroms (Å), is identified 
by comparing the result with standard reference patterns of known materials (using for instance the 
database provided by the International Centre Diffraction Data - ICDD).  
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 𝑛 ∙ 𝜆 = 2 ∙ 𝑑 ∙ sin (𝜃) C.1 
For the diffraction to occur at its maximum intensity it is necessary that the crystals of the minerals are 
correctly orientated, which can be achieved through a complex sample preparation techniques that 
involve reducing the sample to a powder and centrifugating it (Moore & Reynolds, 1997). Then the 
sample is introduced in a diffractometer that has the capacity of scanning through a range of 2 angles 
while satisfying the Bragg’s law. The diffracted X-rays obtained in all positions are then processed, 
counted and presented in a diffractogram. By analysing the peaks of the graph it is possible to identify 
the minerals present as well as perform a semi-quantitative interpretation of the distribution of the 
minerals within the sample.  
The analysis of the diffractogram can became complex since most of the minerals have multiple 
reflections which might overshadow, particularly when a total sample is used, other crystals present in 
smaller amounts (Moore & Reynolds, 1997). This problem is usually minimised by performing tests 
adding specific pre-treatments to the samples or by isolating, if possible, the fraction to study (Pansu & 
Gautheyrou, 2006; Harris & White, 2008). Another limitation concerns the quantitative determination 
of the amount of minerals since the intensity peaks measured in the diffractogram cannot be directly 
expressed in terms of percentages. These peaks depend on several factors, such as the mass absorption 
coefficient, the particle orientation and weight or even the surface texture of the sample (Mitchell & 
Soga, 2005), and consequently the diffraction is not constant among the different minerals. Several 
methods have been proposed to overcome this difficulty, although none of them might be considered 
totally correct (Kahle et al., 2002). The methodology more commonly employed is the Mineral Intensity 
Factors (MIFs) in which weights are used for each mineral to correct for the existing diffraction 
differences between them. The weights can be experimentally determined using standard mineral 
samples composed of known quantities (Moore & Reynolds, 1997). The quantification of the amount of 
minerals using this methodology generally assumes the so-called 100 % approach, which supposes that 
the sums of all quantities visible in the diffractogram are identified and equal to 100 % (Kahle et al., 
2002). This assumption might not be correct since, depending on the orientation of the particles relative 
to the X-ray, it is possible that no diffraction occurs for some particles. For these reasons it is usual to 
refer to the XRD interpretation as being semi-quantitative and only useful as a reference (Kahle et al., 
2002; Mitchell & Soga, 2005). 
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C.2.2 APPARATUS AND SAMPLE PREPARATION 
The XRD tests were performed in the LS-DCT-UC using a Phillips PW3710 X-ray diffractometer (Figure 
C.1a)). The apparatus is capable of rotating the sample and the counter from  to 2 while satisfying the 
Bragg’s law. An anti-cathode of cooper was used for the emission of the X-rays which enabled 
wavelengths varying from 1.54056 to 1.54439 Å to be generated. The range of angles measured varied 
between 0 and 60º with a step of 0.02º and an acquisition time of 1 second. The analysis and post-
processing of the results was performed using the internal software of the diffractometer and a code 
developed by Correia (2011).  
In order to identify the minerals existent in the Ivens shaft site 7 samples were tested. These were 
collected from the 3 relevant formations (3 in the AE formation, 2 in the limestone layer and 3 in the AP 
formation) and at the depths displayed in Table C.1. Each sample was initially divided into two parts that 
were used to perform 4 tests. The first part was employed in the so-called total sample test where a 
representative portion of the entire soil was analysed. The second portion of the initial sample was used 
in 3 tests where only the clay fraction was used. To isolate the clay fraction it was necessary initially to 
dissolve, using acids, the sample in order to remove all the carbonates content. Subsequently, the soil 
was disaggregated and reduced to powder carefully to avoid breaking particles. The third step consisted 
in the dispersion and deflocculation of the soil using water and sodium hexametaphosphate. The 
solution was then centrifuged and finally spread with a pipette onto 3 glass slides (Figure C.1b)). The 
first was used to analyse the sample without any treatment at a temperature of 25ºC. The second 
sample was exposed to glycol for 48 hours and only after was tested. The third glass slide was heated in 
the oven to 550ºC before the test was undertaken. The preparation of the total sample is simpler since 
it only involves the disaggregation of the soil and subsequent deposition of the powder into a cavity of 
a hollow support (Figure C.1b)). 
  
a) b) 
Figure C.1 – a) Diffractogram used in the analysis – Phillips PW3710; b) sample prepared for XRD test 
APPENDIX C: MINERALOGICAL TESTS C 
 
 
 398 
 
C.2.3 PRINCIPAL MINERALS IDENTIFIED 
Table C.1 – Distribution of minerals for the different lithologies existent in the Ivens shaft site 
Depth 
(m) 
Borehole Lithology 
Mineral (%) 
Smectite 
(Sm) 
Chlorite 
(Ch) 
Mica-Illite 
(M-I) 
Kaolinite 
(Ka) 
Quartz 
(Qz) 
Feldspar 
(Fr) 
Calcite 
(Ca) 
Dolomite 
(Do) 
7 B1 Top AE 2.8 0.0 7.3 3.2 67.0 14.5 5.2 0.0 
14 B2 Limestone 1.2 0.0 1.8 0.4 53.7 3.1 39.8 0.0 
16 B1 Limestone 1.3 0.0 1.2 0.3 70.5 5.5 21.2 0.0 
18 B2 Lower AE 2.6 0.0 2.0 0.3 63.0 24.5 6.2 1.4 
25 B1 Lower AE 12.4 0.0 12.0 4.1 39.4 19.6 11.6 0.9 
36 B1 AP 14.2 1.1 12.0 6.1 49.4 14.1 3.1 0.0 
40 B1 AP 5.0 1.1 9.5 4.9 69.2 10.3 0.0 0.0 
C.2.4 DIFFRACTOGRAMS OF THE TOTAL SAMPLES 
 
b) b) 
 
 c) d) 
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(cont.) 
 
 e) f) 
 
g) 
Figure C.2 – Diffractogram obtained from the XRD tests for the total sample: a) 7 m; b) 14 m; c) 16 m; d) 18 m; 
e) 25 m; f) 36 m; g) 40 m 
C.2.5 DIFFRACTOGRAMS OF THE CLAY FRACTION 
 
a) b) 
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(cont.) 
 
 c) d) 
 
 e) f) 
 
g) 
Figure C.3 – Diffractogram obtained from the XRD tests for the clay fraction: a) 7 m; b) 14 m; c) 16 m; d) 18 m; 
e) 25 m; f) 36 m; g) 40 m 
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C.3 POLARISED LIGHT MICROSCOPE 
C.3.1 INTRODUCTION 
In order to evaluate the structure of the soil formations at the Ivens shaft site several thin sections of 
soil were prepared for observation in a polarised light microscope. This equipment, through the 
polarisation of a monochromatic beam of light and with the use of multiple lenses and filters is capable 
of amplify the view of the thin sections enabling the visualisation of the minerals and structure of the 
soil. The beam of light can be crossed or planed polarised depending on whether an analyser is used or 
not in connection with the polariser. The use of crossed-polarisation increases the definition of the 
image since the beam of light is forced to follow a single line and not a plane as it happens in the planed-
polarised case. However, the choice of which type of polarisation to use depends on the minerals 
present in the soil and on the contrast obtained between them. The images displayed in this study were 
mainly taken using planed-polarisation although in some cases the crossed-polarisation was also 
employed. 
C.3.2 THIN SECTIONS PREPARATION 
In order to have a high-quality visualisation it is necessary to prepare adequately the thin section of the 
soil. The samples were initially cut following a horizontal and a vertical plane and a thin section was 
prepared in each direction. Due to the delicate structure of the formations it was decided to impregnate 
the samples with an epoxy resin to avoid any structural damage and disintegration during the grinding 
process (Humphries, 1992). Since the resin is hydrophobe it was necessary before the treatment can be 
applied to remove the water by air drying the sample. After impregnation the sample was cut with a 
saw and then polished until a flat and smooth surface was obtained. Subsequently this face was glued 
using the same resin to a transparent glass. The other side of the sample was then grinded until a 
thickness of around 30 m was obtained. Finally, this face was polished and glued to another 
transparent glass. The final aspect of the thin sections can be observed in Figure C.4. 
 
Figure C.4 – Thin sections prepared for the polarised light microscope 
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C.3.3 IMAGES OF THE AE FORMATION 
  
 a) b) 
Figure C.5 – Plane-polarised light microscope images of the AE formation – 7 m depth: a) vertical direction; 
horizontal direction 
  
 a) b) 
Figure C.6 – Plane-polarised light microscope images of the AE formation – 25 m depth: a) vertical direction; 
horizontal direction 
C.3.4 IMAGES OF THE LIMESTONE LAYER 
  
 a) b) 
Figure C.7 – Plane-polarised light microscope images of the AE formation – 14 m depth: a) vertical direction; 
horizontal direction 
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 a) b) 
Figure C.8 – Plane-polarised light microscope images of the AE formation – 16 m depth: a) vertical direction; 
horizontal direction 
C.3.5 IMAGES OF THE AP FORMATION 
  
 a) b) 
Figure C.9 – Plane-polarised light microscope images of the AE formation – 36 m depth: a) vertical direction; 
horizontal direction 
  
 a) b) 
Figure C.10 – Crossed-polarised light microscope images of the AE formation – 40 m depth: a) vertical direction; 
b) horizontal direction 
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APPENDIX D 
OEDOMETER AND TRIAXIAL TESTS 
D.1 INTRODUCTION 
This appendix contains the description of the methodology and procedures adopted in the oedometer 
and triaxial tests performed. The apparatus used are presented in detail and the limitations are 
discussed focusing on the possible sources of errors. The resolution and calibration constants of all the 
instruments employed are also presented in this Appendix. The individual laboratory sheets of the 
isotropic compression tests and of the triaxial tests performed are also displayed. These sheets present 
all the relevant information regarding the initial and final conditions of the samples as well as the 
principal results obtained. The problems experienced during the execution of the tests are also referred 
in the observations field so that the interpretation of the results can take them into account.  
D.2 OEDOMETER TESTS 
The oedometer test, through the application of vertical loads to a laterally confined sample, reproduce 
in the laboratory the one-dimensional compression phenomenon, since the strains and the water flow 
can only occur in the vertical direction. From the interpretation of results of the test it is possible to 
estimate the deformation caused by the compression of the soil when loaded as well as the time 
required for those settlements to take place (Taylor, 1948). 
The conventional oedometer apparatus consists on a consolidation cell where a rigid ring with the 
sample inside is placed in a water bath to prevent drying and to allow absorption of water during the 
compression and swelling stages, respectively. The ratio between the diameter and the height of the 
rigid ring is usually higher than two to minimise the effects of friction between soil and steel (Bishop & 
Henkel, 1962). The load, usually weights located on a lever arm connected to the apparatus through a 
beam, is transmitted to the top cap of the sample by a loading yoke (Figure D.1). A conventional test 
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has several loading and unloading stages in which the load remains constant for periods of typically 24h. 
During this time measurements of the vertical deformations are recorded manually or automatically. 
The compressibility and consolidation properties of the AP formation were evaluated by the 
performance of 3 oedometer tests. The high pressure oedometer of the LG-DEC-UC was employed since 
this apparatus has a beam ratio of 11:1 that allows the application of a load of nearly 25 MPa, which is 
more than 30 times greater than the expected field stress, on a sample with 50 mm diameter and 19 mm 
height. In order to prepare the samples the rigid ring was first pushed into the soil using an extruder. 
Then, the soil in excess was cut and trimmed until flat surfaces were obtained. The correct alignment of 
these is fundamental in order to minimise the bending errors that affect substantially the readings of 
the displacements (Head, 1994). Finally, the samples were placed in the consolidation cell with a small 
load and submersed in water for nearly 24h and only after this period the load began to be applied.  
The loading scheme followed for all the tests involved 10 stages where the applied load was increased 
from 2 kPa to 24823 kPa and 4 additional stages where the sample was unloaded until a final value of 
2 kPa was reached. In addition, an unload-reload loop was performed in the test OED36.5 when the load 
reached 3532 kPa. In every increment the load was kept constant for a period of 24h and the frequency 
of the deformation readings varied accordingly, from seconds in the first few hours to minutes 
afterwards. 
 
Figure D.1 – Scheme of a conventional oedometer (modified from Head (1994))) 
 
 
APPENDIX D: OEDOMETER AND TRIAXIAL TESTS D 
 
 
 407 
 
D.3 ISOTROPIC COMPRESSION TESTS 
D.3.1 APPARATUS AND TEST PROCEDURES 
This type of tests differs from the oedometer compression as in this case there is no lateral restrictions 
imposed to the sample and an equal all around pressure is applied to the samples. Consequently, the 
interpretation of the isotropic compression test is based on the variation of the volumetric strain with 
the pressure applied in the cell, while in the oedometer test the relation is between the vertical strain, 
which is also the volumetric strain, and the vertical pressure. Another significant difference between 
the tests concerns the loading application. In the isotropic compression test the loads are usually applied 
slowly and consequently no excess pore pressure are generated, i.e. the test occurs in drained 
conditions, while in the oedometer test a load is applied at the beginning of each loading stage inducing 
an excess of pore pressure that is only dissipated with time. 
A total of 4 isotropic compression tests, 3 in the AE and one in the AP formations, on intact samples 
collected at the Ivens shaft site were performed at LG-DEC-UC in a conventional triaxial apparatus 
(Triax_1) designed at Imperial College for 38 mm diameter samples. A complete description of this 
apparatus, including the resolution of the instruments used and their calibration constants, is presented 
in section D.4 of this appendix. In the same section the sample preparation and the initial test 
procedures, saturation and consolidation, which are similar to those employed for the triaxial tests, are 
also presented and discussed in detail. 
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D.3.2 INDIVIDUAL ISOTROPIC COMPRESSION TESTS SHEETS 
 LABORATORY SHEET: ISOTROPIC COMPRESSION TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: I-AE-08.5 
 
  
Test date: 03 Dec 10 
Location: Quintão building backyard – Lisbon 
Borehole: B1 
Condition: Intact sample 
Lithology: “Areolas da Estefânia” formation (AE) 
Depth: 8.5 
Position on sampler: 
8.0        8.6 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 73.04  G :  2.65 
 
D0 (mm) : 38.40  W (kN/m3) : 20.6 
S0 (cm2) : 11.58  w0 (%) : 21.8 
V0 (cm3) : 84.58  wf (%):  20.0 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.95  
– Consolidation: type Isotropic  volumetric deformation (cm3) - 
 ’vo (kPa) 50  ’ho (kPa) 50  uo (kPa) 350  
– Shearing: drainage Drained  instrumentation Internal and external 
 type Isotropic compression  rate 6.5 kPa/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
- 
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 LABORATORY SHEET: ISOTROPIC COMPRESSION TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: I-AE-18.0 
 
  
Test date: 21 Oct 10 
Location: Quintão building backyard – Lisbon 
Borehole: B1 
Condition: Intact sample 
Lithology: “Areolas da Estefânia” formation (AE) 
Depth: 18.0 
Position on sampler: 
18.0        18.6 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 78.46  G :  2.68 
 
D0 (mm) : 38.01  W (kN/m3) : 19.3 
S0 (cm2) : 11.35  w0 (%) : 23.2 
V0 (cm3) : 89.03  wf (%):  27.9 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.97  
– Consolidation: type Isotropic  volumetric deformation (cm3) - 
 ’vo (kPa) 50  ’ho (kPa) 50  uo (kPa) 200  
– Shearing: drainage Drained  instrumentation Internal and external 
 type Isotropic compression  rate 15.0 kPa/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
- 
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 LABORATORY SHEET: ISOTROPIC COMPRESSION TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: I-AE-21.5 
 
  
Test date: 18 Jan 11 
Location: Quintão building backyard – Lisbon 
Borehole: B2 
Condition: Intact sample 
Lithology: “Areolas da Estefânia” formation (AE) 
Depth: 21.5 
Position on sampler: 
21.0        21.6 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 52.60  G :  2.66 
 
D0 (mm) : 38.25  W (kN/m3) : 19.8 
S0 (cm2) : 11.49  w0 (%) : 14.2 
V0 (cm3) : 60.43  wf (%):  19.1 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.95  
– Consolidation: type Isotropic  volumetric deformation (cm3) - 
 ’vo (kPa) 50  ’ho (kPa) 50  uo (kPa) 300  
– Shearing: drainage Drained  instrumentation Internal and external 
 type Isotropic compression  rate 15.0 kPa/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
The sample had a reduced height of 52.6mm and was also used for the performance of the bender element test  
 
BE-AE-21.5 
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 LABORATORY SHEET: ISOTROPIC COMPRESSION TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: I-AP-39.5 
 
  
Test date: 22 Nov 10 
Location: Quintão building backyard – Lisbon 
Borehole: B1 
Condition: Intact sample 
Lithology: “Argilas dos Prazeres” formation (AP) 
Depth: 39.5 
Position on sampler: 
39.2        39.5 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 76.85  G :  2.65 
 
D0 (mm) : 37.99  W (kN/m3) : 19.6 
S0 (cm2) : 11.34  w0 (%) : 22.0 
V0 (cm3) : 87.11  wf (%):  25.5 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.98  
– Consolidation: type Isotropic  volumetric deformation (cm3) - 
 ’vo (kPa) 50  ’ho (kPa) 50  uo (kPa) 150  
– Shearing: drainage Drained  instrumentation Internal and external 
 type Isotropic compression  rate 6.5 kPa/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
- 
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D.4 TRIAXIAL TESTS 
D.4.1 APPARATUS 
The triaxial and the isotropic compression tests were carried out at LG-DEC-UC in two similar apparatus, 
Triax_1 and Triax_2. This equipment is a hydraulic triaxial apparatus of the Bishop and Wesley (1975) 
type, which accommodates 38 mm diameter samples and has a maximum working pressure of around 
1000 kPa. A schematic and a general view of the apparatus and all instruments used can be visualized 
in Figure D.2. A cylindrical soil sample with a height-diameter ratio of 2:1 is enclosed in a latex 
membrane and its base and top are isolated from the cell using a top cap and o-rings. Porous stones are 
placed between the sample and the pedestal and between the sample and the top cap to allow uniform 
distribution of the pressure applied (Head, 1998). The sample is located in the centre of a cylindrical cell 
full of water under a specific pressure controlled by a computer. The pedestal can be moved through a 
piston upwards or downwards allowing the application of a vertical load, recorded by a load cell 
connected to the top cap, which is independent of the cell pressure applied on the lateral side of sample. 
Connections on the top and bottom end of the sample allow drainage, measured using a volume gauge, 
and the application of an internal pore pressure (also called back pressure), which can be constant or 
differential if different values are prescribed on both ends, enabling water flow inside the sample. 
The water pressure in the cell, back and ram (vertical load) lines is applied using air-water interfaces 
that are connected to three pressure controllers supplied with compressed air operating at a maximum 
pressure of approximately 750 kPa. These are controlled by a computer through a digital-analogue 
converter enabling the application of the desired pressure to each of the three lines independently. A 
fourth system, a stepper-motor driven pump (CSRP), controlled directly by the computer and connected 
to the ram line enables the application of a constant water flow to the axial pressure chamber and to 
the piston allowing strain controlled tests to be performed. Additionally, a GDS external controller, 
connected to the top cap, was used in some of the tests to prescribe a back pressure on the top of the 
sample in order to establish a pressure differential between the base and the top and consequently a 
water flow inside the sample. All the water pressure lines were centralised in a control board where the 
application of the pressure prescribed by the computer could be monitored and if correct applied to the 
samples through the several lines by just opening the appropriate valves. 
During the performance of the tests pressure transducers with a capacity of 1000 kPa were used to 
monitor the cell and the back pressures applied to the sample. The vertical load was measured using a 
5 kN load cell while the variation of water volume was recorded by a volume gauge of 50 cm3 capacity. 
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The axial deformations observed in the sample were also measured using external and internal devices. 
In the Triax_1 apparatus two electrolevel transducers, similar to that described by Jardine et al. (1984), 
were used to record the local axial displacements while in the other apparatus one mini LVDT (Cuccovillo 
& Coop, 1997) was used for the same purpose. The external displacements were measured using a 
standard displacement transducer (LVDT) with a maximum travel length of 25 mm.  
The software, Triax, used to control and monitor all the devices was developed by Toll (1990) at 
University of Durham. This program allows the definition of multiple testing stages with automatic 
changes of the stress paths and also permits the recording of the pressures applied in the sample as 
well as the displacements observed. 
   
 a) b) 
Figure D.2 – Hydraulic triaxial apparatus for 38 mm diameter samples a) schematic view (modified from 
Gasparre (2005)); b) general view of Triax_1 
D.4.2 CALIBRATION CONSTANTS 
The resolution and calibration constants of all the triaxial instruments employed in the apparatus are 
presented in Table D.1. As expected the fitting is almost perfect in every device and consequently no 
major errors due to the conversion of units are expected. 
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Table D.1 – Resolution and calibration constants of the triaxial instruments 
Apparatus Instrument Capacity Resolution Unit Gain Calibration factor R2 
Triax_1 
Load cell 5000 0.2 N V 2.4486 N/V 0.9997 
Cell pressure 1000 0.03 kPa V 48.208 kPa/V 1.0000 
Pore pressure 1000 0.03 kPa V -47.8 kPa/V 1.0000 
Axial displacement 25 0.0002 mm V -1201.1 mm/V 1.0000 
Internal electrolevel 1 ±5 0.0001 mm V -645648.0 mm/V 0.9993 
Internal electrolevel 2 ±5 0.0001 mm V -689024.0 mm/V 0.9981 
Volume gauge 50 0.001 cm3 V -675.62 cm3/V 0.9997 
Triax_2 
Load cell 5000 0.2 N V 2.7897 N/V 0.9999 
Cell pressure 1000 0.03 kPa V -57.132 kPa/V 1.0000 
Pore pressure 1000 0.03 kPa V 57.268 kPa/V 1.0000 
Axial displacement 25 0.0002 mm V -1507.4 mm/V 1.0000 
Internal LVDT ±5 0.00002 mm V 659020.0 mm/V 0.9998 
Volume gauge 50 0.001 cm3 V 838.27 cm3/V 0.9997 
D.4.3 SAMPLE PREPARATION AND SET-UP 
The sample preparation began with the extraction of the soil from the PVC tubes (Figure D.3a)), which 
was achieved by cutting the plastic tube with an electric saw at low rotations. This process was selected 
since it was observed that the extraction of the samples using an extruder caused some compaction of 
the soil and consequently introduced an additional disturbance. The PVC tubes were only cut to 90 to 
100 mm length in order to maximize the number of samples available for testing and at the same time 
to ensure a minimum decompression of the soil. 
   
 a) b) c) 
Figure D.3 – Sample preparation: a) PVC tube containing the samples; b) general view of a geological interface; 
c) detail of a sample with shells 
After removing the plastic tube it was possible to observe in some samples geological discontinuities 
with transitions between coarser and finer soils as shown in Figure D.3b). These samples were rejected 
for testing and were only used to evaluate the physical properties at that depth. In other samples some 
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white shells of different sizes were also found. In these cases it was decided to proceed with the test if 
the amount of shells was small and their position did not interfere significantly with the sample (Figure 
D.3c)). In the other cases the samples were rejected and only used to determine physical properties. 
Before testing the sample all the water pressure lines of the apparatus were drained to remove any air 
bubbles trapped in the system and tested to verify the nonexistence of leaks that could undermine the 
test. The porous stones were de-aired and boiled for approximately 10 minutes in order to remove the 
air and unclog the pores so that the water could pass freely. 
The set-up of the sample in the apparatus consisted of several steps and followed as accurately as 
possible the principles defined by the standard BS 1377-8 of 1990 and the recommendations proposed 
by Head (1998). The sample was first positioned in the pedestal of the cell with a porous stone at each 
end. The membrane and the top cap were then placed and secured with several o-rings that ensured 
the perfect isolation of the sample. These procedures were performed carefully to avoid damaging the 
sample but as quickly as possible to reduce the risks of collapse. The internal instrumentation was then 
glued onto the membrane and a suction cap was placed between the top cap and the load cell to enable 
the performance of extension tests and to minimise eventual bedding errors (Figure D.2). The cell was 
then filled with water and some initial effective stress, around 15 kPa, was applied in the sample to 
ensure its stability. 
D.4.4 SAMPLE SATURATION 
The first procedure after sealing the cell involved sample saturation so that all voids could be filled with 
de-aired water. Usually this process is performed by slowly increasing the cell and the back pressure by 
the same amount (20 kPa/h), maintaining an effective stress in the sample of about 15 kPa, until a pre-
established back pressure is reached. At that stage the B-value (equation D.1) is determined by 
increasing the cell pressure by approximately 50 kPa (r) and keeping closed the valve of the back 
pressure so that excess pore water pressure could be generated (u). The samples were considered 
saturated if a minimum value of B of 0.95 was obtained. However, this value was not achieved in some 
samples located above the water table and consequently new methods had to be employed to ensure 
sample saturation. One of the methods involved an increase of the back pressure so that the air 
remaining inside the sample could be compressed or removed. A second method used with success 
consisted of the application of a back pressure on the top of the sample lower than the pressure applied 
in the base creating a vertical ascendant flow that facilitated the removal of the air trapped inside the 
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sample. However, to ensure that no damage was caused to the structure of the sample the pressure 
differential was always kept below 10 kPa. 
 𝐵 =
∆𝑢
∆𝜎𝑟
 D.1 
D.4.5 CONSOLIDATION AND INITIAL STRESSES 
The samples were consolidated to an effective stress state similar to that estimated for the in-situ 
conditions. The vertical effective stress was determined based on the unit weight and depth of the layers 
above the sample while for the calculation of the horizontal effective stress an earth pressure coefficient 
at rest (K0) had to be assumed. Based on the results of the self boring pressuremeter tests a value of 
1.0, i.e. isotropic stress state, was adopted for the AE formation, since this was the average value in the 
range of vertical stresses estimated for the field conditions. For the AP formation a value 0.7 was 
assumed as standard also based on the results of the self boring pressuremeter. 
For the samples of the AE formation the consolidation process was simple and consisted of the 
application of the desired effective stress on the sample by the increase of the cell pressure while 
maintaining the back pressure constant and the drainage valve open so that the excess pore pressure 
generated could be easily dissipated. During this period the volumetric deformation of the sample was 
measured and only when its value stabilised for at least two hours was the consolidation process 
considered to be completed. The top cap and the load cell were only then connected using the suction 
cap. During this last procedure particular care was taken in order to maintain the effective stresses in 
the sample unchanged and isotropic. 
The procedure for the anisotropic samples was more complex and time demanding since during the 
consolidation both cell and ram line were used while the back pressure was kept unchanged. The 
process started with the connection of the top cap to the load cell using the suction cap to facilitate the 
procedure. This stage can be considered critical since a single error can result in the immediate 
application of a vertical stress to the sample, damaging it irreparably. After the connection was 
successfully established a vertical stress was applied to the sample so that the relation between this 
stress and the cell pressure was equal to the desired earth pressure coefficient at rest. The next stage 
consisted of slowly increasing both pressures, vertical and cell, maintaining the relation between them 
constant. During this process a rate of 10 kPa/h was employed to ensure that no high values of excess 
pore pressure were generated and the effective stress path followed the K0-line. After reaching the 
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desired stresses the sample was kept unchanged overnight to ensure the complete dissipation of the 
excess pore pressures. 
D.4.6 CALCULATIONS AND POSSIBLE SOURCES OF ERRORS 
D.4.6.1 Axial stress 
The axial stress can be determined by dividing the applied force, measured by the load cell, with the 
cross-sectional area of the sample. However, the sample dimensions are affected during shear and 
consequently it is necessary to update the current cross-sectional area according to equation D.2 
proposed by Bishop and Henkel (1962), where A0 is the initial area and V and a are the current 
volumetric and axial strains respectively. 
 𝐴 = 𝐴0 ∙
1 − 𝜀𝑉
1 − 𝜀𝑎
 D.2 
Another factor that might affect the results of the axial stress is related to the quality of the connection 
between the top cap and the load cell so that load eccentricity is not applied to the sample. The use of 
a suction cap facilitates the contact of the top cap with the load cell and ensures that there is a suction 
pressure between both parts that avoids major errors and prevents an eventual loss of response from 
the load cell in the case of extension tests. 
D.4.6.2 Axial strain 
The axial strains were determined using both the internal and external displacements, placed inside the 
cell on the sample and outside the cell on the apparatus. Generally, the results of the two internal 
electrolevels were in agreement with each other and presented a deformation slightly lower than 
measured by the external LVDT transducer at smaller strains. At higher values some significant 
differences were observed between the two electrolevels, probably associated with the excessive 
deformation of the sample. As a consequence it was assumed that the results of the electrolevels were 
only reliable at lower strains, usually below 1.5 %, and for higher values the results recorded with the 
external transducer were adopted. 
When determining the axial strain an uniform deformation of the sample was assumed which might not 
be totally correct, particularly in extension tests where the failure tends to became very concentrated 
in a specific zone, so called “necking” of the sample. The use of the internal instrumentation improved 
the quality of the data although it was not sufficient to completely eliminate the problem. 
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D.4.6.3 Volumetric and shear strain 
The volumetric strain, V, can be directly determined from the drained tests from the measurement 
recorded by the volume gauge, assuming the incompressibility of the soil particles and full saturation of 
the sample. The radial strain, in the absence of a radial strain belt, was calculated using equation D.3, 
while the shear strain applied to the sample was determined using equation D.4. 
The principal source of errors in the measurement of the volumetric strain is usually associated with 
eventual leaks in the volume gauge. Using the same device Correia (2011) detected a constant but small 
leak with time and presented a linear expression to correct the volumetric strain. However, due to the 
short duration of the tests performed in this research, with the shearing stage performed in less than 
one day, it was decided not to make any correction since the volume lost in one day was around 
0.025 cm3 which is a meaningless value in comparison with the values recorded during the test. 
 𝜀𝑟 =
𝜀𝑉 − 𝜀𝑎
2
 D.3 
 
𝜀𝑠 =
2
3
∙ (𝜀𝑎 − 𝜀𝑟) 
D.4 
D.4.6.4 Membrane restrain 
Several authors (Bishop & Henkel, 1962; Coelho, 2000) and even the standard BS 1377-8 of 1990 have 
proposed corrections for taking into account the restraining effects caused by the membrane during the 
shearing stage. Correia (2011) in his research determined the approximately linear relation between the 
force in the membrane and the axial strain given by equation D.5 for the same membranes used in the 
tests performed in this research. Using this relation and considering a maximum axial strain of 20 % a 
value of 5 N is obtained for the membrane restraint which again can be considered insignificant. 
 𝐹𝑚𝑒𝑚𝑏(𝑁) ≈ 0.25 ∙ 𝜀𝑎(%)  D.5 
D.4.6.5 Strain rate adopted 
As mentioned previously the adoption of strain rates for the tests was based on the sample particle 
composition and on the type of drainage during the shear. For undrained tests a rate of 1.0 %a/h was 
employed while for the drained tests values of 0.1, 0.2 and 0.4 %a/h were adopted depending on the 
particle size distribution. All values employed are considerably smaller than those recommended in the 
standard BS 1377-8 and by Head (1998) although higher than that adopted by Gasparre (2005) in a 
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similar study on a stiff clay. However, despite being considered an important factor (Gasparre, 2005; 
Hight et al., 2007), the stress rate dependency was not analysed in detail in this study and consequently 
it is not possible to determine completely its influence on the results obtained. 
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D.4.7 INDIVIDUAL TRIAXIAL TEST SHEETS 
 LABORATORY SHEET: TRIAXIAL TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: T-AE-DPC-I130 
 
  
Test date: 12 Set 10 
Location: Quintão building backyard – Lisbon 
Borehole: B2 
Condition: Intact sample 
Lithology: “Areolas da Estefânia” formation (AE) 
Depth: 8.0 
Position on sampler: 
7.5        8.1 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 77.30  G :  2.64 
 
D0 (mm) : 38.49  W (kN/m3) : 20.1 
S0 (cm2) : 11.64  w0 (%) : 19.8 
V0 (cm3) : 89.94  wf (%):  21.5 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.95  
– Consolidation: type Isotropic  volumetric deformation (cm3) - 
 ’vo (kPa) 130  ’ho (kPa) 130  uo (kPa) 500  
– Shearing: drainage Drained  instrumentation Internal and external 
 type Constant p’ with increase of q  rate 0.2 %a/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
Internal inclinometer 2 got loose during shear 
 
Failure surface intercepted the top porous disc 
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 LABORATORY SHEET: TRIAXIAL TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: T-AE-DPC-I300 
 
  
Test date: 03 Out 10 
Location: Quintão building backyard – Lisbon 
Borehole: B1 
Condition: Intact sample 
Lithology: “Areolas da Estefânia” formation (AE) 
Depth: 18.0 
Position on sampler: 
18.0        18.6 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 76.00  G :  2.68 
 
D0 (mm) : 37.99  W (kN/m3) : 18.8 
S0 (cm2) : 11.34  w0 (%) : 14.0 
V0 (cm3) : 86.19  wf (%):  23.1 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.95  
– Consolidation: type Isotropic  volumetric deformation (cm3) 2 
 ’vo (kPa) 300  ’ho (kPa) 300  uo (kPa) 300  
– Shearing: drainage Drained  instrumentation Internal and external 
 type Constant p’ with increase of q  rate 0.4 %a/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
Internal inclinometer 2 got loose during shear 
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 LABORATORY SHEET: TRIAXIAL TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: T-AE-DPC-I400 
 
  
Test date: 27 Dec 10 
Location: Quintão building backyard – Lisbon 
Borehole: B2 
Condition: Intact sample 
Lithology: “Areolas da Estefânia” formation (AE) 
Depth: 21.0 
Position on sampler: 
21.0        21.6 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 78.79  G :  2.66 
 
D0 (mm) : 38.26  W (kN/m3) : 19.7 
S0 (cm2) : 11.49  w0 (%) : 20.4 
V0 (cm3) : 90.56  wf (%):  23.5 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.95  
– Consolidation: type Isotropic  volumetric deformation (cm3) - 
 ’vo (kPa) 400  ’ho (kPa) 400  uo (kPa) 300  
– Shearing: drainage Drained  instrumentation Internal and external 
 type Constant p’ with increase of q  rate 0.4 %a/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
- 
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 LABORATORY SHEET: TRIAXIAL TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: T-AE-DPC-I300* 
 
  
Test date: 27 Aug 10 
Location: Quintão building backyard – Lisbon 
Borehole: B2 
Condition: Intact sample 
Lithology: “Areolas da Estefânia” formation (AE) 
Depth: 4.1 
Position on sampler: 
4.0        4.6 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 76.00  G :  2.65 
 
D0 (mm) : 38.00  W (kN/m3) : 18.9 
S0 (cm2) : 11.34  w0 (%) : 26.8 
V0 (cm3) : 86.19  wf (%):  31.1 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.97  
– Consolidation: type Isotropic  volumetric deformation (cm3) 2.63 
 ’vo (kPa) 300  ’ho (kPa) 300  uo (kPa) 400  
– Shearing: drainage Drained  instrumentation Internal and external 
 type Constant p’ with increase of q  rate 2.0 %a/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
- 
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 LABORATORY SHEET: TRIAXIAL TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: T-AE-DPE-I130 
 
  
Test date: 21 Set 10 
Location: Quintão building backyard – Lisbon 
Borehole: B2 
Condition: Intact sample 
Lithology: “Areolas da Estefânia” formation (AE) 
Depth: 7.8 
Position on sampler: 
7.5        8.1 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 77.21  G :  2.65 
 
D0 (mm) : 38.26  W (kN/m3) : 20.9 
S0 (cm2) : 11.10  w0 (%) : 19.5 
V0 (cm3) : 88.77  wf (%):  19.6 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.95  
– Consolidation: type Isotropic  volumetric deformation (cm3) 0.90 
 ’vo (kPa) 130  ’ho (kPa) 130  uo (kPa) 400  
– Shearing: drainage Drained  instrumentation Internal and external 
 type Constant p’ with decrease of q  rate 0.2 %a/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
Failure occurred near the bottom porous disc 
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 LABORATORY SHEET: TRIAXIAL TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: T-AE-DPE-I300 
 
  
Test date: 27 Set 10 
Location: Quintão building backyard – Lisbon 
Borehole: B2 
Condition: Intact sample 
Lithology: “Areolas da Estefânia” formation (AE) 
Depth: 18.6 
Position on sampler: 
18.0        18.6 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 77.58  G :  2.67 
 
D0 (mm) : 38.17  W (kN/m3) : 20.6 
S0 (cm2) : 11.44  w0 (%) : 17.8 
V0 (cm3) : 88.77  wf (%):  18.8 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.95  
– Consolidation: type Isotropic  volumetric deformation (cm3) 1.30 
 ’vo (kPa) 300  ’ho (kPa) 300  uo (kPa) 300  
– Shearing: drainage Drained  instrumentation Internal and external 
 type Constant p’ with decrease of q  rate 0.4 %a/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
The sample presented some soft orange shells 
 
Failure occurred near the top porous disc 
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 LABORATORY SHEET: TRIAXIAL TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: T-AE-DPE-I400 
 
  
Test date: 04 Nov 10 
Location: Quintão building backyard – Lisbon 
Borehole: B2 
Condition: Intact sample 
Lithology: “Areolas da Estefânia” formation (AE) 
Depth: 21.3 
Position on sampler: 
21.0        21.6 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 79.51  G :  2.68 
 
D0 (mm) : 37.85  W (kN/m3) : 20.5 
S0 (cm2) : 11.25  w0 (%) : 14.7 
V0 (cm3) : 89.44  wf (%):  17.6 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.95  
– Consolidation: type Isotropic  volumetric deformation (cm3) - 
 ’vo (kPa) 400  ’ho (kPa) 400  uo (kPa) 200  
– Shearing: drainage Drained  instrumentation Internal and external 
 type Constant p’ with decrease of q  rate 0.4 %a/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
The sample presented some hard shells 
 
Test stopped at an axial strain of 9 % since the load plate reached its limit 
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 LABORATORY SHEET: TRIAXIAL TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: T-AE-UCD-I130 
 
  
Test date: 29 Nov 10 
Location: Quintão building backyard – Lisbon 
Borehole: B1 
Condition: Intact sample 
Lithology: “Areolas da Estefânia” formation (AE) 
Depth: 8.6 
Position on sampler: 
8.0        8.6 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 73.11  G :  2.65 
 
D0 (mm) : 37.76  W (kN/m3) : 20.5 
S0 (cm2) : 11.20  w0 (%) : 20.6 
V0 (cm3) : 81.88  wf (%):  21.3 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.95  
– Consolidation: type Isotropic  volumetric deformation (cm3) - 
 ’vo (kPa) 130  ’ho (kPa) 130  uo (kPa) 500  
– Shearing: drainage Undrained  instrumentation Internal and external 
 type Compression with decrease of p’  rate 1.0 %a/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
- 
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 LABORATORY SHEET: TRIAXIAL TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: T-AE-UCD-I300 
 
  
Test date: 19 Out 10 
Location: Quintão building backyard – Lisbon 
Borehole: B1 
Condition: Intact sample 
Lithology: “Areolas da Estefânia” formation (AE) 
Depth: 18.5 
Position on sampler: 
18.0        18.6 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 78.74  G :  2.68 
 
D0 (mm) : 38.16  W (kN/m3) : 19.3 
S0 (cm2) : 11.44  w0 (%) : 24.9 
V0 (cm3) : 90.05  wf (%):  30.6 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.95  
– Consolidation: type Isotropic  volumetric deformation (cm3) 1.5 
 ’vo (kPa) 300  ’ho (kPa) 300  uo (kPa) 400  
– Shearing: drainage Undrained  instrumentation Internal and external 
 type Compression with decrease of p’  rate 1.0 %a/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
- 
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 LABORATORY SHEET: TRIAXIAL TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: T-AE-UED-I130 
 
  
Test date: 09 Set 10 
Location: Quintão building backyard – Lisbon 
Borehole: B2 
Condition: Intact sample 
Lithology: “Areolas da Estefânia” formation (AE) 
Depth: 6.2 
Position on sampler: 
6.0        6.6 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 77.11  G :  2.66 
 
D0 (mm) : 37.81  W (kN/m3) : 21.5 
S0 (cm2) : 11.23  w0 (%) : 18.0 
V0 (cm3) : 86.58  wf (%):  18.3 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.97  
– Consolidation: type Isotropic  volumetric deformation (cm3) 1.8 
 ’vo (kPa) 130  ’ho (kPa) 130  uo (kPa) 500  
– Shearing: drainage Undrained  instrumentation Internal and external 
 type Extension with decrease of p’  rate 1.0 %a/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
The sample presented several shells mixed with the soil 
 
Failure occurred near the top porous disc 
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 LABORATORY SHEET: TRIAXIAL TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: T-AE-UEI-I130 
 
  
Test date: 20 Set 10 
Location: Quintão building backyard – Lisbon 
Borehole: B1 
Condition: Intact sample 
Lithology: “Areolas da Estefânia” formation (AE) 
Depth: 8.0 
Position on sampler: 
8.0        8.6 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 73.86  G :  2.64 
 
D0 (mm) : 38.41  W (kN/m3) : 20.7 
S0 (cm2) : 11.59  w0 (%) : 21.2 
V0 (cm3) : 85.58  wf (%):  20.0 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.95  
– Consolidation: type Isotropic  volumetric deformation (cm3) 1.2 
 ’vo (kPa) 130  ’ho (kPa) 130  uo (kPa) 200  
– Shearing: drainage Undrained  instrumentation Internal and external 
 type Extension with increase of p’  rate 1.0 %a/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
Failure occurred near the top porous disc 
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 LABORATORY SHEET: TRIAXIAL TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: T-AE-UCL-I130 
 
  
Test date: 04 Set 10 
Location: Quintão building backyard – Lisbon 
Borehole: B2 
Condition: Intact sample 
Lithology: “Areolas da Estefânia” formation (AE) 
Depth: 6.4 
Position on sampler: 
6.0        6.6 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 80.30  G :  2.66 
 
D0 (mm) : 39.17  W (kN/m3) : 20.7 
S0 (cm2) : 12.05  w0 (%) : 17.2 
V0 (cm3) : 96.76  wf (%):  17.8 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.98  
– Consolidation: type Isotropic  volumetric deformation (cm3) 1.9 
 ’vo (kPa) 120  ’ho (kPa) 120  uo (kPa) 500  
– Shearing: drainage Undrained  instrumentation Internal and external 
 type Compression with increase of p’ (one U-R loop)  rate 1.0 %a/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
The sample presented several shells mixed with the soil 
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 LABORATORY SHEET: TRIAXIAL TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: T-AE-DCL-I130 
 
  
Test date: 20 Set 10 
Location: Quintão building backyard – Lisbon 
Borehole: B1 
Condition: Intact sample 
Lithology: “Areolas da Estefânia” formation (AE) 
Depth: 8.2 
Position on sampler: 
8.0        8.6 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 79.11  G :  2.65 
 
D0 (mm) : 38.20  W (kN/m3) : 20.6 
S0 (cm2) : 11.46  w0 (%) : 22.4 
V0 (cm3) : 90.67  wf (%):  20.4 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.97  
– Consolidation: type Isotropic  volumetric deformation (cm3) 1.5 
 ’vo (kPa) 300  ’ho (kPa) 300  uo (kPa) 300  
– Shearing: drainage Drained  instrumentation Internal and external 
 type Compression with increase of p’ (four U-R loop)  rate 0.2 %a/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
- 
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 LABORATORY SHEET: TRIAXIAL TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: T-AE-DCL-I300 
 
  
Test date: 09 Out 10 
Location: Quintão building backyard – Lisbon 
Borehole: B1 
Condition: Intact sample 
Lithology: “Areolas da Estefânia” formation (AE) 
Depth: 18.2 
Position on sampler: 
18.0        18.6 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 76.38  G :  2.68 
 
D0 (mm) : 38.11  W (kN/m3) : 19.2 
S0 (cm2) : 11.41  w0 (%) : 18.0 
V0 (cm3) : 87.14  wf (%):  25.8 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.95  
– Consolidation: type Isotropic  volumetric deformation (cm3) 1.5 
 ’vo (kPa) 300  ’ho (kPa) 300  uo (kPa) 300  
– Shearing: drainage Drained  instrumentation Internal and external 
 type Compression with increase of p’ (four U-R loop)  rate 0.4 %a/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
- 
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 LABORATORY SHEET: TRIAXIAL TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: T-AP-DPC-K480 
 
  
Test date: 01 Out 10 
Location: Quintão building backyard – Lisbon 
Borehole: B1 
Condition: Intact sample 
Lithology: “Argilas dos Prazeres” formation (AP) 
Depth: 40.4 
Position on sampler: 
39.8        40.4 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 82.18  G :  2.62 
 
D0 (mm) : 37.85  W (kN/m3) : 19.2 
S0 (cm2) : 11.25  w0 (%) : 25.5 
V0 (cm3) : 92.47  wf (%):  26.6 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.95  
– Consolidation: type Anisotropic (K0=0.7)  volumetric deformation (cm3) - 
 ’vo (kPa) 600  ’ho (kPa) 420  uo (kPa) 150  
– Shearing: drainage Drained  instrumentation Internal and external 
 type Constant p’ with increase of q  rate 0.2 %a/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
Internal inclinometer 2 got loose during shear 
 
Test stopped at a strain of 4% due to excessive deformation of the sample 
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 LABORATORY SHEET: TRIAXIAL TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: T-AP-DPC-I480* 
 
  
Test date: 17 Jan 11 
Location: Quintão building backyard – Lisbon 
Borehole: B2 
Condition: Intact sample 
Lithology: “Argilas dos Prazeres” formation (AP) 
Depth: 38.7 
Position on sampler: 
38.5        38.8 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 80.60  G :  2.62 
 
D0 (mm) : 38.44  W (kN/m3) : 18.7 
S0 (cm2) : 11.60  w0 (%) : 17.0 
V0 (cm3) : 93.51  wf (%):  25.5 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.95  
– Consolidation: type Isotropic  volumetric deformation (cm3) 2.1 
 ’vo (kPa) 480  ’ho (kPa) 480  uo (kPa) 300  
– Shearing: drainage Drained  instrumentation Internal and external 
 type Constant p’ with increase of q  rate 0.2 %a/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
Failure occurred due to a sudden lost of pressure in the cell 
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 LABORATORY SHEET: TRIAXIAL TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: T-AP-DPC-I480 
 
  
Test date: 10 Jan 11 
Location: Quintão building backyard – Lisbon 
Borehole: B2 
Condition: Intact sample 
Lithology: “Argilas dos Prazeres” formation (AP) 
Depth: 36.3 
Position on sampler: 
36.0        36.6 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 79.32  G :  2.70 
 
D0 (mm) : 37.15  W (kN/m3) : 21.2 
S0 (cm2) : 10.84  w0 (%) : 20.6 
V0 (cm3) : 85.99  wf (%):  18.9 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.96  
– Consolidation: type Isotropic  volumetric deformation (cm3) 3.1 
 ’vo (kPa) 480  ’ho (kPa) 480  uo (kPa) 300  
– Shearing: drainage Drained  instrumentation Internal and external 
 type Constant p’ with increase of q  rate 0.2 %a/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
Internal inclinometer 2 got loose during shear 
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 LABORATORY SHEET: TRIAXIAL TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: T-AP-DCD-K480 
 
  
Test date: 08 Nov 10 
Location: Quintão building backyard – Lisbon 
Borehole: B1 
Condition: Intact sample 
Lithology: “Argilas dos Prazeres” formation (AP) 
Depth: 39.9 
Position on sampler: 
39.8        40.4 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 77.23  G :  2.65 
 
D0 (mm) : 38.04  W (kN/m3) : 19.9 
S0 (cm2) : 11.37  w0 (%) : 24.0 
V0 (cm3) : 87.77  wf (%):  25.5 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.95  
– Consolidation: type Anisotropic (K0=0.7)  volumetric deformation (cm3) - 
 ’vo (kPa) 600  ’ho (kPa) 420  uo (kPa) 150  
– Shearing: drainage Drained  instrumentation Internal and external 
 type Compression with decrease of p’  rate 0.2 %a/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
- 
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 LABORATORY SHEET: TRIAXIAL TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: T-AP-UCD-K480 
 
  
Test date: 19 Nov 10 
Location: Quintão building backyard – Lisbon 
Borehole: B2 
Condition: Intact sample 
Lithology: “Argilas dos Prazeres” formation (AP) 
Depth: 38.8 
Position on sampler: 
38.7        38.9 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 69.78  G :  2.57 
 
D0 (mm) : 38.14  W (kN/m3) : 19.2 
S0 (cm2) : 11.43  w0 (%) : 15.9 
V0 (cm3) : 79.73  wf (%):  25.2 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.95  
– Consolidation: type Anisotropic (K0=0.7)  volumetric deformation (cm3) - 
 ’vo (kPa) 600  ’ho (kPa) 420  uo (kPa) 150  
– Shearing: drainage Undrained  instrumentation Internal and external 
 type Compression with decrease of p’  rate 1.0 %a/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
The sample presented several shells mixed with the soil 
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 LABORATORY SHEET: TRIAXIAL TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: T-AP-UCI-K480 
 
  
Test date: 16 Nov 10 
Location: Quintão building backyard – Lisbon 
Borehole: B2 
Condition: Intact sample 
Lithology: “Argilas dos Prazeres” formation (AP) 
Depth: 37.7 
Position on sampler: 
37.7        37.9 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 72.37  G :  2.67 
 
D0 (mm) : 38.27  W (kN/m3) : 18.9 
S0 (cm2) : 11.50  w0 (%) : 7.5 
V0 (cm3) : 83.24  wf (%):  19.9 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.96  
– Consolidation: type Anisotropic (K0=0.7)  volumetric deformation (cm3) - 
 ’vo (kPa) 600  ’ho (kPa) 420  uo (kPa) 150  
– Shearing: drainage Undrained  instrumentation Internal and external 
 type Compression with increase of p’  rate 1.0 %a/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
- 
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 LABORATORY SHEET: TRIAXIAL TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: T-AP-UCL-K480 
 
  
Test date: 28 Oct 10 
Location: Quintão building backyard – Lisbon 
Borehole: B1 
Condition: Intact sample 
Lithology: “Argilas dos Prazeres” formation (AP) 
Depth: 40.2 
Position on sampler: 
39.8        40.4 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 79.22  G :  2.57 
 
D0 (mm) : 38.30  W (kN/m3) : 19.0 
S0 (cm2) : 11.52  w0 (%) : 26.5 
V0 (cm3) : 91.28  wf (%):  31.0 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.95  
– Consolidation: type Anisotropic (K0=0.7)  volumetric deformation (cm3) - 
 ’vo (kPa) 600  ’ho (kPa) 420  uo (kPa) 150  
– Shearing: drainage Undrained  instrumentation Internal and external 
 type Compression with increase of p’ (two U-R loop)  rate 1.0 %a/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
- 
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APPENDIX E 
BENDER ELEMENTS 
E.1 INTRODUCTION 
This appendix contains a brief description of the bender element test, including its methodology and 
limitations. Subsequently, the apparatus employed in the tests and the procedures adopted during the 
sample preparation are described. Finally, the individual laboratory sheets of the bender elements tests 
performed in the Miocene formations of Lisbon on samples collected at the Ivens shaft site are 
displayed. These sheets contain all the information regarding the initial and final conditions of the 
samples tested as well as the principal results obtained. 
E.2 BENDER ELEMENTS 
The BE were first introduced by Shirley and Hampton (1977), but it was only after the study published 
by Dyvik and Madshus (1985) that the method became popular and widespread due to its simplicity, 
reliability and reduced cost in comparison with other techniques available. Another advantage of the 
BE is its versatility which allows the system to be used in several of the geotechnical laboratory 
apparatus (Viana da Fonseca et al., 2009), although its more commonly coupled with triaxial cells.  
A bender element consists of two piezoelectric ceramic plates, sandwiched by electrodes, which can be 
polarised in parallel or series depending on whether the electrodes are wired in the same or opposite 
directions. Usually the transmitter is manufactured in parallel connection since this configuration allows 
the generation of twice the displacement for the same voltage while the receiver is wired in series since 
it is recognised that the sensitivity of the output is amplified with this set-up (Lee & Santamarina, 2005; 
Leong et al., 2006). In order to prevent the modification of their electric properties in the presence of 
water the BE are usually insulated with a coating of epoxy resin. 
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When a voltage is applied to the transmitter it tends to vibrate generating a shear wave that is 
propagated through the soil until it is received by the receiver at the other end of the sample. By 
recording with an oscilloscope the input and the output signals it is possible to determine the travel 
time (tarr) and consequently the velocity of the shear wave (Vs) using equation 3.1 (see in Chapter 3). 
The shear modulus of the soil can then be calculated directly employing equation 2.2 presented in 
Chapter 2. 
Depending on the directions of polarisation and propagation of the wave it is possible to measure 
different shear modulus (i. e. modulus in the vertical plan). The typical configuration for triaxial tests 
consists of the location of BE embedded in the top and bottom of the sample and consequently the 
direction of propagation is vertical and the polarisation horizontal leading to the determination of the 
Gvh shear modulus. A different set up was presented by Pennington (1999) in which the BE were 
embedded horizontally in the sample allowing the calculation of Ghh and Ghv by polarising the waves 
horizontally and vertically, respectively. Since then several authors have studied the cross-anisotropy of 
soil samples based on the results of the different shear moduli obtained with BE’s (Kuwano, 1999; 
Gasparre, 2005; Alvarado, 2007). More recently, a new configuration of bender-extender elements as 
been developed, capable of also transmitting compression waves and consequently enabling the 
evaluation of the compression velocity and of the constrained modulus (Leong et al., 2009). 
However, despite its simplicity, the determination of the shear modulus from the bender elements 
involves some subjectivity. Based on the study presented by Viggiani and Atkinson (1995a) it is generally 
accepted that the travel length corresponds to the tip-to-tip distance between bender elements, 
although Rio (2006) suggested the use of a distance measured from a third of the protrusion length. 
However, the main source of uncertainty is related to the determination of the travel time (tarr). The 
attenuation associated with the distortion observed in the output signal masks the arrival of the shear 
wave, making difficult the correct interpretation of the results. Phenomena such as near fields effects 
(Sánchez-Salinero et al., 1986), wave interference at rigid boundaries (Arulnathan et al., 1998), sample 
geometry (Rio, 2006), transducer resonance and overshooting (Lee & Santamarina, 2005), among other 
factors have been investigated and identified as possible sources of distortion. Several measures have 
been suggested to reduce their impact (Viggiani & Atkinson, 1995a; Jovicic et al., 1996; Arulnathan et 
al., 1998) and factors such as electrical noise can be significantly minimised if short cables with shielding 
and grounding are employed (Theron et al., 2004; Lee & Santamarina, 2005). Filtering the signal may 
also facilitate the interpretation, although this should be used with extreme caution since it can remove 
part of the frequency spectrum that contains important information (Alvarado, 2007). 
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E.3 APPARATUS AND TEST PROCEDURES 
The bender elements were installed in the triaxial apparatus Triax_2 by replacing the pedestal and the 
top cap for equivalent pieces that were modified at Imperial College to incorporate the bender elements 
(Figure E.1a)). Beside the electrical connections required in order to transmit and receive the signals no 
other modifications were necessary. The transmitter was wired in parallel in order to amplify the wave 
propagation and was built into the top cap while the receiver was incorporated in the pedestal and 
wired in series to increase its sensitivity to receive the input signal.  
A TTi TG1010 function generator was used to generate the input signal, a single sine pulse. Both input 
and output signals were recorded by a Tektronix TDS220 digital storage oscilloscope and then 
transferred to a computer for interpretation. An analogue filter, incorporated in the oscilloscope, was 
employed to remove the high frequencies, above 150 kHz, that were generated due to electrical and 
background noises. The filtering attenuated the distortions observed although the major improvement 
in the quality of the signals was obtained when the connection cables were replaced, after 3 tests had 
already been performed, by new shorter cables and with thicker shielding. The commercial software, 
WaveStarTM, was used to capture the data in digital format, although the interpretation of the results 
and the determination of the arrival time, for both time and frequency domain methods, was performed 
using an Excel spreadsheet developed initially by Alvarado (2007) and later modified by the author. 
Before the beginning of the tests the entire system was checked to verify that the equipment was 
working properly. One of the tests performed consisted of the determination of the time lag of the 
system. For this purpose the transmitter was placed in direct contact with the receiver and a sine pulse 
was triggered. For the several frequencies tested a time lag of less than 8 s was observed when the 
bender elements were perfectly aligned (0º) or had a reversed polarisation (180º) (Figure E.1b)). With 
the same test it was also possible to evaluate the influence of the alignment of the bender elements in 
the output signal. For angles higher than approximately 30º a loss of more than 50 % and a significant 
increase of the distortion was recorded in comparison with the 0º case. To minimise this additional 
source of error new techniques were developed and employed in the preparation and set-up of the 
samples. 
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Figure E.1 – a) general view of the bender elements system; b) evaluation of the time lag of the bender element 
system 
The sample preparation was identical to that performed for the triaxial and isotropic compression tests 
(see Appendix D). The only difference was in the last stage of the preparation where a groove with 
dimensions slightly larger than the bender elements was carved in the top and bottom ends of the 
samples. A perfect contact between the soil and the bender elements was ensured by a filler, created 
by mixing the trimmings of the sample, water and a small amount of cement to improve the adhesion, 
which was placed in the groove.  
The preparation of the Limestone sample tested was much more complex since it was necessary to 
reduce the rock core retrieved from the Ivens shat site to the required dimensions of 38x76 mm. After 
several failed attempts to drill out the required sample size from a bigger core it was decided to cut the 
core into a prism with an electrical saw and then polish the edges to make them round. Despite the 
disturbance caused by the entire preparation process, it was still decided to perform the test since the 
final sample obtained had almost the right dimensions and shape. 
The test procedures were similar to those adopted for the isotropic compression tests, with the stress 
in the cell increasing while the drainage line was open and with a constant back pressure applied. The 
bender element tests were executed at the relevant mean stress levels of each formation and usually 
at a multiple of 50 kPa. At each of the selected p’ values the increase of pressure was halted until all 
excess pore water pressure generated was dissipated and only then the bender element test was 
performed.  
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E.4 LABORATORY SHEETS 
 LABORATORY SHEET: BENDER ELEMENTS TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: BE-AE-07.7 
 
  
Test date: 31 Dec 10 
Location: Quintão building backyard – Lisbon 
Borehole: B1 
Condition: Intact sample 
Lithology: “Areolas da Estefânia” formation (AE) 
Depth: 7.7 
Position on sampler: 
7.5        8.1 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 79.24  G :  2.66 
 
D0 (mm) : 38.72  W (kN/m3) : 21.1 
S0 (cm2) : 11.77  w0 (%) : 18.7 
V0 (cm3) : 93.31  wf (%):  18.6 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.95  
– Consolidation: type Isotropic  volumetric deformation (cm3) - 
 ’vo (kPa) 50  ’ho (kPa) 50  uo (kPa) 300  
– Shearing: drainage Drained  instrumentation Internal and external 
 type Isotropic compression  rate 6.5 kPa/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
- 
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 LABORATORY SHEET: BENDER ELEMENTS TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: BE-AE-18.3 
 
  
Test date: 05 Jan 11 
Location: Quintão building backyard – Lisbon 
Borehole: B1 
Condition: Intact sample 
Lithology: “Areolas da Estefânia” formation (AE) 
Depth: 18.3 
Position on sampler: 
18.0        18.6 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 79.63  G :  2.68 
 
D0 (mm) : 38.43  W (kN/m3) : 19.0 
S0 (cm2) : 11.60  w0 (%) : 19.5 
V0 (cm3) : 92.36  wf (%):  24.7 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.95  
– Consolidation: type Isotropic  volumetric deformation (cm3) - 
 ’vo (kPa) 50  ’ho (kPa) 50  uo (kPa) 300  
– Shearing: drainage Drained  instrumentation Internal and external 
 type Isotropic compression  rate 6.5 kPa/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
- 
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 LABORATORY SHEET: BENDER ELEMENTS TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: BE-AE-21.5 
 
  
Test date: 18 Jan 11 
Location: Quintão building backyard – Lisbon 
Borehole: B2 
Condition: Intact sample 
Lithology: “Areolas da Estefânia” formation (AE) 
Depth: 21.5 
Position on sampler: 
21.0        21.6 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 52.60  G :  2.66 
 
D0 (mm) : 38.25  W (kN/m3) : 19.8 
S0 (cm2) : 11.49  w0 (%) : 14.2 
V0 (cm3) : 60.43  wf (%):  19.1 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.95  
– Consolidation: type Isotropic  volumetric deformation (cm3) - 
 ’vo (kPa) 50  ’ho (kPa) 50  uo (kPa) 300  
– Shearing: drainage Drained  instrumentation Internal and external 
 type Isotropic compression  rate 15.0 kPa/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
The sample had a reduced height of 52.6mm and was also used for the performance of the isotropic compression test  
 
I-AE-21.5 
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 LABORATORY SHEET: BENDER ELEMENTS TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: BE-AP-36.5 
 
  
Test date: 09 Jan 11 
Location: Quintão building backyard – Lisbon 
Borehole: B2 
Condition: Intact sample 
Lithology: “Argilas dos Prazeres” formation (AP) 
Depth: 36.5 
Position on sampler: 
36.0        36.6 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 79.02  G :  2.70 
 
D0 (mm) : 38.16  W (kN/m3) : 21.5 
S0 (cm2) : 11.44  w0 (%) : 17.4 
V0 (cm3) : 90.37  wf (%):  17.3 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.95  
– Consolidation: type Anisotropic  volumetric deformation (cm3) - 
 ’vo (kPa) 100  ’ho (kPa) 70  uo (kPa) 300  
– Shearing: drainage Drained  instrumentation Internal and external 
 type Isotropic compression  rate 6.5 kPa/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
- 
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 LABORATORY SHEET: BENDER ELEMENTS TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: BE-AP-36.2 
 
  
Test date: 17 Jan 11 
Location: Quintão building backyard – Lisbon 
Borehole: B2 
Condition: Intact sample 
Lithology: “Argilas dos Prazeres” formation (AP) 
Depth: 36.2 
Position on sampler: 
36.0        36.6 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 74.35  G :  2.70 
 
D0 (mm) : 38.88  W (kN/m3) : 20.8 
S0 (cm2) : 11.87  w0 (%) : 22.6 
V0 (cm3) : 88.27  wf (%):  21.0 Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value 0.95  
– Consolidation: type Isotropic  volumetric deformation (cm3) - 
 ’vo (kPa) 100  ’ho (kPa) 100  uo (kPa) 300  
– Shearing: drainage Drained  instrumentation Internal and external 
 type Isotropic compression  rate 6.5 kPa/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
- 
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 LABORATORY SHEET: BENDER ELEMENTS TEST  
 GENERAL INFORMATION PHOTOS  
 
Name: BE-LI-12.5 
 
  
Test date: 21 Jan 11 
Location: Quintão building backyard – Lisbon 
Borehole: B1 
Condition: Disturbed sample 
Lithology: Limestone layer 
Depth: 12.5 
Position on sampler: 
12.0        12.5 
 
 SAMPLE CHARACTERISTICS 
 
H0 (mm) : 69.58  G :  - 
 
D0 (mm) : 36.92  W (kN/m3) : 19.3 
S0 (cm2) : 10.71  w0 (%) : - 
V0 (cm3) : 74.49  wf (%):  - Beginning of the test End of the test 
    
 
TRIAXIAL PROCEDURES 
 
– Saturation: B-value -  
– Consolidation: type Isotropic  volumetric deformation (cm3) - 
 ’vo (kPa) 200  ’ho (kPa) 200  uo (kPa) -  
– Shearing: drainage Drained  instrumentation External 
 type Isotropic compression  rate 15 kPa/h 
 
 GRAPHS  
 
 
 
 OBSERVATIONS  
 
- 
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APPENDIX F 
RESULTS OF THE CALIBRATION AND VALIDATION OF THE 
PARAMETERS OF THE MIOCENE FORMATIONS 
F.1 INTRODUCTION 
This appendix contains the results of the calibration and validation of the small strain stiffness 
parameters of the “Areolas da Estefânia” (AE) and “Argilas e Calcários dos Prazeres” (AP) formations. In 
the first section of the Appendix the sets of small strain stiffness parameters established using the 6 
different calibration scenarios discussed in Chapter 4 will be presented and their fitting illustrated 
against the stiffness degradation curves of the triaxial and isotropic compression tests. Then, the 
performance of the sets of parameters adopted, T and IS-A4, will be assessed using numerical models. 
The triaxial and isotropic compression tests will be reproduced numerically and their results compared 
with the laboratorial data. Finally, the results of the numerical simulation of the self-boring 
pressuremeter tests will also be presented.  
F.2 CALIBRATION RESULTS 
F.2.1 METHODOLOGY AND SETS OF PARAMETERS 
The model selected to reproduce the stiffness of both formations was the Imperial College Generalised 
Small Stain Stiffness Model, already described in Chapter 4 of this thesis. The fitting was performed 
using the genetic algorithm program, NT.CFit v3.5 (Taborda, 2012), which enables the automatic search 
of the best of set of parameters for a given constitutive model. Due to the nature of the genetic 
algorithms the final solution might be dependent of the initial conditions and consequently a number 
of simulations are required in order to define the most representative set of parameters. In the present 
study a minimum of 50 analyses was carried out for each set of data and the final parameters adopted 
were defined as being the average value of all the simulations performed. In the large majority of the 
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cases studied the influence of the initial conditions on the average values of each parameter could be 
considered practically inexistent, lower than 0.5 %, after the performance of 20 to 30 analyses. 
The parameters calibrated for all the scenarios tested in each Miocene formation are presented in Table 
F.1, definition of the maximum values of the shear and bulk moduli, and Table F.2, stiffness degradation 
curves. The results of the fitting obtained with all sets of parameters are displayed in the following 
sections.  
Table F.1 – Set of parameters for the definition of Gmax and Kmax 
Formation Scenario G0 (kPa) K0 (kPa) mG mK p’ref (kPa) 
AE 
T 72450.0 70604.0 
0.509 0.509 100.0 
IS 311535.0 303597.0 
APT 
T 66750.0 61372.0 
0.671 0.671 100.0 
IS 287025.0 263900.0 
APB 
T 66750.0 61372.0 
0.671 0.671 100.0 
IS 287025.0 263900.0 
 
Table F.2 – Set of parameters for shear and bulk stiffness degradation curves 
Formation Scenario 
Shear stiffness degradation Bulk stiffness degradation 
a0 a1 a2 b RG,min Gmin r0 r1 r2 s RK,min Kmin 
AE 
T 2.80E-8 4.24E-5 1.193 0.690 0.001 5 MPa 1.16E-7 2.73E-4 1.684 0.505 0.020 10 MPa 
IS-A1 7.30E-10 7.38E-7 1.151 0.497 0.001 5 MPa 4.48E-13 4.95E-9 1.951 0.198 0.0010 10 MPa 
IS-A2 2.42E-8 4.35E-5 1.200 0.666 0.001 5 MPa 1.01E-8 2.62E-4 1.699 0.487 0.020 10 MPa 
IS-A3 1.54E-9 1.41E-6 0.899 0.532 0.001 5 MPa 9.43E-10 3.23E-6 0.812 0.471 0.020 10 MPa 
IS-A4 2.43E-8 1.30E-5 0.746 0.778 0.001 5 MPa 5.77E-9 2.15E-5 0.736 0.679 0.020 10 MPa 
IS-A5 2.37E-8 1.78E-5 0.855 0.733 0.001 5 MPa 8.73E-9 3.29E-5 0.960 0.603 0.020 10 MPa 
APT 
T 6.68E-6 - - 0.390 0.001 5 MPa 5.29E-4 - - 0.495 0.010 10 MPa 
IS-A1 2.83E-8 - - 0.341 0.001 5 MPa 1.06E-6 - - 0.329 0.001 10 MPa 
IS-A2 6.68E-6 - - 0.390 0.001 5 MPa 5.29E-4 - - 0.495 0.010 10 MPa 
IS-A3 2.48E-7 - - 0.427 0.001 5 MPa 1.87E-6 - - 0.374 0.009 10 MPa 
IS-A4 2.15E-6 - - 0.530 0.001 5 MPa 4.71E-5 - - 0.757 0.020 10 MPa 
IS-A5 3.08E-6 - - 0.496 0.001 5 MPa 8.14E-5 - - 0.655 0.012 10 MPa 
APB 
T 3.60E-5 - - 0.438 0.020 5 MPa 5.29E-4 - - 0.495 0.010 10 MPa 
IS-A1 7.08E-7 - - 0.484 0.017 5 MPa 1.06E-6 - - 0.329 0.001 10 MPa 
IS-A2 3.60E-5 - - 0.438 0.020 5 MPa 5.29E-4 - - 0.495 0.010 10 MPa 
IS-A3 2.10E-6 - - 0.600 0.020 5 MPa 1.87E-6 - - 0.374 0.009 10 MPa 
IS-A4 1.83E-5 - - 0.851 0.020 5 MPa 4.71E-5 - - 0.757 0.020 10 MPa 
IS-A5 1.88E-5 - - 0.649 0.011 5 MPa 8.14E-5 - - 0.655 0.012 10 MPa 
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F.2.1.1 Calibration of the “Areolas da Estefânia” formation (AE) 
 
 
 
 a) b) 
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(cont.) 
 
 
 
 a) b) 
Figure F.1 – Results of the calibration of the a) shear and b) bulk stiffness obtained by the 6 different scenarios 
tested in the “Areolas da Estefânia” (AE) formation 
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F.2.1.2 Calibration of the “Argilas e Calcários dos Prazeres” formation (AP) 
 
 
 
 a) b) 
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(cont.) 
 
 
 
 a) b) 
Figure F.2 – Results of the calibration of the a) shear and b) bulk stiffness obtained by the 6 different scenarios 
tested in the “Argilas e Calcários dos Prazeres” (AP) formation 
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F.3 VALIDATION TESTS 
F.3.1 SIMULATION OF THE TRIAXIAL TESTS 
The principal results of the numerical simulation using the T and IS-A4 scenarios of the 14 and 7 triaxial 
tests performed on the AE and AP formations, respectively, are displayed in the following sections. 
F.3.1.1  “Areolas da Estefânia” formation (AE) 
 
 
 
 
 a) b) c) d) 
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(cont.) 
 
 
 
 
 
 a) b) c) d) 
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(cont.) 
 
 
 
 
 
 a) b) c) d) 
Figure F.3 – Results of the numerical simulation of the triaxial tests performed in the “Areolas da Estefânia” (AE) 
formation: a) stress path; b) stress-strain curve; c) evolution of the volumetric strains/pore water pressures; d) 
stiffness degradation curves 
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F.3.1.2  “Argilas e Calcários dos Prazeres” formation (AP) 
 
 
 
 
 
 a) b) c) d) 
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(cont.) 
 
 
 a) b) c) d) 
Figure F.4 – Results of the numerical simulation of the triaxial tests performed in the “Argilas e Calcários dos 
Prazeres” (AP) formation: a) stress path; b) stress-strain curve; c) evolution of the volumetric strains/pore water 
pressures; d) stiffness degradation curves 
F.3.2 SIMULATION OF THE ISOTROPIC COMPRESSION TESTS 
The numerical simulation of the volumetric response of the 4 isotropic compression tests conducted in 
the Miocene formations (3 in AE and 1 in AP) using the T and IS-A4 scenarios is presented in Figure F.5. 
 
 a) b) c) d) 
Figure F.5 – Results of the numerical simulation of the isotropic compression tests performed in the Miocene 
formations: a) I-AE-08.5; b) I-AE-18.0; c) I-AE-21.5; d) I-AP-39.5 
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F.3.3 SIMULATION OF THE SELF-BORING PRESSUREMETER TESTS 
The numerical simulation using the T and IS-A4 scenarios of the stress-cavity strain curves of the 26 self-
boring pressuremeter tests performed in the AE (13) and AP (13) formations are displayed in the 
following sections. 
F.3.3.1 “Areolas da Estefânia” formation (AE) 
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(cont.) 
 
Figure F.6 – Results of the numerical simulation of the self-boring pressuremeter tests performed in the “Areolas 
da Estefânia” (AE) formation 
F.3.3.2 “Argilas e Calcários dos Prazeres” formation (AP) 
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(cont.) 
 
 
Figure F.7 – Results of the numerical simulation of the self-boring pressuremeter tests performed in the “Argilas 
e Calcários dos Prazeres” (AP) formation 
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APPENDIX G 
CURVES EMPLOYED IN THE RISK ASSESSMENT OF THE 
BUILDINGS 
G.1 INTRODUCTION 
This appendix contains the data used to derive the parameters required to assess the damage in the 
buildings caused by the excavation of the Ivens shaft. The settlement curves and the horizontal strains 
determined along the 10 alignments chosen are presented for all the 3D numerical analysis performed 
(RA – reference analysis; IC – initial conditions; CS – construction sequence; JG – without jet-grouting; 
LI – without Limestone; BS – zero stiffness of the buildings).  
G.2 SETTLEMENT AND HORIZONTAL STRAIN CURVES CONSIDERED 
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(cont.) 
 
 a) b) 
Figure G.1 – Results determined along the alignments: a) settlements b) horizontal strain 
